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Abstract

Concentrically braced frames (CBFs) have been one of the fundamental structural
systems for lateral force resistance chosen by designers for low-rise steel construction
since the early part of the twentieth century. CBFs designed using the building codes and
standards of the 1960s were designed using the principle that they remained in the
linearly elastic range. The current design philosophy of the 2010 National Building Code
of Canada (NBCC) and CSA-S16-09 is based on the principles of capacity design and
recognises the cyclic inelastic behaviour of CBFs. Since no detailing or design
requirements for an inelastic seismic response were included in structures designed with
past building codes. these structures are likely to exhibit seismic deficiencies, including
lack of lateral resistance and insufficient ductility. Guidelines for evaluating the
performance of CBFs are required in order to provide recommendations for seismic

evaluation and rehabilitation for such existing buildings for future building codes.
1

I'he behaviour of one-storey steel structures built with the 1965 National Building Code
of Canada (NRCC 1965) and CSA-S16-65 (CSA 1965) under current building code
standards for seismic design was studied in order to aid in establishing such guidelines.
The response of a series of sixteen one-storey buildings with varying aspect ratios and
heights was studied, subjected to ten artificial and ten historical earthquake ground
motions. The nonlinear seismic behaviour of the CBFs was determined using an
analytical OpenSees. Open System for Earthquake Engineering Simulation (OpenSees
2011). model for nonlinear time history dynamic analysis, including drift and ductility

demands on the braces.

I'he intended performance level in the design earthquakes, as well as the acceptance
criteria used in the braced frame analysis were established using FEMA P695 (FEMA
2009) criteria. In general. although acceptable performance was not achieved in all cases,

the one-storey steel structures built with the 1965 National Building Code of Canada. on

average. performed well, for the seven failure criteria outlined in this study.
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Résumé

Les cadres a contreventements concentriques (CCC) sont un des systémes fondamentaux
choisis par les concepteurs de batiments de faible hauteur en acier pour la résistance aux
charges latérales depuis le début du vingtieme siecle. Les CCC construit selon les codes
de batiments et standards des années 1960 ont été congus avec le principe qu’ils
demeurent dans la zone d’élasticité linéaire. La philosophie de conception en vigueur
dans le Code nationale de batiment 2010 et le CSA-S16-09 est basé sur le principe de
calcul par capacité et constate le comportement inélastique cyclique des CCC. Les
batiments congus avec ces anciens codes n’avaient aucune exigence de détaillage ou
conception particulier pour un comportement inélastique cyclique, donc il est probable
que ces structures démontrent des déficiences sismiques, incluant un manque de
résistance aux charges latérales et un manque de ductilité. Des principes pour "¢y aluation
de la performance des CCC sont requis pour fournir des recommandations pour
I"évaluation sismique et des exigences pour la réhabilitation de ces structures existantes

pour les futurs codes de batiment. ,

Le comportement de structures d’un étage congus avec le Code nationale de batiment
1965 (NRCC 1965) et le CSA-S16-65 (CSA 1965) selon les normes sismiques des codes
de batiment en vigueur a été étudier pour aider a établir ces recommandations. La
performance d’une série de seize batiments d'un étage avec des rapports d’aspect et
hauteurs variés a été étudiée, subie a dix enregistrements sismiques artificiels et
historiques. Le comportement non-linéaire sismique des CCC a été déterminé avec un
modele analytique OpenSees, Open System for Earthquake Engineering Simulation
(OpenSees 201 1), pour des analyses non-linéaires dynamiques temporelles, incluant les

demandes de déplacement et ductilité des contreventements.

Le niveau de performance visé avec les séismes de conception, et les critéres
d’acceptation dans I’analyse des cades contreventer a ét¢ €tablie avec FEMA P695
(FEMA 2009). Selon cette étude, en générale, méme si les critéres d’acceptation n’ont
pas été atteints dans tous les cas, les batiments d’un étage congu avec le Code nationale

de batiment 1965 ont, en moyenne, performer bien pour les sept critéres d’évaluation

soulignée dans cette étude.
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Chapter 1 — Introduction

1.1 Background

Concentrically braced frames (CBFs) are defined in the CSA §16-2009 Design of Steel
Structures Standard as “those in which the centre-lines of diagonal braces, beams and
columns are approximately concurrent with little or no joint eccentricity” (CSA S16
2009). CBFs have been one of the fundamental structural systems for lateral force
resistance chosen by designers for low-rise steel construction since the early part of the
twentieth century. They were often combined with the use of infilled masonry walls or
moment resisting frames to resist principally wind loads. Typical con figuration of braced
frames employed tension-only braces in either an X, as seen in Figure 1, or knee brace
construction. CBF buildings also include the use of a horizontal lateral force resisting
system consisting of a steel deck, considered as a flexible diaphragm. to transfer lateral
loads to the CBFs. With the introduction of seismic requirements in the building codes of
the 1960s they were often preferred over moment rcsi.\'li'ng frames as drift became an

important design consideration (Bruneau et al. 1998).

Figure 1- CBF building under construction
CBFs employ high elastic stiffness and resist lateral load based on axial action, with very
little bending or flexural action. The initial design philosophy of codes of the 1960s for

wind loads was that braces remained in the linearly elastic range. This principle was also
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applied for seismic design initially and buildings designed using earlier codes were not
detailed for inelastic seismic response. Later codes recognised the cyclic inelastic
behaviour of CBFs and lead to the introduction of the capacity design procedures and

detailing that are the basis of modern steel design (Bruneau et al. 1998).

I'he current 2010 National Building Code of Canada (NBCC) and CSA-S16-09 (CSA
2009) design philosophy is based on the principles of capacity design. This is where a
specific element in the lateral force resisting system is designed to dissipate energ)
through inelastic response under seismic loads. The other elements of the frame are
designed such that they are strong enough, while remaining elastic, so that the fuse
element can dissipate the required energy. This ensures a proper hierarchy for yielding
such that inelastic response is constrained to the specified element. In CBFs the element
designed to dissipate energy is the brace itself, which requires a certain level of ductility
to withstand the large deformations under the design earthquake. The NBCC prescribes
that the building be able to undergo such deformations while remaining intact to enable

evacuation, preventing major failure and loss of life. ,

This research will focus on the performance of CBFs designed using the codes of the
1960s where braces were designed using the principle that they remained in the linearly
elastic range. using the current design philosophy of the 2010 National Building Code of

(Canada (NBCC) and CSA-S16-09.

12 Goal of Research

This research was conducted in order to aid in establishing guidelines for evaluating the
performance of CBFs in one-storey steel structures built with the 1965 National Building
Code of Canada (NBCC) and CSA-S16-65 (CSA 1965) under current building code
standards for seismic design. These past codes incorporated no detailing or design
requirements for an inelastic seismic response and as such these structures are likely to

exhibit seismic deficiencies, including lack of lateral resistance and insufficient ductility.

The nonlinear seismic behaviour of the CBFs subjected to time history analysis is studied.

including the drift and ductility demands on the braces. Such research is required in order







to provide recommendations for seismic evaluation and rehabilitation requirements for

such existing buildings for future building codes.

13 Scope and Limitations

I'he response of a series of sixteen one-storey buildings with varying aspect ratios and
heights was studied, subjected to ten artificial and ten historical earthquake ground
motions. These structures were dimensioned and designed according to the 1965 National
Building Code of Canada and CSA S16-1965 Steel Structures for Buildings for the city of
Halifax. No ductility verifications were performed in the member selection and design, as
was consistent with steel design practise in the 1960s. The lateral force resisting system
consisted of CBFs along exterior walls with single angle bracing and considered the use
of a horizontal lateral force resisting system consisting of a steel deck as a flexible
diaphragm, to transfer lateral loads to the CBFs. The gravity load carrying system
considered in the 1965 design consisted of open web steel joists, supported on

cantilevered Gerber beams for the interior spans, with simply supported perimeter beams.

I'he study is limited to structures on soils of class C, as defined in the current NBCC
2010. Buildings considered were rectangular or square and symmetrical in plan with
uniform mass, stiffness, and strength. As such, in-plane torsional effects were not
considered in the design and analyses. The effect of non-structural components, including
cladding and interior partitions, on the dynamic response of the buildings being studied

was not considered in this report.

This report is complimentary to a study of similar scope by Caruso-Juliano (2012)
evaluating the performance of CBFs in one-storey steel structures built with the 1965
National Building Code of Canada (NBCC) and CSA-S16-65 (CSA 1965) for the cities of

Abbotsford and Montreal.

1.4  Overview of Report
This project report will begin with a literature review of the state of seismic design as
prescribed by the current National Building Code of Canada as well as a brief review of

past design practises and the history of Canadian codes and standards for seismic design.

[t will then describe the design procedure used to establish the braced bay geometry used

=
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in this study according to the CSA S16-1965 Steel Structures for Buildings Standard and
the 1965 National Building Code of Canada, as well as outline the different approach had
the design been done with the current CSA S816-2009 Design of Stec | Structures Standard
and the 2010 National Building Code of Canada. The selection of earthquake time-history
records will also be presented. as well as a brief overview of the development of the
analytical OpenSees, Open System for Earthquake Engineering Simulation (OpenSees
2011). model for nonlinear time history dynamic analysis. accounting for the roof
diaphragm flexibility and hysteretic behaviour of the braces. The intended performance
level in the design earthquakes will be discussed. as well as the acceptance criteria used in
the braced frame analysis. The results of the nonlinear analysis will then be presented and
discussed. The report will also include an analysis of an example building using a 3D
modelling program with dynamic modal analysis in order to compare the OpenSees
analysis to the verification approach that would be taken by a design engineer according
to the current NBCC 2010. The project report will end with conclusions on the

performance of CBFs in one-storey steel structures built with the 1965 National Building

\ ~ o~ . . ~ J . ~ e
Code of Canada under current building code standards for the city of Halifax.







Chapter 2 — Literature Review

2.1 History of Seismic Design in the NBCC

I'he National Building Code of Canada has evolved over the last 70 years as new research
has emerged and as design philosophy has changed. [his is especially evident in the area
of seismic design and in the evaluation of seismic hazard. As such, the evaluation of
seismic design force levels (represented by base shear) has differed with each publication

of the NBCC.

[he first seismic design provisions were based on the 1935 Uniform Building Code (UBC
1935) and published in the 1941 National Building Code of Canada (NRCC 1941). The
design lateral force was based on the weight of the building, W. and a seismic force
coefficient C. which varied from 0.02 to 0.05. to account for the bearing capacity of the

soil (NRCC 1941: Mitchell et al. 2010). Base shear, V. was defined as:
V=CW [2-1]

The 1953 National Building Code of Canada (NRCC 1953) saw the introduction of a
seismic zoning map. as presented in Figure 2, with four zones of varying seismic hazard.
based on historical earthquake data. Zone 0 did not require any specific seismic design,
zone 1 represented the base case for design lateral load, zone 2 required a multiplier of 2
on the design lateral load, and zone 3 required a multiplier of 4 on the design lateral load.
Ihe seismic force coefficient C; was also modified to be a function of the building’s
stiffness. based on its number of storeys above the “level i” under consideration. The
seismic weight, W;, was defined as the dead load plus 25% of the design snow load for
“level i”” under consideration (NRCC 1953: Mitchell et al. 2010). Force at “level 1", Fi,

was defined as:

Fi:CiWi I:-:
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Figure 2 - Seismic zoning map from the 1953 National building code of Canada (NRCC 1953)

In the 1960 National Building Code of Canada (NRCC 1960) seismic design
requirements were the same as the 1953 code; however, it’/introduced the need to account
for torsional effects without specifying a precise procedure (NRCC 1960: Mitchell et al.

2010).

[he 1965 National Building Code of Canada (NRCC 1965) used the same seismic zoning
map introduced in the 1953 code with the same multipliers on the design lateral load:
however it redefined them as the seismic regionalization factor, R. It also introduced a
factor to account for the type of lateral force resisting system, C, an importance factor. I,
to account for the intended use of the building, and a foundation factor, F, to account for
site soil conditions. The coefficient representing the building’s stiffness, based on the
number of storeys, was modified and redefined as the structural flexibility factor, S. The
design lateral load was specified as being linearly distributed to respective floor levels
based on height and weight. The code also introduced guidelines on accounting for

torsional effects (NRCC 1965; Mitchell et al. 2010). Base shear, V., was defined as:

V=RCIFSW [2-3]







he 1970 National Building Code of Canada (NRCC 1970) saw the modification of the
seismic zoning map. as presented in Figure 3. to include the evaluation of seismic hazard
based on a probabilistic approach for expected accelerations, rather than the historic
approach previously employed. Seismic hazard was based on expected accelerations
having a probability of exceedance of 0.01 (100-year return period). Four seismic zones
were maintained. although some cities were rezoned. The same seismic regionalization
factors. R. as developed in the 1953 code were maintained. The structural flexibility
factor. S. was renamed C and was modified to be a function of the building’s period
rather than its number of storeys. The factor accounting for type of construction, C, was
renamed K. The 1970 code also introduced a way to account for higher mode effects by
specifying a concentrated force. F.. as a portion of the lateral load to be applied at the top
of the building and a reduced overturning moment (NRCC 1970: Mitchell et al. 2010).

Base shear. V. was defined as:

V = 1/4R(KCIFW) [2-4]

Boundary accelerations expressedasa 4 r -
percentage of g for 100-year retum period. | ¥
L —

Zone 3 2 1 0
R 4 2 1 0

Figure 3 — Seismic zoning map from the 1970 National building code of Canada (NRCC 1970)
The 1975 National Building Code of Canada (NRCC 1975) used the same seismic zoning
map introduced in the 1970 code: however the seismic regionalization factor, R was

eliminated. Instead the horizontal design ground acceleration, A, was introduced for
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zones 0 through 3, and a seismic response factor. S. was introduced based on the
buildings period. The factors accounting for type of construction, K were modified from
the 1970 code to account for the effects of damping. ductility and energy absorption, and
a new foundation factor, F. to account for intermediate site soil conditions was
introduced. The code also modified the guidelines on accounting for torsional effects that
had been introduced in the 1965 code. Dynamic analysis, as an alternative method for
determining lateral loads, was also introduced in the 1975 code based on a scaled
response spectrum with 5% damping. Scaling was specified according to the horizontal
design ground acceleration for zones 0 through 3. A structural ductility factor,p, was
specified for calibrating the response spectrum. The response spectra of buildings with
shorter periods were divided by i/2u — 1, whereas those with longer periods were

divided by p (NRCC 1975; Mitchell et al. 2010). Base shear, V, was defined as:
V=ASKIFW [2-5]

I'he 1977 National Building Code of Canada (NRCC 1977) used the same seismic zoning
!

map and design lateral force procedure introduced in the 1975 code. The provisions for

dynamic analysis were modified to include a minimum base shear of 90% of the value

calculated using the static procedure. This was introduced to have greater compatibility of

the probability of exceedance between the static and dynamic analysis methods (NRCC

1977: Mitchell et al. 2010).

he 1980 National Building Code of Canada (NRCC 1980) used the same seismic zoning
map and design lateral force procedure as the 1975/1977 code. The seismic response
factor. S. based on the buildings period was modified. The code also included guidelines
on calculating the eccentricity to account for torsional effects (NRCC 1980: Mitchell et

al. 2010).

The 1985 National Building Code of Canada (NRCC 1985) saw the modification of the
seismic zoning map, as presented in Figure 4, to include the evaluation of seismic hazard
based on a new point source model with a probability of exceedance of 10% in 50 years

(return period of 475 years). As well the number of seismic zones was increased from

four to seven, each being assigned a velocity zonal ratio, v. The seismic response factor,







S. based on the buildings period was modified. The code allowed the building period to
be determined by modal analysis. to a maximum of 1.2 times the specified empirical
value. The provisions for dynamic analysis were modified to include a minimum base
shear of 100% of the value calculated using the static procedure, as compared to the 90%
previously allowed. The code also modified the guidelines on accounting for torsional
effects such that accidental eccentricity was increased from 0.05D to 0.10D (NRCC 1985:

Mitchell et al. 2010). Base shear, V. was defined as:

V=vSKIFW [2-6]
B 0 1 2 3 4 6 62,

Roke T T T T

.p-? [0 0.04 0.08 0.11 0.18 0.23 032
5 ( Al ezl blaing
"."\ 1

Acceleration
Accélération

Figure 4 - Seismic zoning map from the 1985 National building code of Canada (NRCC 1985)

The 1990 National Building Code of Canada (NRCC 1990) used the same seismic zoning
map as the 1985 code. The factor accounting for type of construction, K, was replaced by
the force modification factor, R. The introduction of the force modification factor, R, was
the NBCC’s first recognition of a buildings capacity to dissipate energy during a seismic
event through inelastic behaviour and it required specific design and detailing
requirements be met according to the R-value chosen. A calibration factor, U, was
introduced to ensure the base shear was compatible with previous editions of the NBCC.
A new foundation factor, F, to account for very soft soil conditions was introduced. The

1990 code also included drift limits of 0.02h, for normal buildings and 0.01h; for post-
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disaster buildings. where h; is the height of the building (NRCC 1990: Mitchell et al.

2010). Base shear. V. was defined as:
V=U (vSIFW)/R [2-7]

he 1995 National Building Code of Canada (NRCC 1995) used the same seismic zoning
map and design lateral force procedure as the 1990 code. Additional force modification
factors. R. were introduced. The code also modified the expressions for building periods
and guidelines on accounting for torsional effects. The provisions for dynamic analysis
were modified to include a minimum base shear of 80% of the value calculated using the
static procedure, as compared to the 100% previously prescribed (NRCC 1995: Mitchell

et al. 2010).

The 2005 National Building Code of Canada (NRCC 2005) saw the elimination of the
seismic zoning map for representing the seismic hazard and introduced the use of a
uniform hazard spectrum (UHS), with each city in Canada having a site specific response

spectrum. The UHS for Halifax is presented in Figure 5.
’
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Figure 5 - Uniform hazard spectrum for | jalifax from the 20035 National building code of Canada (NRCC 2003)
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hese UHS had a probability of exceedance of 2% in 50 years (2475-year return period).
in comparison to the previous probability of exceedance of 10% in 50 years. Dy namic
analysis was established as the preferred design method, and was imposed for irregular
structures. Base shear calculation in the 2005 NBCC was based on the spectral
acceleration at the fundamental building period. S (T,). The higher mode participation
factor was renamed M, and the importance factor for earthquake load, I¢. The ductility-
related force modification factor. Ry, was introduced to account for the buildings capacity
to dissipate energy during a seismic event through inelastic behaviour. As well, the
overstrength-related force modification factor. R,, was introduced to account for reser ed
strength in a structure. For CBFs values of Ryq and R,, were presented in Table 4.1.8.9 of
the NBCC 2005, reproduced in Figure 6, for three types of CBFs: Moderately ductility
(MD), limited ductility (LD), and conventional construction. Details for these types of

CBFs are outlined in CSA-09 and presented in Section 2.3 of this report.

! L Res‘nu»ons-;i
| Cases
i Cases Wheye IF,S,(0.2) Where
Type of SFRS Ry R, l 1EF.S,(10)
[ 20210 | 20351 g, ' <04
| | <02 <0.35 <075 >0.75 >03
| Steel Structures Designed and Detailed According to CAN/CSA-S16
Ductile moment-resisting frames [ 50 1.5 I NLO[ N | N NL NL
Moderately ductile moment-resisting [ I I
frames | 35 15 | NL l NL NL NL NL
i _— 1 {
Limited ductility moment-resisting I f
frames 20 13 NL NL 60 | 80 54%] 30
| Moderately ductile concentrically | {
| braced frames [ ‘ |
‘ Non-chevron braces | a0 L 13 NL | NL 40 40 40
Chevron braces ‘ 30 13 NL | N I 40 40 40
Tension only braces | 30 1.3 NL NL 20 20 20
| Limited ductility concentrically braced ‘ - : :
frames I
1
‘ Non-chevion braces |5 agrel| ve4g NL NL 80 §0 60
Chevion braces 20 | 13 NL NL 60 60 60
\
I Tension only braces 20 | 1.3 NL ‘ NL | 40 40 ‘ 40
| Ductile eccentrically braced frames 40 15 NL | AL NL NL NL
| Dugctile frame plate shear walls | 5.0 16 NL ‘ NL | NL NL NL
Moderately ductile plate shearwalls | 2.0 15 NN 60 50 60
Conventional construction of moment | ! ! '
| frames, braced frames or shear walls T | a | N N | 15 15 5 |
Other steel SFRS(s) not defined I I |
above 1.0 1.0 15 15 NP NP NP

Figure 6 - Excerpt from Table 4.1.8.9 from the 2005 National building code of Canada (NRCC 2005)
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Ihe seismic weight, W, was modified to include the dead load (including partitions at 0.5
kPa). 25% of the design snow load, 60% of storage live loads, and the full contents of any
tanks. The code also modified the guidelines on accounting for torsional effects and
introduced a calculation for determining a building’s torsional sensitivity based on the
ratio between maximum and average storey displacements at extreme points of the
structure. The 2005 National Building Code of Canada also introduced a defined set of
structural irregularities to be avoided by designers, and established specific design
requirements should a building have one of these irregularities. As well, it introduced
height restrictions for the selection of a building’s lateral-force resisting system. The
provisions for dynamic analysis were modified to include a minimum base shear of 80%
of the value calculated using the static procedure if the structure is regular, or 100% if the
structure is irregular. The 2005 code also included drift limits of 0.025h; for normal
buildings. 0.020h, for schools, and 0.01h; for post-disaster buildings. Drift limits were
specified as those resulting from elastic deflection i.e. multiplied by RgR/Ir when drifts
are determined based on the modified design spectrum (NRCC 2005: Mitchell et al.

]

2010). Base shear. V., was defined as:
V=S (Tu)M\‘l[iW/Ran [2-3'

2.2 Seismic Design Philosophy in 2010 NBCC

With the 2010 National Building Code of Canada (NRCC 2010), the uniform hazard
spectrums were modified for the eastern cities, including Halifax as per Figure 7, while
western cities maintained the same UHS as defined in the 2005 code. The UHS design
spectrum was based on ordinates at periods of 0.2, 0.5, 1.0, and 2.0 s with a probability of

exceedance of 2% in 50 years as seen in the 2005 NBCC.

As well. new lateral force resisting systems were added to the code with additional force

modification factors Ry and R, (NRCC 2010; Mitchell et al. 2010).
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Figure 7 - Uniform hazard spectrum for Halifax from the 2010 National building code of Canada (NRCC 2010)
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The value of base shear required for design by the 2010 NBCC varies according to the
seismic force factors R4R,. which are assigned based on the level of ductility and
overstrength that can be attributed to the structural system. This level of ductility is based
on the system’s ability to dissipate energy through inelastic deformations, and the
minimum overstrength of the particular system. Each category of ductility has matching
detailing requirements to ensure the anticipated inelastic behaviour is attainable. These
requirements are outlined in CSA S16 for steel structures and CSA A23.3 for concrete
structures. If inelastic deformations are not possible without a loss of resistance the
system should be designed elastically with Ry equal to 1.0. For concentrically braced
frames. systems are classified as “conventional construction™, “limited ductility™, or

“moderate ductility” (NRCC 2010: Mitchell et al. 2010).

2.3  Concentrically Braced Frames in S16-09

Current design philosophy in CSA S16-2009 Design of Steel Structures Standard 1s based

on limits state design, using load factors and material resistance factors.







Seismic design requirements are outlined in Clause 27 of CSA S16-2009. Current design
philosophy is based on the principles of capacity design. For concentrically braced
frames, the brace is the element designed to dissipate energy through inelastic straining
under axial load. The other elements of the frame (beam, columns, diaphragm and all
connections) are designed such that they are strong enough. while remaining elastic. so
that the brace can dissipate the required energy. This ensures a proper hierarchy for
vielding such that inelastic response is constrained to the brace elements. CSA S16-2009
restricts the maximum design load for these non-dissipating elements to that determined
using a base shear calculated with R4R, = 1.3. This corresponds to a member designed
elastically with Ry equal to 1.0, but with an overstrength factor, R,. of 1.3. For connection
design, if loads are determined using R4R, = 1.3 the connection must have a ductile
governing failure mode such as vielding in tension or bolt bearing (Tremblay et al. 2009).
Failure modes in the brace such as net section fracture, or bolt shear are considered non

ductile and connection loads should be determined using RgR, = 1.0 (CSA S16 2009).

CSA S16-2009 specifies certain material and connection rgquirements in order to
promote adequate post-yield behaviour. This includes that the specified minimum yield
stress, Fy, of steel not exceed 350 MPa for these elements. It also specifies the use of
probable yield stress. R F,. not less than 460 MPa for HSS section and 385 MPa for other
sections with Ry equal to 1.1. This ensures a proper hierarchy for yielding where the

seismic load is based on the actual (probable) yield stress of the brace (CSA S16 2009).

In the CSA S§16-2009 Standard Clause 27.1.9 was introduced which established specific
protected zones where no discontinuity or any stress concentrations are allowed to be
introduced through welding, cutting. or penetration. For the concentrically braced frame
this is the brace element itself over its entire length as well as the connections to beams
and columns including gusset plates. These are designated as protected zones since they
are the regions where large inelastic strains are expected to occur. As well, inelastic
rotational demands are placed on the connections. Any discontinuity in these elements

can lead to premature fracture under cyclic inelastic response (CSA S16 2009).
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2.3.1 Moderate Ductility CBFs

Seismic design requirements for moderately ductile (MD) concentrically braced frames
are outlined in Clause 27.5 of CSA S16-2009. This system is defined with an Ry of 3.0,
and a R, of 1.3. Tension-compression, tension-only, and chevron MD brace systems may
be used, however, knee bracing and K-bracing are not allowed according to CSA S16-
2009 due to the possibility of creating a plastic hinge in the column if one brace was to
buckle. The specific requirements for these braces are outlined in Clauses 27.5.2 (CSA

S16 2009).

CSA S16-2009 also establishes certain restrictions regarding the brace slenderness ratio,
kL/r, which is limited to a maximum of 200. As the brace slenderness ratio, kL/r, is
decreased the capacity of the brace to dissipate energy under cyclic inelastic loading is

increased (CSA S16 2009, Tremblay et al. 2003).

As well, Clause 27.5.3.2 establishes specific width-to-thickness ratios in order to protect

against cyclic local buckling which can lead to early fracture (CSA S16 2009).

]
In the MD system the principles of capacity design are introduced through the use of
probable brace resistance to design the “protected elements™. The probable tension
resistance, probable compression resistance, and probable post-buckling compressive

resistance of the brace are taken respectively as:

T,=AgRF, [2-9]
AR.E,
C“:min{l.sc?/d\)} 2-10]

0.2AgR}.F}.} i

C'u:min{ C./b

In calculating the probable compression resistance and the probable post-buckling
compressive resistance of the brace, C, is calculated using R F,. CSA S16-2009
prescribes the use of two loading conditions. The first is the compression braces” reaching

their probable compression resistance and the second is the compression braces’ reaching

their probable post-buckling compressive resistance. Each of these cases is to be
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combined with the tension braces’ reaching their probable tension resistance (CSA S16

2009).

['he non-dissipating elements of the frame (beam, columns, diaphragm and all
connections) are designed for the worst case of gravity load and brace forces equal to the
onset of simultaneous yielding in the tension and compression braces (either probable
compression resistance or probable post-buckling compressive whichever produces the
worst effect). CSA S16-2009 restricts the maximum design load for these non-dissipating

elements to that determined using a storey shear based on RgR, = 1.3 (CSA S16 2009).

2.3.2 Limited Ductility CBFs

Seismic design requirements for limited ductile (LD) concentrically braced frames are
outlined in Clause 27.6 of CSA S16-2009. This system is defined with an Ry of 2.0, and a
R, of 1.3. Detailing requirements are less stringent as compared to MD systems, with a
reduced ability to dissipate energy through inelastic deformations. As in MD bracing
systems tension-compression, tension-only, and chevron brace systems may be used, as
well as knee bracing and K-bracing where the columns are designed for the induced
bending and struts are provided. The specific requirements for these braces are outlined in

Clause 27.6.2 (CSA S16 2009).

For LD braces, the restrictions regarding the brace slenderness ratio, kL/r, are less severe
than for the MD system and slenderness is limited to a maximum of 300. The bracing
width-to-thickness ratio requirements are also less severe as defined in Clause 27.6.3.2
since braces with kL/r greater than 200 are expected to have very limited inelastic

compressive strains and there is less risk of cyclic local buckling (CSA S16 2009).

2.3.3 Conventional Construction CBFs

Seismic design requirements for conventional construction are outlined in Clause 27.11 of
CSA S16-2009. This system is defined with an Ry of 1.5, and a R, of 1.3. The
conventional construction system incorporates the principles of capacity design indirectly
without particular detailing requirements. It is based on the concept that inherent in
current design and construction practise there is some capacity of the brace to dissipate

energy through localized yielding and friction. Clause 27.11.1 specifies that for
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[ F,S4(0.2) greater than 0.45, diaphragms and connections of primary framing members
be designed such that the failure mode is ductile, or for gravity loads combined with a
seismic load multiplied by Ry =1.50. These minimum requirements were established to
avoid brittle failure in connections and promote energy dissipation in the brace (CSA S16

2009).

2.3.4 Inelastic Response of CBFs

CBF performance is governed by its cyclic axial load response. Initially under
compressive load the brace behaves elastically and deforms axially until buckling, when
the brace deflects transversely. This deflection causes the creation of moments in the
brace, which when they equal the plastic moment of the braces create a plastic hinge.
Under increased axial load and axial deformation the brace continues to deflect
transversely which causes a decrease in axial resistance of the brace due to flexure-axial
load interaction (moment at the midlength of the brace cannot surpass the plastic
moment). The brace retains a residual axial and transverse deflection when unloaded.
During the tension cycle which follows the brace behaves glastically and deforms axially.
When reloaded in compression the residual transverse deflection causes a reduction in
buckling capacity and the length of the elastic buckling plateau is reduced with each
subsequent cycle. This hysteretic behaviour is highly dependent on the slenderness ratio
of the braces (Bruneau et al. 1998). Brace buckled shapes are shown in Figure 8 from

cyclic testing by Morrison (2012).

I'he quantification of a system’s capacity for energy dissipation is measured by the area
enclosed by its force vs. deformation hysteresis curve (see Figure 9). Braces with lower
slenderness ratios have larger hysteresis curve areas, and therefore dissipate more energy

than slender braces. As well braces with lower slenderness ratios have compression

capacities which approach the tension capacity (Bruneau et al. 1998).
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Figure 8 - Various buckled shapes of cross braces during testing by Morrison (2012)
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Figure 9 - Lateral force vs. displacement hysteretic performance of plain cross brace sample by Morrison (2012)
[n tension-only systems energy dissipation is achieved by brace yielding and elongation.
These systems are typically designed with braces having higher slenderness ratios than

tension-compression systems, especially in older building where the slenderness ratio
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often exceeded 300. The lateral stiffness of the frame is therefore governed mainly by the
tension brace as the compression brace buckles under low axial load due to a higher
slenderness ratio. As such, in the buckled configuration, these frames have little stiffness.
Under cyclic loading the braces accumulate residual axial displacements as seen in the
compression-tension systems. Frame stiffness is lost when there is zero frame

displacement (Bruneau et al. 1998).

Brace ductility demand is measured by the ratio of maximum total deformation to the

deformation at yield:
u=8/8yie1d [2-12]

According to Tremblay (2002). the ductility demand ratio for CBFs with tension-

compression braces is around 2 or 3.

2.3.5 Failure Modes of CBFs

Energy dissipation in compression members is by inelastic bending after buckling, and in
the straightening which follows after load reversal. After l‘:uck]ing_ the capacity of a
concentrically braced frame is mainly governed by its tension braces. The buckling of

braces induces a rotational demand at the brace ends (CSA S16 2009).

During reversed cyclic loading, after brace buckling, slender braces pick up axial load
quickly during straightening. This may cause brace damage or connection failure, due to
an impact type of loading caused by this rapid increase in stiffness. Slender braces are
characterized by a loss of axial compression stiffness, axial shortening. and loss of
tangent stiffness and are dominated by failure due to inelastic buckling (Bruneau et al.

l Q08 ).

Stocky braces. with low slenderness ratio, exhibit a response controlled by yielding and
local buckling. At the plastic hinge located a brace midlength, local buckling causes a

loss of moment capacity and a loss in axial capacity. This leads to a reduced energy

dissipation capacity (Bruneau et al. 1998).
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Observed modes of failure in CBFs include, failure of the gross section of the brace.
fracture of the net cross section of the brace (at the connection). or connection failure at

the bolts or welds (Tremblay et al. 1996).

2.3.6 Connections

Connections in CBFs consist of gusset plates either welded or bolted to the frame’s
columns and beam. They are designed such that they are strong enough, while remaining
elastic, that the brace can dissipate the required energy as per CSA-S16-09. Specific rules
are outlined in CSA S16-09 for the case where the brace buckles in-the-plane or out-of-
plane of the gusset. For in-the-plane buckling the connection must have a flexural
strength equal to or greater than the nominal in-plane bending strength of the brace to
prevent hinges forming in the connection. For out-of-plane buckling the connection the
gusset must be detailed to permit a hinge line to form in the gusset. This is accomplished
by leaving a distance equal to twice the gusset plate thickness between the brace and the
nominal line of unrestrained bending as seen in Figure 10 (Bruneau et al. 1998, CSA-S16-

09). ’

Figure 10 - Brace connection designed according to CSA S16-2009 Standard
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Non ductile limit states for brace connection failure include tension failure at the brace
net section. and bolt shear failure. It has also been demonstrated that bolting geometry
may affect ductility, as connections with larger bolt spacings have increased ductility

(Castonguay and Tremblay 2010).

Connection design in CSA S16-65 was not based on the incorporation of any design or
detailing requirement as prescribed by the capacity design principles of the current codes.
I'he tension forces resulting from the static analysis of the braced frame would have been
directly applied using a free body diagram for connection design. As w ell, it should be

noted that connection design was based on an allowable stress approach.

2.4 Calculation of the Fundamental Period

In the 2010 NBCC the value of base shear required for design is related to the building’s
period of vibration for the static analysis case. If dynamic analysis is performed the base
shear is still limited to a fundamental period calculated based on an empirical formula as

a function of the building’s height, h,. For CBFs:

1

T, = 0.025h,, or T = 0.050h,, if verified by dynamic analysis [2-13]

e

Tremblay et al. (1996) showed that for one-storey buildings with flexible diaphragms the
use of the NBCC period resulted in conservative designs and that the in-plane flexibility
of the diaphragm should be accounted for in determining the building period. [his was
also shown in Tremblay & Rogers (2011) where it was demonstrated that the majority of
one-storey structures had periods longer than the limit prescribed by the code of 2T,

= 0.050h,, if verified by dynamic analysis. As well, Lamarche et al. (2009) pointed out
that use of the NBCC empirical equation would result in one period of vibration for a
given building. where in fact, the stiffness of the structure would most likely vary in the
two principal directions. Lamarche et al. (2009) also concluded that most single-storey
braced frames had fundamental periods in between the limits of 0.025h;, and 0.050h,, and

that the relationship between the spectral acceleration and these two limits is not linear.

Medhekar proposed a methodology based on the Rayleigh method. accounting for the

influence of brace and diaphragm stiftness (Tremblay & Rogers 2011):







gy [EeHKol [2-14]

\  BKeK
Where:
Ap="=cosf and Kg =~ 2-15]
B T(_U(ﬁ dnc gy = __"3_; |._‘ =
swL? wl? 1
Arn=Ar + Ac=——+ — and Kp = — 2-16
D = 57 384EI ' 8G'b D™ Ap [ |

Ihe stiffiness of the vertical bracing, Kg, is based on the inverse of the lateral deformation
of the vertical bracing. Ag. The in-plane stiffness of the diaphragm. Kp, is based on the
inverse of the diaphragm deflection at midspan calculated by combing the shear and
flexural in-plane deformations, Ap = As + Ap. The diaphragm deflection is ty pically

governed by the shear. rather than flexural deformations (Lamarche et al. 2009).

[.amarche et al. (2009) showed that flexible diaphragms have considerable effect on the

dynamic response of single-storey braced frames. As well. they demonstrated the impact
~ - \r . ~

of non-structural components on the dynamic response of single-storey braced frames

under low amplitude excitation.

2.5 Summary

Current seismic design philosophy has evolved since its first introduction into the NBCC
to include design and detailing requirements which account for the inelastic response of
the braces in the CBF system. It remains unclear, however. how CBFs designed within
the framework of earlier codes perform, when subjected to evaluation according to

current seismic design codes and standards.

Analysis of CBFs designed with codes where the braces were designed using the
srinciple that they remained in the linearly elastic range. such as the 1965 National
Building Code of Canada (NBCC) and CSA-S16-65 is required in order to provide
recommendations for seismic evaluation and rehabilitation requirements for such existing

buildings for future building codes.
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Chapter 3 — Design Review of Single-Storey Steel Buildings in Canada

3.1 Overview

Dimensioning of the structural elements for the buildings studied in the braced bays was
based on the static calculations procedure. Design of a typical one-storey building was
carried out according to the 1965 National Building Code of Canada (NRCC 1965) and
the CSA S16-1965 Steel Structures for Buildings Standard (CSA 1965) and using normal
design procedures as would be common for a steel designer at the time. Selection tables
as presented in the Handbook of Steel Construction first edition 1965 were used for

selection of optimum beam and column sections. These selection tables were based on the

design provisions of CSA S§16-1965.

As presented in Table 1, a series of buildings with varying aspect ratios and heights was
studied in order to account for a diverse period range and behaviour of one-storey braced

frame buildings.

T'able 1 - Dimensions of buildings analyzed in study
'
Area (m’) Aspect Ratio | L (m) | W (m) | #baysL | # bays W Bay - L (m) | Bay-W (m) | H(m)
L l L
IH [ 1 v i za sl A | | 6.124 6.124 100
|
| | S . = = = =, ! |
2H | 1.5 300 | 200 6 4 5000 5 000 5 000
A\ 60 = L ! 0 S| [ TR | S S - = BN — 1 -
IH 2 T P 3 5.774 5.774 6.000
I S o= Sl e | S . L = L ST = -
v o e o I T BT S| B2 1| 76 7.746 7.000
= - L —— -1 - B — | ===l
SH | Fl 424 42.4 6 6 7.071 7.071 5.000
|
. T TR . TR | . N | i JES | 5 e S —
| 6H \ 1.5 52.0 346 6 4 R 660 8.660 6000
B | 1800 | =il ol il Y Y il 5 wvowe oo s W1 =
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Figure 12 - Bracing elevation of building type 7H as designed according to the 1965 National Building Code of Canada (NRC( 1965)
and the CSA S16-1965 Steel Structures for Buildings Standard (CSA 1965)

Design of the building presented in Table 1 according to the 1965 National Building Code
of Canada (NRCC 1965) and the CSA S16-1965 Steel Structures for Buildings Standard
(CSA 1965) is outlined in Section 3.2 and 3.3. Figure 11 and Figure 12 show the plan
view and bracing elevation resulting from this dimensioning of the structural elements
based on the static calculations procedure for building type 7H. which is representative of

a medium-sized building in this study.

I'he approach that a designer would have used according to the current 2010 National

Building Code of Canada (NRCC 2010) and the CSA S16-2009 Design of Steel

Structures Standard (CSA 2009) is outlined in Section 3.4 and 3.5.
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3.2 1965 Building Loads

3.2.1 Dead Loads
A typical roof composition of 4 ply asphalt and gravel on steel deck with rigid foam was

used. Allowances were made for suspended ceiling, ductwork and fire protection, as well

as for the steel structure. Uniform dead loads are presented in Table 2.

able 2 - Uniformly distributed dead loads on roof
Roofing + steel deck 0.45
Suspended ceilling [ 0.10
Ductwork 0.25
Fire Protection 0.1
Steel inc. joists 0.25
Fotal Dead Load (kPa) | 1.12

[he weight of exterior walls was taken as 1.50 kPa.

3.2.2 Snow Loads ;

['he roof snow load was based on Clause 4.1.3.7 through 4.1.3.10 of the 1965 National
Building Code of Canada. The prescribed ground snow load of 2.16 kPa [45 pst] was
reduced by the basic snow load coefficient, C,. of 0.80 as per Clause 4.1.3.9 since the

building is not assured to be exposed to wind on all four sides. As such the uniform

design snow load used was 1.73 kPa [36 psf].

3.2.3 Seismic Loads
As per Chart 10 of the Supplement no. 1 to the 1965 National Building Code of Canada,
Halifax is in earthquake intensity zone 2 which corresponds to moderate damage to

buildings during a seismic event. Calculation of base shear is included from Clause

4.1.3.15 through 4.1.3.17 of the 1965 National Building Code of Canada.
V=KW [3-1]

Where W is the total weight of building, due to materials of construction incorporated in
the building, the design load resulting from the use of the building for storage and the

design load due to the weight of service equipment and machinery (NRCC 19653).
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For the one storey buildings considered in this study, there are no floors above grade so
the building weight, W, is considered as the weight of the roof and the upper portion of

exterior walls:

W= Qi 1~Jr:r'A:rnan+q[lI w af\s'Pmn!'( 0.5 hu::wr] |-1':|
where:
qpi.oof = uniform dead load of the roof as outlined in Section 3.2.1;

Aror = total area of the roof for each of the typical parametric buildings defined in Table

1%

Qpr.wals = dead load of the exterior walls as defined in Section 3.2.1:

Proor = total perimeter of the roof for each of the typical parametric buildings defined in

[able 1;

hroor = total height of the roof for each of the typical parametric buildings defined in Table

I

Parameter K is defined in Clause 4.1.3.15(3) of the 1965 National Building Code of

(Canada as:

K=R:C:I-F-S

s
I
(8]

where:

R = 2 for earthquake intensity zone:

C = 1.25 for normal construction;

[ = 1.0 for normal importance:

F = 1.0 for normal foundation conditions:

S = 0.025 for a one —storey building.

S 47 |
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For a one-storey building the horizontal shear at the roof level is equal to the base shear,

V., and overturning moment is equal to:
M=V-h [3-4]

3.2.4 Wind Loads
As per Chart 8 of the Supplement no. 1 to the 1965 National Building Code of Canada,

Halifax has a wind gust speed, G, of 90 mph. The velocity pressure, P, is defined as:

-
'
th

P=C-G*= 1.05 kPa [21.87 psf]

Where C is a constant dependent on air temperature and atmospheric pressure taken as

0.0027 as suggested in Supplement no. 1 (NRCC 1965).

Calculation of wind pressure is included from Clause 4.1.3.11 through 4.1.3.13 of the
1965 National Building Code of Canada.
F=P-Cy-C,-A [3-6]
'
For one storey buildings with heights ranging from 4m to 10m [13.12ft to 32.8ft] the
coefficient with respect to variation in height, Cy,. is 1.00 as per Table 4.1.3.D. The

pressure factor, Cp, is 0.85 (NRCC 1965).
For a one-storey building the horizontal shear at the roof level is calculated using an area

equal to one half the height multiplied by the width or length of the building, depending

on the wind direction under consideration.

3.2.5 Load Combinations
As per the 1965 National Building Code of Canada the load combinations used for

dimensioning of the typical design buildings are presented in Table 3.

Table 3 - Load combinations (NRCC 1963)

1.1.0DL + 1.0SI
2a. 1.0DL + 1.0 WI
2b. 1.0 DL + 1.0 El = _

3a.0.75 (DL + SL + WL)

3b. 0.75 (DL + SL + EL)
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3.3 Design of Braced Bay According to 1965 CSA-S16 Standard

3.3.1 Selection of Braces

\ tension only braced frame design using single angles was selected as was ty pical of a
1965 building design for one storey buildings. A307 bolts were used in order to determine
typical connection sizes and the appropriate net area of the section. Tension resistance
was calculated as specified in S16-1965 Clause 16.3.1 as 0.60F, with a maximum of 0.50

times the specified minimum tensile strength:

(0.60+ 1/5(0.60)=0.80 A,F)

T,=min 1
{[)_nm /3 (0.50)=0.67A,F, 5

Net area was calculated considering bolted connections and taking into account the
product of thickness and net width, calculated normal to the axis of the member, as
specified in $16-1965 Clause 15.2. One inch bolts were assumed with a hole size 1/16 in
larger, as specified in S16-1965 Clause 15.2. The width of the connected leg of angle
was dimensioned in order to accommodate the bolted connection in either a single or

double row of bolts as per Figure 13.

COLUMN
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BEAM

COLUNN

Lc: = Diameter of Bolt

r

Figure 13 - Layout of typical connections, based on one row of bolts or two, assumed in dimensioning of bracing angles to account for
width of leg required to permit bolting

['he tension in the brace considered for member selection was based on the value of the
horizontal shear at the roof level from the maximum of the wind and seismic loads from
the 1965 code calculations, as well as the braced bay configuration (angle of brace). Since
tension only bracing was considered the limited compressive capacity of the brace is

neglected in the selection process.

Satisfying the required slenderness ratio or bolted connection geometry affected selection

of brace section in 6 out of 16 of the buildings studied.

3.3.2 Selection of Columns

Column design for braced bays was based on gravity loads as per load combinations
described in Section 3.2.5 and the vertical component of the compression/tension load
based on maximum horizontal shear at the roof level. Lateral wind loading out-of plane

was also considered. Selection of columns was done using column selection tables as

presented in the Handbook of Steel Construction first edition 19635 as was common design
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Pl'ilk‘li\u. ['he selection tables are based on the effective |L‘|1§_'lh. kL. with respect to the

least radius of gyration and in accordance with Clause 16.3.2 of S16-1965.

For fy/F,<0.15: 2+ 2<1.0 3-8]
. -l f ) "
and for t,/F, '(l,lﬁ:[—+}‘7‘;‘;]‘[l 3-9]
Where F, is a function of the least radius of gyration:
Ki: : . "
For—<C, F,=0.60F, 3-10]
I
Kl 2 o - AyiE e =
For Co< =<C,  F,=0.60F,-m (—-C,) 3-11]
KL " 3 149,000 =
}'\)I'—>(,F, }.“:-i—~ [3-12]
: =)
20 for F,<50
Where C.=17  BEN - o 3-13
°~|(30-2) for F,>50 |
5 ]
5 535 p
And Cp=— 3-14)
|Fy-13
J
6.77+0.079F, hls,
m= ——— [3-15]

Cp-(

t

3.3.3  Selection of Beams

Beam design for braced bays was based on gravity loads as per the load combinations
described in Section 3.2.5. Axial loads due to the effect of the beam acting as a chord or
collector due to horizontal shear at the roof level was not considered as it was not
common design practise in 1965. Selection of beams was done using selection tables as
presented in the Handbook of Steel Construction first edition 1965 as was common design
practise. The selection tables are based on allowable moment resistance calculated and in

accordance with Clause 16.3.4 of S16-1965 based on:

f

< 1.0 [3-16]

b
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Fy, is dependent on the minimum of the capacity in the tension flange Fy,. versus the
compression flange, Fy,.. For compact I-Type sections according to Clause 16.3.4.1 of

S16-1965:

»J
]

Foy=0.66F,

- 12,000 Ay 1
min (7 and 0.66F, )

Ld

Fpe=max{  [0.66F,(1.18-0.00091 /F,-) 3-18]

min 00

min((’).()ﬁ}-ﬁ‘. YT i )
LL/T)*"
For non-compact I-Type sections according to Clause 16.3.4.4 of S16-1965:

Fpe=0.60F, [3-19]

min (w and 0.60F, )

) 4 e R "

Fpc=max 0.60F, (1.30-0.0010,/F}--) [3-20]

min

min(D.6()Fy and ](':q'””‘“)

The beam sections chosen were always those of least weight as presented in bold in the

beam selection tables.

3.3.4  Selection of Roof Deck/Diaphragm
['he roof framing system considered consisted of open-web steel joists supported on
Gerber beams, as was common practise in the 1960s. Perimeter members consisted of

simply supported beams.

Fhe roof deck thickness was based on providing an adequate capacity to resist gravity
loads as per load combinations in the 1965 NBCC described in Section 3.2.5. A typical
deck was chosen as was common in building design in the 1960s: 22 gauge (0.76 mm
thick) — 38 mm deep deck with ribs at 914mm and 6-152 mm flutes. Cold-formed steel

from ASTM A 653M S8 Grade 230 was considered with a nominal yield strength of F, =

230 MPa and tensile stress of F, = 310 MPa. For a roof deck with a triple span this deck

~
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can be used for joist spacing’s up to 2250 mm considering the dead and snow loads as

~

3.2.1 and 3.2.2. The fastener pattern chosen was a button

previously defined in Sections 3.
punch side-lap at either 600 mm or 300 mm and 19mm welds on supports at 300 mm or
150 mm (pattern 914/4 or 914/7). The various building configurations as outlined in

['able 1 had joist spacings that varied from 1.667 m to 2.025 m depending on the bay size,

as shown in Table 4.

l'able 4 - Joist spacing used for each design building for diaphragm design

Building type | Bay size (m) | Joist spacing (m)
IH 6.124
21 [ 5 [ 1.667
H 5.774 19
H 7.746 1937
SH 7.071 1.768
6H 8.66 |
7H 75 I 875
8H | 6708 1.677
T 9H 7.825 )5
T 10H | 7454 1863
|
11H 7.746 1.93
 12H “8.66 [T e
13H 8.101 2.025
14H 8819 | 1.764
I5H I~ 9165 1.833
16H 10247 ~1.708

I'he fastener pattern was taken as uniform over each building’s length. The strength and
stiftness of the diaphragm were determined using the SDI diaphragm catalog published

by the Canadian Sheet Steel Building Institute (CSSBI 2006) as presented in Table 5.

For diaphragm stiffness. G’, less than 2.5 kN/mm the roof can be considered as flexible,
whereas for G* between 2.5 kKN/mm and 17.5 kN/mm they act more as semiflexible

diaphragms (Tremblay et al. 1996).
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Building type vi max deck (Nmm) Sidelap spacing (mm) Support fixation pattern v (N'mm) G100 N/mm)

| l 6 R

H 1.7 (

H 6l R

1H )

I ) ¢ ) X
6H ) § 600

TH 3.1 600 | 7
8H [ 15 | 300 36/4

JH 25 600 36/4 3 79 ) B
10H j 60 6/4
11H 31 8 300 ¢ ! 8
12H 50 60 7 58 )
13H 29 60 36/4 7 8
14H 7 I 600 6/4 E 2
15H 45 300 6/4 18 27
16H 56 600 7 S ¢

[

34 2010 Building Loads

34 Dead Loads
Dead loads used in 1965 design as per Section 3.2.1 would be the same as those taken for

a current design approach.

3.4.2 Snow Loads
[he National Building Code of Canada 2010 prescribed snow loads are larger than those
specified in the 1965 building code for Halifax. The roof snow load is currently based on

Clause 4.1.6 of the National Building Code of Canada.
S= I [S(Cy+C,y°Cs:Ca) +5,] [3-21]

where:

I, = the importance factor for snow load taken as 1.0 for normal category buildings from

Table 4.1.6.2:;







S, = the prescribed 1-in-50 year ground snow load from \ppendix C - Tables of climatic

information [1.90 kPal;

C}, = basic roof snow load factor based on characteristic length of the root., |.. for large

roofs where w is the width of the building and 1 is the length:

3"

|.=2w-(w*/I) 2

(

if|.>70 m and C,,=1.0: C,=1.0-(30/1.)*

C. = wind exposure factor taken as 1.0 for sheltered locations:
C, =slope factor taken as 1.0 for flat roof:
C, = shape factor taken as 1.0 for flat roof with no sources of accumulation:

S, = the prescribed 1-in-50 year associated rain load from \ppendix C - Tables of

climatic information [0.60 kPa].

I'able 6 - Snow loads as calculated per Clause 4.1.6 of the National Building Code of Canada 2010
I -

Building type | L (m) | W (m) | l(m) Cy S (kPa)
1H 24.5 24.5 25 0.80 212
2H 30 20 27 080 1 212

| ELINE LIS LS

iH 34 .6 17 26 ) R( 212
I 18.7 15.5 5 | 080 | 2.12
SH 424 | 424 | 42 |08 5
6H i[5 34.6 T 80 | 2.12
TH 60 | 3 [ 45 0.80 212
8H |Me7.000 2680 [ 080 | 212
9H 54 8 54.8 35 0 8( 342
10H | 671 | 447 60 | 0.80 %
TIH | 775 | 387 | 58 | 080

BEC D 866 | 346 | 55 | 080 |
!-:H | ]\:1\ _n4_h 65 0.80 . 1}7
14H 79.4 529 | 71 | 082 AT
15H | 9] 7 [ 15 8 T 60 | 080 75]_*7
16H 1025 | 41 66 80 | 212

~
D
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he 1965 snow load was constant for all buildings types at 1.73 kPa. Table 6 outlines the
snow loads for each building configuration as per the National Building Code of Canada
2010. In general, the buildings have characteristic lengths lower than 70m, so the uniform
snow load is 2.12 kPa for most of the layouts. This represents, however, an increase of
22.5% in snow loading prescribed by the National Building Code of Canada from 1965 to

2010.

3.4.3  Seismic Loads
I'he National Building Code of Canada 2010 prescribed earthquake loads using the
equivalent static force procedure are currently based on Clause 4.1.8. The Design Base

Shear is calculated as follows:

M.l

V=5l )W :IQ_ [3-24]

i v M.l 3

With Viyin=S(2.0)W = [3-25]

And for Ry > 1.5 Vipg=2/5S(0.2)W —— 3-26]

where:
S (T,) = the spectral acceleration at the fundamental building period:

I', = the fundamental lateral period of the building [s]. For braced frame: T, = 0.025h,,

C

or T, = 0.050h,, if verified by dynamic analysis;

W = total weight of the structure [kN]. and includes the dead load (including partitions at
0.5 kPa). 25% of the design snow load, 60% of storage live loads, and full contents of any

tanks:

M, = higher mode participation factor — For Halifax (S, (0.2)/S, (2.0) =12.1) and braced
frame M, 1s 1.0 for T, < 1.0 and 1.5 for T, = 2.0 with linear interpolation for values in

between:

[ = the importance factor for earthquake load taken as 1.0 for normal category buildings

from Table 4.1.6.2;







R4 = ductility-related force modification factor, taken as 1.5 for conventional steel

construction:

R, = overstrength-related force modification factor, taken as 1.3 for conventional steel

construction.

In general, although dead loads are constant, the weight to consider in seismic design. W,

is greater for all building types according to the National Building Code of Canada 2010
due to the inclusion of 25% of the design snow load in the current design practise. No

snow load is specified in W, as per the 1965 NBCC.

344 Wind Loads
I'he National Building Code of Canada 2010 prescribed wind loads are currently based on

Clause 4.1.7. External wind pressure, p, is calculated as follows:

p=ly*q:Ce:CyC,
where: ;

[, = the importance factor for wind load taken as 1.0 for normal category buildings from

[able 4.1.6.2;

q = the prescribed 1-in-50 year wind load from NBCC 2010 Appendix C - tables of

climatic information [0.40 kPa];
C. = exposure factor, taken as:
G=(h./10)"* [3-28]

C, and C,, = gust effect factor and external pressure coefficient respectively. taken from

Figure 1-7 of National Building Code Commentary for low rise buildings with h, <20 m.

['able 7 outlines the wind loads for each building configuration as per the National

Building Code of Canada 2010.







1 NVind | Is as calculate d pe
Building | W H ( End-zone z D i Dy oid i Vin VinWw
type (m) (m) (m) {m) (kPa) (kPa) (kN) (k™)
24 .5 8 f
| { B | R7
3H | ¢ 7 { 0.9 7 7
1H 18.7 | T 04y 3 N
H 12 4 12.4 5 0.87 2 () [ i
| 5 1.6 { ).90 2 4 7 4 +
TH 60 7 ).93 2 .80 7 18
8H 67.1 26.8 8 0.96 2.68 75 78 |
JH 548 54.8 0.90 10 7 |
10H 67.1 14.7 7 09 ) R() 7 18 7
11H 77.5 8.7 8 096 2 167
12H 86.6 4.6 9 IR 16 7t ).5 } 7
13H 64 8 64 8 7| 093 | 2 R0 I 73 [ 048 [ 3G 1 379
14H [ 77904 | 5290 | 8 | 096 | 3.20 | 0.75 [ [ 370
5H [ 91.7 [ 15 8 [ 9 [ 098 | 3 60 [ 0.7¢ [ 0.51 [ 137 | 22¢
1611 [1025 [ 41 | 10 | 1.00 | 1.00 [ 0.78 [ I ssa |
'

3.4.5 Load Combinations
As per the 2010 National Building Code of Canada the load combinations are presented
in Table 8. Unlike the 1965 code. the 2010 combinations are based on factored loading to

be used in conjunction with limit states design.

lable 8 - Load combinations (NRCC 2010)

NBCC 2010 Load Combinations

Principle Loads Companion Loads

1.4D
[ 2 [ (1.25D0r09D)+ 15L | 055 or 0.4W

3 (125D or 0.9D) + 1.58 0.5L or 0.4W
1 4 | (125D or09D)+ 1L4W | 0.5L or0.5S
ol 1.0D + 1.0 | osL+0258







3.5 Design of Braced Bay According to 2009 CSA-S16 Standard

3.5.1 Selection of Braces
Using the same principle of tension only braced frame with a bolted connection design.

tension resistance using CSA-S16-09 Clause 13.2 is calculated as:
PAF, z

)

(t)u‘;\n»'[:::
and 0.75¢A . F, for pinned connections
nly |

min { ¢, UA,F,+0.60A,, —MAU

CSA-S16-09 includes tension resistance calculations accounting for shear lag and block
shear tear out, as well as a calculation using the gross section which was not present in

1965 code.

CSA-516-09 Clause 12 defines gross and net areas. The major differences between the

,
1965 and 2009 Standards are the inclusion of A, to account for shear lag. and A,, for the
gross area in shear. Whereas, in 1965 Standard net width was calculated normal to the
axis of the member with both single or double row of bolts, calculation of net area as per
the 2009 Standard would include additional fracture paths to account for tension and
shear block failure. This may result in sections chosen according to 1965 code to fail

2009 design criteria with regards to the connection design.

35.2  Selection of Columns
Compression resistance using CSA-S16-09 Clause 13.3 is calculated, for doubly

symmetric shapes, as:

Co=GAF, (14+A2n)1/n [3-30]
. k Fy .
with A= l Jzz and n=1.34 for hot-rolled shapes [3-31]
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For out of plane bending on laterally unsupported members due to wind loads Clause 13.6
of CSA-S16-09, as well as the combined bending/compression formulas in Clause 13.8

would be used according to current design procedures.

3.5.3  Selection of Beams
Compression resistance for beams acting as chords and collectors using CSA-S16-09

Clause 13.23 is calculated, for doubly symmetric shapes, as per Equation 3-30.

Bending resistance for laterally supported members using CSA-S16-09 Clause 13.5 1s

calculated as:

MIZ(I)/I\ for Class | and 2 sections \‘—‘\:|
M,=¢SF, for Class 3 sections [3-33]

According to current design practise beam design for braced bays would be based on
gravity loads as per load combinations described in Section 3.4.5, as well as axial loads
due to effect of chord and collector loading from horizontal shear at the roof level. The
combined bending/compression formulas in using CSA-S16-09 Clause 13.8 would be

used by designers for member selection.

3.5.4  Selection of Roof Deck/Diaphragm

Selection of the roof deck based on gravity loads would have been the same for both the
1965 and 2010 design codes (22 gauge (0.76 mm thick) — 38 mm deep deck with ribs at
914 mm, trapezoidal profile with flutes at 152 mm on center). Diaphragm design,
however, may differ as CSA S16-09 requires that diaphragms and connections of primary
framing members be designed using a multiplier of R4 =1.50 in Section 27.11 for
conventional construction when IgF,S.(0.2) exceeds 0.45. Therefore the factored shear to
consider would be 1.5 times the 1965 value which could potentially result in the selection
of different fastener patterns from the SDI diaphragm catalog published by the Canadian

Sheet Steel Building Institute (CSSBI 2006) than those presented in Table 5.

3.6 Selection of Earthquake Records
A series of ten historical and ten artificial records were selected for use with the one-
storey buildings in this study based on guidelines for selection and scaling of time

histories as presented by Atkinson (2009). Earthquake records were scaled such that their
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response spectrums were matched to the uniform hazard spectrum presented in the NBC(
2010 for Halifax for Class C soil conditions, and for the 2% in 50 year return period

prescribed in the 2010 NBCC.

Artificial records were selected based on recommendations by Atkinson (2009) to use
records near the large end of the distance range for each magnitude for eastern Canadian
sites of low seismicity. This implies the use of scaled down magnitude 6 at fault-distance
range 20 to 30 km (M6 set 2) and magnitude 7 at fault-distance range 50 to 100 km (M7
set 2). Artificial records used were selected from a national database of earthquake

records published by Atkinson (2009).

I'he ten records selected were based on consideration of minimizing standard deviation
and recommendations on appropriate scaling factors as outlined in Atkinson (2009) as

presented in Table 9.

lable 9 - Ten artificial records and scaling factors based on Atkinson (2009)
M Record No Scaling factor
vy
6C2 1 0.438
6C2 3 0.697
6C2 5 0.600
6C2 | 9 0.468
] o —
6C2 15 0.668
7C2 | 0.586
72 2 0.706
72 3 0.643
7C2 7 0 ;.\' 1
+
1C2 8 0.790

I'he percentile mean of the spectral accelerations for these artificial scaled records as

compared to the uniform hazard spectrum for Halifax is presented in Figure 14.
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Figure 14 - Spectral acceleration
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vs. time for percentile mean of the scaled artificial records as compared with UHS for Halifax

Historical records were selected from a database of earthquake records by McGuire
!

(2004). The same ten records as used by Caruso-Juliano (2012) for eastern Canada

(Montreal) were chosen and are presented in Table 10. The historic earthquake records

were scaled such that their response spectra were matched to the uniform hazard spectrum

presented in the NBCC for Halifax, as recommended by Atkinson (2009). The scaling

factors are presented in Table 11.

l'able 10 -

I'en historical records based from McGuire (2004)

No NGA Event

No

: CCNO090 Jan. 17, 1994 Northridge

WAI290 | Jan. 17,1994 Northridge
HNT000 | Jan. 17, 1994 Northr idge _

I | DEL09O | “mrmiznr[hud;c

S | H-EO1140 | Oct 15, 1979 Imperial Valley |

H-CXO315 | Oct 15, 1979 Imperial Valley

7 | MUL279 | Oct. I. 1987 Whittier Narows

§ | A-STC090 | Oct. I. 1987 Whittier Narows |
9 INDOOO = June 28. 1992 Landers

10 HOS180 TIIHT:\_ 1992 Landers #|

My,

6

6

0 | Beverly Hills - 14145 Mulhol |

6

Station

LA-C L|1t7i:r}7t ity CC North
H!!Hl\ﬂ;:d‘: Beach Waikiki
Huntington Beach Lake St
| Lakewood Del Amo Bvld
[ = EIX entro Array #1

5 Calexico Fire Station

0 Northridge- 17645 Saticoy St

Indio-Coachella ( ;u]

3 | San Bernardino-E&Hospitality







: DI
5 | H-EOI14 i
6 | H-CXO315

7 | MUL279

2 | A-STC090 | 157
9 | INDDOO | 0436
10 | HOSI80 | 0.398

'he percentile mean of the spectral accelerations for these historic scaled records as

compared to the uniform hazard spectrum for Halifax is presented in Figure 15.

!
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Figure 15 - Spectral acceleration vs. time for percentile mean of the scaled historic records as compared with UHS for Halifax
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- CBF Test Program

['esting of CBF braces and their connections was conducted by Caruso-Juliano (2012) on
double-angle braces which were extracted from the PMQ Sector 4 Rio Tinto facility
(1967) in Sorel-Tracy, Québec. These braces were separated such that 7 single and 6
double angle tests were performed, with the remaining angles reserved for coupon tests.
I'he testing protocol was taken from FEMA 461: Interim Protocol I — Quasi-Static Cyclic

l'esting (FEMA 2007) (Caruso-Juliano 2012).

Caruso-Juliano (2012) observed that net section fractures of varving ductility occurred in
the braces tested as the dominant failure mode. As well, there was no gross yielding over
the entire brace length. only concentrated plasticity in the net-section. The most brittle
net-section fracture occurred at 0.39% elongation of the length of the brace. but
elongations were observed up to 1.85% for the existing braces. Retrofitted braces were
also tested where axial elongations were seen up to 6.17% (Caruso-Juliano 2012).

Other failure modes, including bolt shear, block shear, bearing and gross vielding have
been observed by Hartley (2010) and Castonguay (2010). :

3.8 OpenSees model for nonlinear analysis

For nonlinear time history dynamic analysis the inelastic response and behavior of the
buildings to earthquake ground motions was determined analytically using OpenSees.

Open System for Earthquake Engineering Simulation (OpenSees 2011).

In the direction parallel to the ground motion both braces were considered to be affected
by the same motion equally, therefore only one braced bay was modeled due to the
symmetry of the structure. Analysis of the building was performed for ground motions in
the E-W direction only, in the direction of the ground acceleration, iig. as shown in Figure
16. The analytical model was developed to consider the nonlinear seismic behaviour of

the CBFs. including the flexibility. strength. and distributed mass of the roof diaphragm.
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ure 16 - Conceptual plan view of OpenSees model from Caruso-Juliano (2012)

I'he roof diaphragm was modelled as a flexible diaphragm using translational horizontal
springs, for shear stiffness, and elastic beam-column cicmc'nl,\ connecting each of the
translational springs for flexural stiffness. The shear rigidity of the diaphragm was
included in the model by assigning diaphragm shear stiffness, G’. as calculated based on
the SDI method as outlined in Section 3.3.4, to the translational springs. The flexural
rigidity of the diaphragm was included by assigning the diaphragm moment of inertia
based on the exterior collector beam, which function as the diaphragm chord members. to

the elastic beam-column elements (Caruso-Juliano 2012).
[=2A¢(d/2)? [3-34]

where A is the area of the collector beam flange area and d is the width of the diaphragm

in the E-W direction (Medhekar et al. 1999).

Additional dummy columns with their corresponding gravity loading and attached to the
diaphragm and CBF with rigid links were included to account for P-A effects (Medhekar

etal. 1999). as shown in Figure 17. These P-A columns were modelled using an elastic

beam-column element with infinite rigidity.
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Figure 17 - P-A columns concept in OpenSees model from Caruso-Juliano (201

I'he lateral stiffness was provided by the diagonals of the CBF, modelled using a
nonlinear beam-column element divided into fiber elements such that bi-axial bending as
well as axial load and buckling effects were included. Braces were divided into 10 fibre
elements across the depth and 4 across the thickness of the element, as shown in Figure

18 (Caruso-Juliano 2012)

as! :
¥ e R
, ~
:1 earn
’ N\
5
/ \
Y
~ 7 *
o B
~ P
: a) b)

Figure 18 - a) Bracing bent spring model and b) Discretization of brace member. Caruso-Juliano (2012

An initial out of straightness of L/500 was assigned to the middle of the brace to induce

the buckling behaviour. A material property of Sree/()2 was assigned to the braces which
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accounted for isotropic strain hardening. This same property was also assigned to the out-
of-plane rotational stiffness of the “zeroLength™ OpenSees elements which made up the

gusset plate element in the model. Elastic material properties were assigned to these

zeroLength elements to reproduce the axial stiffness of the gussets (Caruso-Juliano 2012)

I'he OpenSees model was calibrated by adjusting F,. F, and gusset plate rotational springs

using data from the physical tests as described by Caruso-Juliano (2012).

I'he seismic mass at the roof level was included for half of the building’s area since only
one braced bay was modeled due to the symmetry of the structure. Mass tributary to the
braced frame was applied to the columns in the braced bay. as shown by the red hatch, in

Figure 16, while the remaining mass, as shown by the blue hatch, was assigned to the P-

A columns equally (Caruso-Juliano 2012).

Mass and stiffness proportional damping was included. with 2% critical damping
considered. For the time history analysis. a Krylov Newtown algorithm was used with an

integration time step of d/30. :

3.8.1 Failure Criteria

Failure modes explicitly modeled using OpenSees included global buckling and low-
cycle fatigue. Local-buckling of the braces, net-section failure and failure of the
connections of braces, was not explicitly considered. Other failure modes neglected in
modelling include global and lateral torsional buckling of the beam. as well as fracture.

base plate failure and buckling of the column.

OpenSees modelling did not account for material degradation. For each ground motion
collapse was judged to occur either directly from dynamic analysis as evidenced by
excessive lateral displacements or assessed indirectly through non-simulated component

limit state criteria (FEMA-P695).

['0 account for failure modes not explicitly modeled a failure criteria associated with
brace elongation was used to account for connection failure in the performance evaluation
process. Modes of failure considered were net section failure, bearing failure, bolt shear,

and block shear failure.
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I'hree limit state criteria for net-section fracture were used based on tests by Caruso-
Juliano (2012). Four limit state criteria for bearing, block shear, bolt shear and gross yield

were used based on a report by Castonguay (2010).

I'he ratio of ultimate deformation over length (8,,/L), converted into a percentage drift,
was used to establish the limits for the seven limit state criteria previously defined. As
each building had a different geometry and brace length the ratio of ultimate deformation
over length (6,,/1.) varied for each configuration and each limit state criteria. This ratio
was also dependent on the test program, as the brace length considered in the testing was
not the same as the buildings used in this study. The ratios were therefore also adjusted to

take into account the elastic vs. inelastic yield length of the braces.

3.8.2 Incremental Dynamic Analysis (IDA)
An incremental dynamic analysis (IDA) method was used in order to evaluate the seismic
response of the CBFs, and to obtain maximum building drifts and forces. This method
uses a series of ground motions with increasing incremental intensity until failure is

)
reached (Uriz & Mahin 2004). For Halifax the IDA was performed for 16 structures. 20

ground motions, and scaling factors from 0.2 to 6.0. Each IDA had 7 failure criteria. as

described in Section 3.8.1.

3.9 Performance level and acceptance criteria

In the NBCC 2010, a building’s performance under seismic loading is primarily judged
by the system satistying strength criteria as defined in CSA S16-09 and drift limits. The
goal is to prevent major failure and loss of life. For buildings in the normal importance

category a drift limit of 2.5% is specified in the NBCC.

Chapter 7 of FEMA P695: Quantification of building seismic performance factors
cutlines a methodology for performance evaluation of buildings for seismic events. which

is based on establishing global seismic performance factors (FEMA 2009, NEHRP 2010).

c

['0 establish minimum acceptable performance in this study based on the usage of non-

simulated failure criteria FEMA P695 methodology is employed. As well, spectral

acceleration — fragility curves are used to represent probability of failure, as presented in

Section 4.
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For the evaluation based on FEMA methodology. the buildings as outlined in Table | of
this report were divided into performance groups, based on common building features or
behavioural characteristics. In this study the seven failure criteria as defined in Section

3.8.1 were used to define the performance groups. The study contains sixteen archetype

buildings according to FEMA nomenclature (FEMA 2009, NEHRP 2010).

\cceptance criteria were based on measuring the probability of collapse using the
collapse margin ratio (CMR), and comparing it to acceptable values. The collapse margin
ratio (CMR) was calculated for each archetype as the ratio of the median collapse
intensity, Scr. to the maximum considered earthquake (MCE) spectral demand. Sy

(FEMA 2009, NEHRP 2010):

oy

i
sd

I

(JMJI:%

Since the earthquake records used in the study are based on matching the uniform hazard
spectrum the maximum considered earthquake spectral demand. Syr, was taken as 1.0.

1
As such the collapse margin ratio (CMR) was equal to the median collapse intensity, Ser.
['he collapse margin ratio (CMR) was then modified to account for the effects of spectral
shape, using a spectral shape factor for each archetype. This is called the adjusted

collapse margin ratio (ACMR) where for each archetype. i (FEMA 2009, NEHRP 2010):
ACMR;=SSF; xCMR; [3-36]

['he spectral shape factor, SSF, varies according to the fundamental period, T, and period-

based ductility; py. Values for SSF as per FEMA P-695 are presented in Table 12 (FEMA

2009, NEHRP 2010).
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SS| Period based ductility, py
I (sec.) |
|
( i 1.0 | | )
| .« | {
08 1.00 | 1.03 | 1.0¢ 8 |
) I.( 1.03 | 1.07
1.0 IO 04 1.08 1.1 14
1.1 | .0« 1.04 1.08 1.11 115 R
' 1.00 | 1.04 | 1.09 | 1] i |12
I 1.0 1.05 1.1 1.1 8 27
14 1 00 1.05 1.1 1. 14 119 <
1.5 1.00 1.05 1.11 115 1.25 I

I'he period-based ductility, wr, was taken as the ratio of ultimate roof drift, A,. to effective

yield drift, A, ¢r. from non-linear analysis (FEMA 2009, NEHRP 2010):

~ -
-37]

Hr= AL'/’A\"‘H ’ |~‘ -

FEMA P-695 accounts for uncertainty by introducing quality ratings which are assigned
for design requirements, test data, non-linear modelling, and record-to-record uncertainty.

['otal system collapse uncertainty, Byor, is then (FEMA 2009, NEHRP 2010):

7 ) ) ) ~ ~O
Bror=+v B“rrr+B“pr+B*rp+B-yp [3-38]

Record-to-record uncertainty is due to variability in response to different records and
accounted for using the factor Bryr. For buildings with significant period elongation (=
3) a value of Brir equal to 0.40 is recommended. For buildings with little or no period
elongation (pr < 3) the value of Bryg is variable according to period-based ductility, .

A factor Brir of 0.40 was assigned to this study.

Design requirement uncertainty is due to level of robustness in design requirements and
accounted for using the factor Bpg. based on the quality of design requirements as

outlined in Section 3.4 of FEMA P-695 (FEMA 2009). A factor Bpr of 0.30 was assigned

to the design for this study.







l'est data uncertainty is due to level of completeness and robustness of test data used and
accounted for using the factor Bp. based on the quality of test data as outlined in Section
3.6 of FEMA P-695(FEMA 2009). A factor Brp of 0.45 was assigned to the test protocol

used in this study based on recommendations by Caruso-Juliano (2012).

Modelling uncertainty is due to level of accuracy in modelling structural response and
accounted for using the factor Py, based on the quality of structural modelling as
outlined in Section 5.7 of FEMA P-695(FEMA 2009). Test data was used to calibrate
analytical models as described by Caruso-Juliano (2012) using brace subassembly tests
However, as seen in Section 3.8.1 of this report not all brace failure modes were explicitly
accounted for in modelling. Also, the use of fibre element for the brace imposed a limited
ability to simulate local buckling (NEHRP 2010). A factor By of 0.45 was assigned to
the analytical models used in this study as per recommendations by Caruso-Juliano

(2012).

For each performance group, the acceptable adjusted collapse margin ratio, ACMR
was determined from Table 7-3 of FEMA P-695 based on total system collapse
uncertainty, 3yor. Within a performance group the acceptable adjusted collapse margin
ratio for a specific archetype is denoted ACMRs,. and determined from Table 7-3 of

FEMA P-695 as well (FEMA 2009, NEHRP 2010).

For each performance group. the acceptable adjusted collapse margin ratio, ACMR s,. is
compared to the average adjusted collapse margin ratio, ACMR, of all archetypes. This is
based on limiting the probability of collapse under the maximum considered earthquake
(MCE) to 10%. Within each performance group, the acceptable adjusted collapse margin
ratio is relaxed to a probability of collapse of 20%, ACMR;,. and compared to the
adjusted collapse margin ratio. ACMR, of each archetype individually. This recognises
that although the average probability of collapse for a performance group must satisfy
more stringent requirements, individual archetypes may exceed a 10% probability of

collapse (FEMA 2009, NEHRP 2010).
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Sources of error in the determination of performance criteria include the judgement used
in interpreting the results of the nonlinear time history dynamic analysis, in assessing

uncertainty, and in the rounding of values in the design (FEMA 2009)

3.10 Summary

Braced frame and building dimensioning was carried out using the 1965 National
Building Code of Canada and S16-1965 for the buildings outlined in Table 1. A set of
twenty earthquake records were selected to form the basis of non linear analysis from
both artificial and historic earthquake databases. These were used with an incremental
dynamic analysis and OpenSees model which was calibrated according to test results on
CBFs by Caruso-Juliano (2012). Failure criteria associated with brace elongation were
used in the performance evaluation process. Modes of failure considered were net section
failure. bearing failure, bolt shear, and block shear failure based on testing by Caruso-
Juliano (2012) and Castonguay (2010). Seven limit states criteria were established and
used as the basis to establish minimum acceptable performance in this study based on
FEMA P695 methodology. Acceptance criteria were basedon measuring the probability

of collapse using the adjusted collapse margin ratio (ACMR), and comparing it to

acceptable values, ACMR g, and ACMRp,.
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Chapter 4 — Results

4.1 IDA Analysis

['he results from the incremental dynamic analysis (IDA) described in Section 3.8.2 of
this report are presented in Figure 19 to Figure 22 for buildings type 2H, 7H. 8H, and

16H. Maximum percent storey drift is plotted against the ground motion scaling factor for
each earthquake ground motion. Building type 2H is representative of the buildings in this
study on the smaller scale. while 7H and 8H are representative of medium sized

buildings, and 16H is representative of buildings of a larger scale. Each of the seven
failure criteria outlined in Section 3.8.1 of this report is represented by a vertical red line
at the maximum storey drift corresponding to the onset of failure based on testing by
Caruso-Juliano (2012) and Castonguay (2010) as numbered in Table 13. Figures for the

results of the IDA for all sixteen buildings in this study are presented in Appendix D.

A scaling factor of 1 to 1.5 generally corresponded to initiation of the first failure criteria.
corresponding to net section failure NS1. Failure due to bolt shear was the next
predominate failure mode. followed by net section failure N'S2. block shear, bearing. and
net section failure NS3. The scaling factor at which each occurred varied greatly
according to the earthquake ground motion under consideration. From the [DA results it
can be seen that at a scaling factor of 6, most of the earthquake ground motions did not

initiate the failure criteria of yield, corresponding to 2.5% storey drift.

[able 13 - Seven failure criteria in IDA analysis

Failure Criteria

| NS1GBsa)
|1 ] NS2@3Cs)
iii NS 3 (3As)

iv_| Bolt Shear (D05X) #
V| Block Shear (D06X)

| Vi | Bearing (D03X)
vil | Yield (drift)
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4.2 Fragility Curves

-

For each earthquake ground motion the value of the maximum drift at each scaling facto
was assigned a value of 1.0 if it exceeded the maximum storey drift corresponding to the
onset of failure for each of the seven failure criteria described in Section 3.8.1, and a

value of 0 if it did not. The fragility curves were then constructed from the median value

of these results, corresponding to the collapse probability, versus the scaling factor

I'he curves were then adjusted according for the lognormal standard deviation parameter,
Pror. which describes total collapse uncertainty. From Equation 3-8, a value of B0

0.80 was used for all buildings in this study. The original and adjusted fragility curves are
presented in Figure 23 to Figure 26 for buildings type 2H, 7H. 8H. and 16H. The legend
for seven failure criteria of fragility curves is shown in Table 14. Figures for the fragility

curves for all sixteen buildings in this study are presented in Appendix E.

lable 14 - Legend for seven failure criteria of fragility curves

Fragility Curves
<> i) NS1
i) NS2
_ i) NS3
Z\ iv) Bolt Shear
X v) Block Shear

7 vi) Bearing

&5 vii) Drift
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Figure 25 - Fragility curve (left), and adjusted curve for uncertainty (right) for building 8H

’
1 1
09 09
0.8 08
0.7 0.7
::_;_:'_UG :.;06
gﬂﬁ ED‘\
2 7
;704 ;:704
—LH *'03
0.2 0.2
0.1 01
0 ! 0
D OB 1562 25 3 35 4455 556 0051 1.5 2263 35 4 455 55 8

Scaling Factor, Si Scaling Factor. SI
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For certain buildings, such as type 8H, the vield drift criteria of 2.5% were not reached
for any of the ground motions for scaling factors 0 to 6. Dimensioning of the brace, in
these cases was sometimes goy erned |1:\ the need to accommodate the bolted connection
in either a single or double row of bolts as described in Section 3.3.1. As such, the braces
were larger than required solely for tension capacity, leading to an increased lateral

stiffness and better drift performance.

4.3 Building evaluation according to FEMA P69YS acceptance criteria

As discussed in Section 3.9 the acceptable adjusted collapse margin ratio, ACMR ¢, and
ACMR,e,, were determined from Table 7-3 of FEMA P-695 based on total system
collapse uncertainty. Bror = 0.80. ACMR (e, was determined to have a value of 2.79,

while ACMR e, was determined to have a value of 1.96.

l'able 15 - Adjusted collapse margin ratio (ACMR) for all 16 building and 7 failure criteria

ACMR Values
Building NSI NS2 NS3 Bolt Block | Bearing Drift
IH 241 3.12 4.25 2.92 33y 3.60 NA
2H 2.29 3.03 4.18 2.73 3.16 3.47 NA |
3H 2.40 3.05 3.92 2.75 3.14 | 325 NA
4H 298 | 399 | 396 | 280 | 344 | 343 | NA
SH 1.98 2.55 3.32 2.21 2.76 2.85 NA
6H | 193 2.55 3.27 2.08 1. | A% NA
H [ PSR 9Ee | 55 | 88| 288 | 288 | NA |
8H 346 | 38 | a4 3.35 397 | 395 NA |
9oH | 2.80 3.57 4.40 3.03 3.72 3.74 NA
10H 2.54 3.27 4.08 283 3.42 341 | NA |
LIH 241 3.17 3.92 2.56 3.38 330 | NA
12H 223 2.83 3.56 2.30 3.05 2.86 NA
13H 2.56 3.03 3.60 2.67 3.13 931 UBA
i4H 2.34 2.82 3.28 2.43 293 | 28 | NA
15H 288 | 349 | 429 | 293 365 | 350 | NA
16H 2.22 2.92 3.63 2.20 3.09 282 | NA
AvgH | 242 3.08 3.89 | 2.6l 324 | 324 | NA
For each of the seven failure criteria, the acceptable adjusted collapse margin ratio,

ACMR e,. was compared to the average adjusted collapse margin ratio, ACMR, of all 16







hlliitlll\;’\ Within each of the seven failure criteria, the ac LL';‘EJML' adjusted collapse
margin ratio was relaxed to a probability of collapse of 20%, ACMRs,. and compared to
the adjusted collapse margin ratio, ACMR, of each of the 16 buildings individually.

['hese results are ["I'L"rCIHL'Li in Table 15.

As shown in Table 15 acceptable performance was not achieved for NS1 (net section). In
this case the average value of the adjusted collapse margin ratio and the individual value
of the adjusted collapse margin ratio for building 6H did not exceed ACMR10s, and

ACMR20s.,. respectively.

As well, acceptable performance was not achieved for the bolt shear failure criteria
because although the individual values of the adjusted collapse margin ratio for all
buildings exceeded ACMR;p0, = 1.96 the average value of the adjusted collapse margin

ratio did not exceed ACMR g0, = 2.79.

On average, the yield drift criteria of 2.5% were not reached for scaling factors 0 to 6. As
such, a specific value of adjusted collapse margin ratio, ACMR. could not be calculated.
However, as this limit was not reached it can be inferred that a failure criteria associated

with drift was not critical for these buildings.

[n general, although acceptable performance was not achieved in all cases. the buildings,

on average, performed well.
£e. |

4.4 Evaluation of an example building using dynamic modal analysis and
NBCC 2010

Building type 7H was modelled using Advance Design America (ADA) software (Graitec

2010) using a dynamic modal analysis, as would be done by a design engineer evaluating

an existing building using seismic design criteria as outlined in the NBCC 2010, and

compared to the OpenSees results.

['he seismic weight. W, was taken as the total weight of the structure as per NBCC 2010,

and included the dead load and 25% of the design snow load.
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I'he building as designed for the CSA S16-1965 Steel Structures for Buildings Standard
(CSA 1965) and the 1965 National Building Code of Canada (NRCC 1965) was

presented in Figure 11 and Figure 12.

['he ductility-related force modification factor, Ry, was taken as 1.5 and the overstrength-
related force modification factor, R, was taken as 1.3 for the case of conventional
construction as defined by Clause 27.11 of CSA S16-2009. As such the elastic base
shear, V.. determined from dynamic analysis using the ADA model period was divided
by the product of R4R, to determine the base shear from dynamic analysis, V4. NBCC
2010 requires that the base shear from dynamic analysis, V4, be scaled such that it is not
less than 0.80 times the static design base shear, V., as presented in Section 3.4.3 of this
report. The structure was considered regular as it did not present torsional sensitivity as
defined by the NBCC 2010. As well. the static base shear. V. was determined with a

ceiling on the fundamental period of 0.05h,, for braced frames, where h,, is the height of

the structure.

!

As such the period was taken as (.35 seconds for the building, and the spectral
acceleration at the fundamental building period. S (T,), was taken as 0.19. In comparison,

the OpenSees and ADA model had periods of 0.78 sec and 1.26 sec respectively.

['he calculation of tinal base shear is shown in Table 16. This value was controlled by the

limit of 0.80 times the static design base shear. V

I'able 16 - Final base shear for analysis using base shear from dynamic analysis, V4. and the design base shear, V

V. (kN) [V, (kN) [V (kN) [0.8V (kN) [ Ve..i (kN) |

241 124 [

308 | 246 | 246
In the calculation of base shear the higher mode participation factor. M., and the
importance factor for earthquake load for normal category buildings were both taken as

BT

From the ADA model the maximum tension force in each brace in the East-West bays
was 102 kN. The braced frame had an elastic horizontal displacement of 9.87 mm in the
East-West direction, corresponding to 0.0014% drift.
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\ category of conventional construction would, for Halifax, not entail additional
verification that the diaphragm and connections of primary framing members were
designed such that the failure mode was ductile, or for gravity loads combined with a
seismic load multiplied by Ry =1.50 since [gF,S4(0.2) = 0.23, which is less than the limit
of 0.45 ]‘I'L‘\(['I}\Ckl h\ Clause 27.11 of CSA S16-2009. However, due to the increase in
seismic lateral load as compared to the 1965 design, the diaphragm fastener pattern

presented in Table 5 was determined to be no longer adequate in the long direction (E-

W)

4.4.1 Comparison example building using dynamic modal analysis and NBCC
2010 to OpenSees model results

For comparison to the dynamic modal analysis of building type 7H the results from the
OpenSees model at scaling factor 1.0 were examined. This scaling factor corresponds to

the UHS for Halifax as outlined in the NBCC 2010. The resulting brace tension force, T,

base shear, V. and horizontal displacement, Appace. are presented in Table 17 for the

twenty earthquake ground motions studied. ’
lable 17 - Results of OpenSees analysis for ground motions 1 through 20

|SF| T (kN) |V (kN) | Ay

_ e (MM)
[GM1[1] 63 | 80 T
(6M2 | 1| 211 | 175 16.05
fheManha hotas | a1 [ 1137
[aM4a 1] 93 | 87 8.14
[GMs [ 1| 208 | 173 | 15.26
[GM6 | 1| 175 | 149 [ 14.84
GM7 [ 1| 9 | 89 9.15
(gM8 [ 1 [ 179 | 152 14.68
(M9 [ 1| 210 | 185 | 2062
(GM10[ 1| 167 | 143 | 1413
GM11| 1 [ 33 [ 4 3.68
IGM12] 1] 237 | 195 | 2449
IGM13] 1 [ 176 | 153 15.28
lM14[ 1| NA | NA [ Na
GMI5[ 1| 73 | 86 8.81
GMl16[ 1| 211 | 179 | 2195
laM17[ 1 [ 21 | 29 S5
igMi1s[ 1 [ 41 | 50 8.68
(GM19] 1 [ 18 | 110 [ 13.02
(GM20[ 1 [ 23 | 36 [ 920
[AVG [ 1] 123 | 11 12.17

62







['he maximum tension force in each brace and horizontal displacement in the ADA
model. which are calibrated to the [k‘L]HirCIHL'HI\ of 0.80 times the static base shear

presented in the NBCC 2010, was 102 kN, with an elastic displacement of 9.87 mm.

From the OpenSees results for all ground motions, tension force and displacement varied

greatly, however the average was 135 kKN and 13.45 mm.

['ension resistance using CSA-S16-09 Clause 13.2 was calculated, from Equation 3-29 as
120 kN considering a bolted connection with 4 one inch bolts in a single row, where

tension resistance calculations accounting for shear lag governed.

For the seven failure criteria identified in Section 3.8.1 of this report, the maximum drifi

)

corresponding to each is shown in Table 18.

lable 18 ~Maximum drift for failure criteria of building 7TH

' NSI | NS2 | NS3 | Bolt | Block | Bearing | Yield |
| Max Drift (mm) | 31.5 | 405 | 53.7 | 339 | 428 | 427 |1

1}

Max Drift (%) | 0.45 | 0.58 | 0.77 | 048 | 0.61 | 0.61 | 2.50

Both the results for maximum horizontal displacement in the ADA and the OpenSees
model did not surpass these limits. However, on average, the OpenSees results had higher
brace forces and displacements than the ADA analysis using a ductility-related force
modification factor and overstrength-related force modification factor for the case of
conventional construction. This may imply that the force modification factors assumed in
the case of conventional construction may not be applicable for the standard construction
of all buildings since a nonlinear analysis may demonstrate higher design forces. although

the elongation failure limits were not exceeded.

4.5 Summary

['his report is complimentary to a study of similar scope by Caruso-Juliano (2012)
evaluating the performance of CBFs in one-storey steel structures built with the 1965
National Building Code of Canada (NBCC) and CSA-S16-65 (CSA 1965) for the cities of
Abbotsford and Montreal. Caruso-Juliano (2012) determined that for Abbotsford the

performance was generally unsatisfactory for all seven failure criteria, while the same
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buildings analysed for earthquake ground motions calibrated to the Montreal UHS
performed satisfactorily. This is due to the fact that although seismic design criternia was
the same for these two cities using the 1965 National Building Code of Canada (NRC(
1965), the uniform hazard spectrum specified in the 2010 National Building Code of
Canada (NRCC 2010) varied greatly with Abbotsford having significantly higher spectral

accelerations (Caruso-Juliano 2012).

FFor Halifax, in general, although acceptable performance was not achieved in all cases,
the one-storey steel structures built with the 1965 National Building Code of Canada. on

average, performed well, for the seven failure criteria outlined in this study.

In the NBCC 2010, a building’s performance under seismic loading is primarily judged
by the system satisfying strength criteria as defined in CSA S16-09 and drift limits. For
buildings in the normal importance category a drift limit of 2.5% is specified in the
NBCC. For all three cities (Abbotsford, Montreal. and Halifax) the 2.5% drift failure

criteria was satisfied.

For Halifax, with a maximum scaling factor of 6, most of the earthquake ground motions
did not initiate the failure criteria of yield, corresponding to 2.5% storey drift. For certain
buildings. such as type 8H, the yield drift criteria of 2.5% were not reached for any of the
ground motions for scaling factors 0 to 6. As such, a specific value of adjusted collapse
margin ratio, ACMR, could not be calculated for the yield criteria. However. as this limit
was not reached it can be inferred that a failure criteria associated with drift was not
critical for these buildings. In some cases brace selection was often governed by the need
to accommodate the bolted connection such that the braces were larger than required
solely for tension capacity, leading to an increased lateral stiffness and better drift

periormance.
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Chapter 5 - Conclusion

['he behaviour of one-storey steel structures built with the 1965 National Building Code
of Canada (NRCC 1965) and CSA-S16-65 (CSA 1965) under current building code
standards for seismic kiL’\ii_’l] was studied in order to evaluate the performance of ( BFs in
order to provide recommendations for seismic evaluation and rehabilitation requirements
for such existing buildings for future building codes. This was done for the city of Halifax
as a complimentary study to one of a similar scope by Caruso-Juliano (2012) evaluating
the performance of CBFs in one-storey steel structures built with the 1965 National
3uilding Code of Canada (NBCC) and CSA-S16-65 (CSA 1965) for the cities of

Abbotsford and Montreal.

I'he response of a series of sixteen one-storey buildings with varying aspect ratios and
heights was studied, subjected to ten artificial and ten historical earthquake ground
motions, using an analytical OpenSees, Open System for Earthquake Engineering
Simulation (OpenSees 2011) model for nonlinear time history dynamic analysis.

1

5.1 Analysis Conclusions
I'he intended performance level in the design earthquakes, as well as the acceptance
criteria used in the braced frame analysis was established using FEMA P695 (FEMA

2009) criteria.

Although acceptable performance was not achieved in all cases, the one-storey steel
structures built with the 1965 National Building Code of Canada, on average, performed

well, for the seven failure criteria outlined in this study for the city of Halifax.

In comparison, Caruso-Juliano (2012) determined that for Abbotsford the performance
was generally unsatisfactory for all seven failure criteria, while the same buildings
analysed for earthquake ground motions calibrated to the Montreal UHS performed
satisfactorily, since seismic design criteria was the same for these two cities using the

1965 National Building Code of Canada (NRCC 1965).

An example building was compared using a dynamic modal analysis, as would be done
by a design engineer evaluating an existing building using seismic design criteria as

outlined in the NBCC 2010, to the non linear OpenSees results. On average, the
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OpenSees model results had higher brace forces and displacements than the dvnamic
modal analysis analysis using a ductility-related force modification factor and
overstrength-related force modification factor for the case of conventional construction
['his may imply that the force modification factors assumed in the case of cony entional
construction may not be applicable for the construction of all buildings since a nonlinear

analysis may demonstrate higher design forces. The elongation failure limits, as defined

for the seven failure criteria. however, were not exceeded for either case.

- Recommendations for future research

I'o account for failure modes not explicitly modeled using OpenSees failure criteria
associated with brace elongation was used to account for connection failure in the
performance evaluation process. Modes of failure considered were net section failure.
bearing failure, bolt shear. and block shear failure. Additional testing of existing brace
specimens could be conducted in order to include additional model degradation
mechanisms in the modelling and supplement the seven modes of failure seen in this

study. ,

\s well. considering base shears calculated with the 2010 National Building Code of
Canada exceed those calculated using the 1965 code, diaphragm strengthening may be
required for such existing buildings. As suggested by Caruso-Juliano (2012). studying the
sixteen one-storey buildings in this study with a diaphragm retrofit would be valuable for

comparison to the unreinforced case.

Additionally. it was seen that the force and deformation of an example building validated
using dynamic modal analysis as outlined in the NBCC 2010, and assuming
“conventional construction™ may be less than that using a nonlinear analysis. This may
imply that the force modification factors assumed in the case of conventional construction
may not be applicable to all building cases. Only one building was studied for this case,
and for such a conclusion to be drawn. however, additional research should be

undertaken. including analysis of other building sites besides Halifax.
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Appendix A
Design of building 7H for 1965 National Building Code of Canada (NRCC 1965) and

CSA-S16-65 (CSA 1965).







CALCULATION PROECT 1O
SHEET MENG
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PAGE OF
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Locatior HALIFAX
Frame 7000
“ n Height
Building s
Height
Bay Width =
7500
(mm)
i 43.03
Brace R
Length a
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!
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Appendix B

IDA analysis and results of building 7H from OpenSees data
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Appendix €

Sample calculation of building 7H for FEMA P-695 acceptance criteria
For Building 7H

¢ (Ground motion : |
e Scaling factor : |

» Failure criteria: NS|
From testing by Caruso-Juliano (2012):

-

Failure Oy (mm) | P (KN) | Lio; (mm) | Lo (mm) | Ay (mm©)

NS1(3Bsa) | 12.1 | 402.0 | 3070 | 2286 1362

where:

o, = ultimate elongation of brace tested:

P = axial test load:;

Lo = total length of brace tested:

L.cny = length of connection of brace tested:

Aq = area of brace tested.

Removing elastic portion of elongation, d¢juic. from the ultimate elongation, d,:

P(Leot—Leny)
Sl Hans = mm

(Ou =, (‘):‘h.'nffa )Ee'\t =

Applying test results to building 7 (Layout Be¢) with:

| Structure Type | Lirace (Mm) | Aprace (mm°) | Width Bay. W (mm) | Height, H (mm)
7 | 10259 768 7500 7000
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Adjusting for length of brace for building 7H versus test results, the ultimate elongation

for the braced bay in building type 7, (8,) 51 p 7 becomes

(8.)gip 7 = (04 = Betastic) test + —— = 23.0 mm

tastie

Such that the percent elongation at failure is:

(Ou)BLD 7

L

brace

x 100 =0.22%

% (Oy)BLp7 =

Maximum building drift at failure:

8)so7 = {VWorace + 0)ain )2 — HA — W} =31.5 mm

Such that the percent drift at failure is:

- (Ay)BLID 7 e
0p A, = 2227 + 100 = 0.45%
H

!

['hen from IDA analysis for ground motion | and scaling factor 1.0:
Aprace = 8.499 mm

['his corresponds to a percent drift of:

Apy 1ce N0
% A_;,,-”:, — —orace x 100 0.1 0

['he percent drift is averaged for the 20 ground motions, for every scaling factor. For

scaling factor 1:

GM 20

z % Aprace |/ 20 = 0.19%
/

\GM 1

['he percent drift at failure of 0.45% is therefore seen to occur between scaling factors

and 2.2, which have average drifts of 0.40% and 0.51% respectively. Therefore the

median collapse intensity. Sqr. 1s then interpolated for the percent drift at failure between

these scaling factors :
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Since the earthquake records used in the study are based on matching the uniform hazard

spectrum the maximum considered earthquake spectral demand. Sy, 1s taken as 1.0, As

uch the collapse margin ratio (CMR) is equal to the median collapse intensity, S¢

= Sy =0

. \\ [
CMR=—

OMT
['he period-based ductility, puy. is taken as the ratio of ultimate roof drift. A,. to effective

yield drift, A,. The drift at yield is calculated based on the elongation at yield, &,, and the

3 R'M hi;ld, |J\i

B Lt
N yHOrace -~
byi=r=— = 20.0 mm
) lr‘“‘*f‘-‘li(l‘

4y = {\/{(me, g r‘i_\.)J — H~’| - H'} = 27.3mm

ur=A4,/4,=1.15

I'he spectral shape factor, SSF, varies according to the fundamental period. T, and period-
based ductility; py. For a period of 0.779 for building 7H. SSF is interpolated as1.03.
['he adjusted collapse margin ratio (ACMR) is then calculated for failure criteria NS1:

A

ACMRys; =SSFnsi XCMRyg,=2.17

l'otal system collapse uncertainty, Byor, is calculated as:

Bror=v B?grr+B%pr+B%rp+B*mpr = 0.80

where:
B‘{‘l\:“‘l’(] |“|'E\' “‘\U II)H\ ”—I'_;. “\!;1! l:'—l-_:\

From Table 7-3 of FEMA-P695 the acceptable adjusted collapse margin ratio, ACMR
for each performance group is taken as:
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ACMR,, 2.79

I'he acceptable adjusted collapse margin ratio for a specific archetype, ACMR .. 15

taken as:
ACMR,q0, = 1.96

For each performance group, the acceptable adjusted collapse margin ratio, ACMR e, is

compared to the average adjusted collapse margin ratio, ACMR. of all archetypes
For NSI, the average adjusted collapse margin ratio, ACMR is:
ACMRNg1=2.42 < ACMR,,

Within each performance group, the adjusted collapse margin ratio, ACMR, of each
archetype individually is compared to the acceptable adjusted collapse margin ratio

relaxed to a probability of collapse of 20%, ACMR ... For the critical case, 6H:
’

ACMRg;;=1.96 < ACMR,,

NS1 does not meet the performance criteria.
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Results of 1A analysis for building 8H
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Lesults of 1DA analysis for building 16H 5






Appendix F
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