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INTERACTIVE EFFECTS OF NON-STRUCTURAL
ELEMENTS ON THE BEHAVIOUR OF TALL

BUILDING STRUCTURES

by
Regina Gaiotti

Abstract

The lateral stiffening effects of c100ding and partition wa1ls, which are usually una.ccounted
for in a building structure's design, are investigated in this research project. Direct and
iterative, linear elastic finite element analyses of representative modules of these components
and their supporting primary structure were performed. These were used to study their
general lateral 1000 behaviour, and to establish their modes of interaction and induced
forces. As a resu1t, new and pra.ctical analogons strut models have been devised to allow
their incorporation in, and the analysïs of, the total building structure. The strut models
permitted the effects of the non-structural elements' interaction on the static and dynamic
responses of t;J! building structures to be studied. The ultimate objective of this work has
been to contribute towards the development of new procedures of analysis and design of
building structures bra.ced by precast concrete c100ding panels and non-10OObearing concrete
b10ckwork walls.



EFFETS DE L'INTERACTION DES ELEMENTS
NON-STRUCTURAUX SUR LE COMPORTEMENT DES

STRUCTURES MULTI-ETAGEES

par
Regina. Gaiotti

Résumé

La. plupart du temps négligée lors du dimensionnement, la. contribution du revëtement
extérieur et des cloisons internes à. la résistance latérale d'un édifice est étudiée dans ce pro­
jet de recherche. Des modules représentatifs de ces comf>osantes non-structurales et la struc·
ture primaire les supportant ont été analysés par éléments finis, en utilisant des méthodes
directes et itératives assumant des déformations élastiques linéaires. Ces analyses ont pero
mis d'étudier leur comportement sous charges latérales, et d'établir les modes d'interaction
et les forces induites. Conséquemment, de nouveaux modèles pratiques d'éléments diago­
naux équivalents ont été développés pour permettre l'incorporation de ces composantes et
l'analyse de la. structure complète les incluant. Ces modèles permettent d'étudier les effets
de l'interaction des éléments non-structuraux sur le comportement statique et dynamique
d'édifices multi-étagés. L'objectif principal de ce projet est de contribuer au développement
de nouvelles procédures d'analyse et de dimensionnement de structures contreventées par
des panneaux de revëtement en béton préfabriqué et par des murs non-porteurs en blocs de
béton.
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CHAPTER 1

GENERAL INTRODUCTION

The stiffening effect of non-structural elements in a building has been recognized for
many years, but it has generally been neglected in design procedures due to a lack of un­
derstanding of the interaction between these elements and the building's primary structure.

It has been observed in studies of building structures that the mea.sured lateral stiffnesses
and natural periods of vibration ca.n deviate significa.ntly from the values determined from
analyses of mathematical models of the structures. For example, from an experimental
study of the Empire State Building, Rathbun (1938) concluded that the non-structural
masonry increa.sed the stiffness of the steel frame by four and a half times. In another
study (Wiss and Curth 1970), the mea.sured stiffness of a 56-storey building was found to
be four times that calculated by the design engineer. Further, Ellis (1980) reported that
the mea.sured frequencies of many buildings could be as much as twice those predicted by
computer analyses. Undoubtedly, these major discrepancies are ca.used, to a large extent,
beca.use the structural analysis is ba.sed on a bare model of the primary structure, while
the stiffness provided by such non-structural elements as cladding and partition walls is
neglected.

Wind analyses of building structures that neglect the stiffening effects of the non­
structural components will result in overestimated deflections, which may lea.d to a con­
servative, less economic design of the primary structure. Further, such analyses do not
reveal the altered behaviour of the structure due to its interaction with the non-structural
elements, nor do they reveal the critical fa.ct that these elements may be subjected to forces
that in all probability exceed those for which they were designed. In the case of earthquake
loading analyses, however, neglecting the effects of the non-structural elements on the struc­
ture's behaviour ca.n lead to underestimated design forces that lead to an unconserva.tive,
unsafe design for both the primary structure and the non-structural elements.

Cladding and partition wa.1ls are the two major items usually unaccounted for in con­
tributing to the lateral stiffness of a building structure. There are other neglected non­
structural items that contribute to alesser degree and which will not be studied here; these
include, for example, the stair systems, lire protection and the mechanical services.

The purpose of the project has been to determine the interaction of the primary moment
resisting frame with, firstly, cladding, and secondly, blockwork infills.
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The ultimate aim of the work has been to contribute towards the development of new
and practical methods of design that provide for the stiffening effects of these two major
types of non-structural components. As a result, the designs of the building structures
should be more econornical in the case of wind loading governing their design. and safer in
the case of seisrnic loading being critical. On the way towards achieving the final objective.
a new understanding has been gained of the modes of interaction between the non-structural
components and the primary structure, and of the nature and magnitude of the forces that
the interaction induces in the components and the frame. New and efficient modelling
techniques for representing the elements in the total structures have been developed from
the acquired understanding of the modes of interaction. Consequently, the effects of the
non-structural components' interaction on the static and dynarnic lateralload behaviour of
representative types of tall building structures have been revealed.

To the best of the writer's knowledge the results of the research described in this thesis
make an original contribution to understanding the interactive effects of cladding panels and
non-loadbearing blockwork infills, and, in her opinion, they form the basis of feasible and
practical design methods for incorporating these components as parts of the structure. In
support of this be1ïef, the writer considers it appropriate to refer to an unsolicited proposal,
and a offer of funding, made by the Executive Committee of the Canadian Pr~tressed

Concrete Institute, for her to extend the research in order to consolidate the findings relating
to precast concrete panels, and to write for them a design manual.

The thesis is written in two parts, the first relating to the effects of cladding, and
the second to non-loadbearing blockwork infills. Each part includes its own introduction,
literature review, research objectives, and descriptive review of the respective non·structural
components. A proposed procedure for analysing the total building structure braced by the
non-structural component is given to conclude each part.

The research work presented herein is base<! on an entirely elastic approach, direct and
iterative, for the reason that it offers the most prornising and direct generalized information
on the interactive behaviour between non·structura! elements and a building's primary
structure. As a logical sequel to this study, future research should include nonlinear analyses
which would give a more realistic indication of the interactive behaviour.
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CHAPTER2

INTRODUCTION AND LITERATURE REVIEW

2.1 Introduction

2.1.1 General

It has been tacitly recognized for many yea.rs that some cladding systems contribute signif­
ica.ntly to the lateral stiffness of buildings. Despite this, the effect is generally neglected in
the design of building structures due to the la.ck of understanding of the interaction between
cladding and the building's primary structural system. It is also evident that the interaction
causes loads in cladding ::.:id its connections for which they are not designed.

Numerous cladding fa.ilures (ENR 1980) have indicated that the cladding is not non·
structural in function as normally assumed by designers. P06sible failures in the cladding
system could enta.il a risk of injury to the public. In addition, repa.irs to the cladding system
can increase the eventual cost of the building faca.de considerably from its already expensive
ini:ial cost of 10 to 20 percent of the building's total cost.

As an example, in a study of the seismic response of a twelveostorey reinforced con­
crete frame structure severely damaged during the 1985 Mexico earthquake, damage to the
cladding system was investigated (El·Gaza.irly and Goodno 1989). The street face of the
structure was clad with heavy precast concrete spandrel panels. Additional cladding was
used to enclose the columns at the front corners of the building. The precast concrete
column cover panels were severely cracked at the location of the connections (weld plates
attached to plate inserts). The cracks were visible on the front face of the building at al­
most every level, but fortunately none of the panels fell from the structure to the ground. A
linear dynamic analysis of the structure, with and without the cladding, confirmed that the
exterior fa.ca:de was a participating structural element, despite its design assumption to the
contrary, and the forces at the column cladding locations grossly exceeded the connections'
capacity.
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2.1.2 Scope of the Investigation

The increase in lateraI stiffness that the cladding may provide is dependent on its form
and its :nateriaI properties, and especially on the method by which the cladding system
is connected to the ma.: '\ structural framing system. The types of cladding considered in
this study are aiuminum curtain walling and precast concrete panels. However, emphasis
is placed on the stiffening effect of architectural precast concrete cladding panels.

Detailed finite element analyses were performed to study the interaction between a typi­
cally connected, representative precast concrete cladding panel and its supporting structural
frame. The significant parameters and their relative importance in influencing the struc­
ture's racking stiffness were also determined.

On the basis of a study of results from detailed analyses of the cladding panel interacting
with a frame, the par.e1s were modelled in example moment-resisting frame and wall-frame
strur.tures by diagonal bracing struts. Static and àynamic analyses of three-dimensional
modf~o;. of the example structures, with and without the stiffening effects of the panels, were
perfor6:ed. The capabilities of the panels and their connections of witnstanding the induced
loads were also investigated.

The objectives of this study are as follows:

1. To determine the mode of behaviour of a typically-connected representative precast
concrete panel within a moment-resisting frame.

2. To evaluate the sensitivity of the structure's racking fiexibility to the fiexibilities of
the panel, its connections, and the frame members.

3. To estimate the magnitude of the stiffening influence of the panel and its connections.

4. To develop an analogous spring model to simulate the actions involved when the frame
with the panel and its connections are subjected to a horizontalload.

5. To formulate an equivalent strut model to represent the panel and its connections in
the overall structure·analyses.

6. To examine the effect of the precast concrete cladding panels on the static and dynamic
responses of a moment-resisting frame structure and a wall-frame structure.

ï. To check the resulting forces in the connections and the resulting stresses in the
panels against the ultimate capacity of the connections and the allowable stresses in
the panel, respectively.

8. Todetermine the effect of varying the connection stiffnesses on the stiffening influence
of cladding panels.

9. To determine the influence of rigid beam-ends on the behaviour of a clad moment·
resisting frame.
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10. To present an analysis procedure for the analysis of building structures braced by
precast concrete cladding panels.

2.2 Literature Review

2.2.1 Contribution of Cladding to Lateral Load Resisting System

Cladding systems are usually assumed as non-structural in function, and provisions are
made for the supporting auxiliary system or for the connection methods in attempting to
avoid the cladding's interaction with the "structure. It has been suggested or concluded in
a number of studies, however, that some cladding systems contribute significantly to the
lateral stiffness of a structure.

The frequencies and modes of vibration of four tall buildings were measured from their
wind-induced vibrations and compared with computed frequencies obtained from simple
theoretical models (Crawford and Ward 1964, Ward and Crawford 1966). The models were
based on assumptions such as, that the girders are tlexurally rigid, and that the elevator
cores do not contribute to the stiffness of the buildings. In some cases the discrepancy
between the measured and theoretical values of the fundamental periods was as large as
73 percent, and was attributed to non-structural effects such as the cladding. The present
author believes that the studies are, unfortunately, incondusive because the theoretical
models used in the investigations were over-simplified.

To study the dynamic behaviour of a dad building, experimental and analytical tests
were performed on an existing 25-storey building dad with precast concrete panels (Goodno
and Will 1978, Palsson et al. 1984). Computed frequencies ofthe building structure without
including the effect of the cladding were smaller than the experimental results of the real
structure, by 16 percent in one translational direction, 32 percent in the other, and 73 per­
cent in torsion. The discr;!pancies were attributed to the stitrening intluence of the precast
concrete cladding panels. From a linear dynamic analysis of the structure with the stiffening
etrect of the cladding included, it was conduded that it might not alv;.":'s be conservative
to neglect the additional siitrening contribution of heavyweight clad-:l:~~ systems (Palsson
et al. 1984). In addition, as part of the on-going study, a program of experimental testing
and analytical modelling has been initiated to provide quantitative information about the
performance of connection designs common to West Coast US practice (Craig et al. 1988,
Goodno et al. 1988, Palsson and Goodno 1988, Pinelli and Craig 1989), since properly
conceived and designed connections are essential to assure the satisfactory performance of
precast concrete panels.

Henry and Roll (1986) investigated the behaviour of the cladding-frame interaction for
reinforced concrete structures by developing two computer programs which incorporated the
exterior facade aild its connections into linearelastic static and linear dynamic analyses. The
authors conduded that neglecting the cladding system will not always lead to conservative
results, the connections may attract large forces for which they were not designed, and the
type of connections used will affect the structural response of the building.



(

c

The influence of precast concrete cladding panels on the modal response of a steel frame
test structure was investigated by Rihal (1989). A preliminary study of the results of
the sha.king tests indica.ted that the addition of cladding decreased the fundamental mode
frequency by approximately 16 percent. Additionally, tests on flexible precast concrete
cladding connections, which are co=on in West Coast US practice, were performed ta
investigate their strength and behaviour. Cyclic in-plane ra.cking tests of a precast concrete
cladding panel and its connections were also ca.rried out.

A full-scale test on a one-storey single-bay structural assemblage, which consisted of a
steel moment-resisting frame with two precast concrete panels, atta.ched by typical connec­
tien arrangements, performed well when tested by subjecting it to a recorded earthquake
(Sack et al. 1989). Analytical results showed that the full-scale test assemblage with
cladding had a 17 percent greater lateral stiffness than the bare frame. Also, some basic
connections were tested experimentally to obta.in'static stiffuess properties and a limited
amount of low-cycle fatigue data..

Two examples of tall structures which make use of the cladding to provide stiffness
are now described. The structural system of the 54-storey One Mellon Bank Centre in
Pittsburgh employs an exterior framed steel tube with an unique exposed steel stressed
skin as both a structural bra.cing system and the fa.cade (Tomasetti et al. 1986). The
tower framing was first analysed without a.ccounting for the fa.cade panels. The drift ratio
produced by the analysis wa.s H/290. In the second analysis, the model included the tower
framing as well as the fa.cade panels. The panels were modelled using a fine-mesh of uniform
membrane elements. The building drift ratio with fa.cade panels was found to be H/590, a
considerable difference from the previous analysis. A significa.nt cost-saving was a.chieved
with this design.

In a building in Montreal, architectural precast concrete panels were used successfully
as bra.cing members in a 15-storey steel frame building (Martinea.u 1989). The a.ccumulated
shears were transferred directly from one precast concrete panel to the next below with
appropriate and easy to execute connections. It was concluded that probably some savings
were a.chieved by using the panels as bra.cing members.

2.2.2 Methods of Accounting for Cladding in Analytical Models

In this section a brief review of some of the methods of a.ccounting for cladding in the
analytical models is given.

Weidlinger (1973) concluded that great economies ca.n be obta.ined if the entire shear
carrying component of a tall building is repla.ced by reinforced concrete panels. In his
study, a finite element progra.m wa.s adapted for the static analysis of spandrel panels of
various configurations atta.ched continuously to the columns of the exterior frame. A model
to represent the panels in a wind analysis of a structure, consisting of two diagonal cross
bra.cing struts, whose properties ca.n be determined using the results of the finite element
analyses, is discussed.

7,
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In a paper by Gjelsvik (1974), an elastic-plastic method of analysis of the interaction
of precast concrete panel walls with steel frames was presented. It was assumed that the
panels were rigid and weightless, and panel-frame interaction occurred only through four
bolts connecting the panel to the beams. The study demonstrated that positive use can be
made of the panels as part of the lateralload resisting system.

A dynamic analysis of the Transamerica Building in San Francisco (Stephen et al. 1974)
was performed to assess the influence of several parameters on the lateral stiffness of the
structure. Of the several parameters, the exterior precast concrete panels were model1ed
and approximated by diagonal bracing in the frame. However, the bracing was assigned
a very low stiffness, because the exterior panels were detailed 50 as to avoid providing
significant lateral stiffness. Therefore, in this analysis the stiffening effect of the cladding
was negligible.

In an on-going study of the effect of heavyweight precast concrete cladding on the
dynarnic response of a building structure (Goodno and Will 1978, Palsson et al. 1984,
Goodno and Palsson 1986), stiffness matrices for the cladding and the exterior frarning
were developed and incorporated into a three-dimensional computer model of the building.
The interstorey shear stiffness representing the lateral stiffness provided by the cladding
panels was selected 50 as to obtain a close correlation of the analytical and experimental
values.

Henry et al. (1989) developed a mathematical model consisting of beam elements to
represent precast concrete cladding as a lateralload resisting building component. The box
frame model, Fig. 2.1, is composed of four box-like frames called pane-boxes assembled
at adjacent corners to form a single cladding panel and is connected to the columns of the
building frame at the four panel corners. Each panel-box consists of four beam elements
that are rigidly connected. The panel-box l>"lrizontal beams are used primarily to model the

. panel's flexural characteristics and the vertical beams model the panel's shear characteris­
tics. The cross-sectional area and moment of inertia for the beam elements represent the
corresponding properties of the cladding panel. The comparison of the structural responses
predicted by the box frame model were within the design limits of the responses obtained
by a fi.nite element model.

8:
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c:;:.:

·9



~

tJ.~.

CHAPTER3

TYPES OF CLADDING SYSTEMS

The degree to which cla.dding will contribute to the lateralloa.d resisting system of the
building structure is a function of the form and material properties of the cladding, and the
method by which the cladding system is connected to the primary structural fra.ming system.
Among the many types of exterior building skins, such as curta.in wall, precast concr2te, ­
masonry, preformed panels, concrete, composite systems, etc. (Green 1982), curtain walling
and preca.st concrete cladding are the most widely used in tall buildings.

3.1 Curtain Walls

Curtain walls are lightweight non-loadbea.ring panels, usually suspended in front of the
structura.! frame, with their deadweight, wind loa.ding and self-weight seismic forces trans­
ferred to the structura.! frame through anchor points. Curtain walling is most commonly
associated with a rectangular grid of vertica.l and horizontal frame members with infill
panels of glase or a combination of glass and some other lightweight sheeting (Brookes
1983). Beca.use of its extensive use, the following discussion will focus on aluminum curtain
walling. The multiplicity and diversity of aluminum curtain walls does not allow them to
be easily ca.tegorized; however, they may be broa.dly classified a.ccording to their method
of installation. The II1ajority of aluminum eurtain wa1ls built to date may be identified
as one of the following five different systems: 1) the stick system, 2) the unit system, 3)
the unit-and-mu1lion system, 4) the panel system, and 5) the column-cover-and-spandrel
system (Aluminum Curtain Wall Design Guide Manual1979).

In the stick system, Fig. 3.1, the component parts of the wall are assembled on site
piece by piece. Usually the mu1lion members are installed first, followed by the horizontal
rail members, the panels, if any, and finally the gla.zing or window units. The stick system
has been, and still is, in wide use. Many manufa.cturers consider it to be superior to other
systems because of the relatively low shipping and handling costs, and the fa.ct that it offers
sorne degree of dimensional adjustment to site conditions.

The curtain wall in the unit system, Fig. 3.2, is composed of large framed units pre­
assembled at the fa.ctory, complete with spandrel panels, if any, and sometimes pre-gla.zing.
The units are joined together, with the units themselves becoming the frame. This system

10



(

(

STICK IYltIM-SC.-. 1c .. 1JINc....,....
1: Mc...... 2: 2: KMI,...... , ... 1 ' MCI'" • ....,.. M"'. t:
1 ,.. e.., lM tr_ ""~ ild J. S: Merl....... ,.., ( .
... MC 1: y tI_ 1.......... r,_ ht;~J. 7: 1.......
"'-" "...
01'" : III...... *" ,... MC' .., !te 1...... • , ,........_.
yi , " Mt lIIiNCIIJ III tee 1ft 1''''''' ,.. • ., lM Mt wIUlI
............ .., ... Mt ......., .., .....

Figure 3.1: The Stick System (Aluminum Curtain Wall Design Guide Manual19i9)
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is advantageous in that the units are entirely a.ssembled in the fa.ctory under careful su­
pervision, and on-site installation is rapid in requiring minimum field labor. However, the
units are bulky and require more spa.ce for shop assembly, shipping and on-site storage.

The unit-and·mullion system, Fig. 3.3, is a combination of the two previous systems.
First, the mullion members are installed on site, then pre-a.ssembled framed units are placed
between them. The system is often used when the mullion sections are unusually deep or
large in cross section, ma.king it impra.ctical to include them as part of the pre-assembled
unit.

In the panel system, Fig. 3.4, the panels are not pre-a.ssembled framed units as in the
unit system, but are instead homogeneous units formed from sheet metal or as castings.
The panel system is usually employed when it is desired to suppress the grid pattern ca.used
by the framework of the previous systems.

The column-cover-and-spandrel system, Fig. 3.5, as its name suggests, consists of col­
umn cover sections, long spandrel units which span between the column covers, and infill
gla.zing units.

In the stick system, the unit system and the unit-and-mullion system, the window
mullions are the principal members of the grid. The horizontal members rarely form the
support for curtain walls. The mullions, which span from lloor to lloor, must withstand the
axial stresses caused by the panels' dea.dweight and the bending stresses ca.used by the wind
and earthquake loads. It is in the transverse direction that the mullion must have greatest
stiffness and strength. The depth of the mullion is thus dependent on its span and the area.
of gla.zing it is required to carry. Manufa.cturers offer a range of mullion sections to cope
with a variety of vertical spans. Figs. 3.6, 3.7, and 3.8 illustrate just a few.

Of vital importance in determining the stiffening inlluence of a cla.dding system is its
method of connection to the structural frame. For aluminum curtain walling various types
of mullion-to-structure connections are used. Figs. 3.9 and 3.10 present severa.! exa.mples of
atta.chments to different types of structural frames. Ea.ch of the connections ca.n be classified
generally as either fixed or movable. A fixed connection is one that is firmly atta.ched to
both the mullion and the building structure, a.cting generally as a pinned connection. It is
designed to resist both wind and dead loa.ds. A movable connection is designed to resist
only lateral wind loading while permitting some vertical movement.

The above brief description of the curtain wall and its components allows for a better
understanding of its interaction with the building's structural system. A sketch of a curtain
wall (the mullion) atta.ched to a building's structure is illustrated in Fig. 3.Ua, while in Fig.
3.Ub the equivalent structural model is shawn. In the structural model, the connections
of the wall to the slab are shown as pin connections while the expansion joints ca.n be
represented as connections allowing vertical movement. From Fig. 3.Ub, it ca.n be seen
that the structural system ca.nnot pick up vertical forces from vertical displa.cements of
the slabs, therefore no restraint or stiffening effect is expected to develop. Although the
connections may in pra.ctice have some vertical bending resistance, hence will not be true pin
connections, no significa.nt stiffening inlluence ca.n be expected from the aluminum curtain

13
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walls since the aluminum mullions themselves are not very stiff. In Fig. 3.Uc an elevation
view of the panel is shown with the location points of the connections. Because the panel
is suspended at the top by angle connections and no lateral restraints are provided at the
bottom, the curtain wall will not provide additionallateral stiffness to the structural frame.

3.2 Precast Concrete Panels

Precast concrete cladding allows considerable freedom of architectural expression while ad­
vantage can be taken of the economies of mass production of the precast elements. Precast
concrete panels can be produced with a concrete face in a variety of colours and textures,
with exposed aggregate architectural finishes, and with hammered and sculptured faces.
Aiso available are precast concrete panels faced with various other materials such as gran­
ite, marble, brick, stone and glazed ceramic tiles (Green 1982).

The precast concrete panels considered in this study are non-Ioadbearing panels; that
is, they are not intended to contribute to the gravity and lateral load resistances of the
structure. They are designed to resist only their transfer of deadweight to the supports,
wind forces, seismic forces generated by their mass, forces due to restraint of volume changes,
and handling forces. The manufacturing, transportation and erection forces will normally
govern the panel design, while the forces resulting from earthquake loads may govern the
connection design.

Properly conceived and designed connections are vital to the satisfactory performance
of precast concrete panels. In cboosing their number, location and degrees of restraint, the
Metric Design Manua! for Precast and Prestressed Concrete by the Canadian Prestressed
Concrete Institute, CPCI, (1987) recommends that:

(a) a system of connections should be statically determinate to permit a more accu­
rate determination of forces,

(b) the internal stresses should be minimized,

(c) the panel should be allowed to move in its plane to accommodate storey drift
and volume changes,

(d) torsional moments on supporting beams should be minimized, and

(e) contact between the structural frame and the cladding should be prevented dur·
ing an earthquake.

The typical arrangement of connections suggested by the CPCI manual is shown in Fig.
3.12. The number and spacing of connection points is influenced by the type and size of
panel. The Prestressed Concrete Institute, PCI, manual for Structural Design of Architec­
tural Precast Concrete (1977) provides greater details of the locations and restraint condi­
tions for various practical panel sizes, Fig. 3.13. Generally, the load support connections
are located near the bottom of the panel. In some cases, however, units may be suspended
at the top, and tied with lateral connections at the bottom.
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Since panels V3rJ considerably in size, shape and weight, from one building to another.
the panel connections are often detailed for the particular building. They can be broadly
categorized, however, as either loadbearing, tie-back or alignment connections (PCI Manua!
1985). For completeness and further reference a brief description of severa! connections will
follow. Fig. 3.14 illustrates some typical direct loadbearing connections. The load transfer
is usually through shims as shown in (a). In (b) and (c) rods or bolts in inserts are used
in the upper panel and grouted into holes in the lower panel or support. In (d) through
(g) some welding arrangements are shown. An anchor boit projecting from the supporting
member is shown in (h). In (i) and (j) reinforcing bars projecting from the panel are grouted
into sleeves. While in (k) a drilled-in expansion anchor is employed.

Typica! steel or concrete haunch loadbearing connections are shown in Fig. 3.15. In (a)
a cladding panel cast with a typica! concrete corbel to support it is shown. Various types of
rolled steel section as haunches are illustrated in (b) through (f). The steel haunches can be
embedded in the panel as in (c), (d) and (e), or welded on after stripping the formwork as in
(b) and (f). Steel and concrete haunch connections are economical solutions for connections
subjected to significant vertical bending.

Illustrated in Fig. 3.16 are severa! of the wide variety of angle seat bearing connections.
As shown in (c), the angle may require to be stiffened if the load is large. Figs. (b), (d),
(e) and (f) show confinement reinforcement around embedded studs to add ductility to the
connection.

In addition to the loadbearing connections, most precast panels require tie·back con­
nections. In Fig. 3.17 several exa.LJ.ples of the use of a welded plate or fiat bar in tie-back
connections are shown, while in Fig. 3.18 angles are employed instead of plates. Fig. 3.19
illustrates how bolts into inserts cau be used. Threaded rods are used instead of bolts in
Fig. 3.20. Fig. 3.21 shows how both bolting and welding are often used. It should be not~d

that when bolts are used, slots or oversize holes should be provided to permit adjustments
during erection.

Figs. 3.22 and 3.23 illustrate typical examples of alignment connections used to a!ign
adjacent panels. In Fig. 3.22 the connections are welded, while in Fig. °3.23 they are bolted.
With bolted connections, slotted holes are used to allow adjustments and panel movement.

Unless there are other local governing codes which impose special requirements for
exterior elements and their connections, such as the Structural Engineers Association of
California. seismic code (1988), the general guidelines presented above are those used in
practice i:L the ~any parts of North America..

Due to the material properties of precast concrete panels and to the nature and location
of their connections, the possibility of precast concrete panels providing additionallateral
stiffness to a. building's structural frarning system cannot be disregarded. However, a more
detailed investigation of the panels and their interaction with a. structural frame is required­
bafore drawing any conclusions.
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CHAPTER4

ANALYSIS OF A REPRESENTATIVE PRECAST
CONCRETE CLADDING PANEL

In order to assess the approximate amount of stiffening contributed by cladding panels,
an analytical study was performed of a laterally loaded moment-resisting frame, with and
without cladding panels. The number of panel types used in building construction, with
their variations in height-to-length proportions, their number, sizes and shapes of window
openings, their planar and non-planar form, and their locations and detailing of connections,
is virtually Infinite. Therefore, a relatively simple representative planar panel, as used
commonly in eastern North American building construction, is described as well as two
typical types of building structures to which the panel is attached.

Rather than analysing a multi-storey multi-bay structure, a single-storey module, whlch
was designed to behave as a typica1 end-bay-width storey of the frame, and simulating the
effects of panels above and below and on one side, was investigated. Several lateral load
analyses were performed to obtain a better understanding of the interactive behaviour
between the panel and the frame.

4.1 Description of the Representative Example Structures
and Panels

The selected example structures, with the floor plans shawn in Figs. 4.1 and 4.2, are
typical of many medium-rise building structures, being twenty stories tall and of reinforced
concrete. In the wall-frame structure, Fig. 4.1, the core and the moment-resisting framing
in combination provide the lateral force resistance. The other structure, Fig. 4.2, differs
from the first in that the structural core is omitted and the primary, moment-resisting,
framing is designed to provide ail the required lateral force resistance. As in many medium­
rise reinforced concrete buildings, the floor system is a tWl>-way fiat plate supported by
columns, some of whose sections reduce up the height at levels 5 and 12, as recorded in
the column schedule presented in Fig. 4.3. In every storey, two precast concrete cladding
panels are attached to each exterior face of the structures.

The representative cladding panel is of precast concrete faced with polished granite, and
is of a type manufactured by Schokbeton Quebec, Inc. The panel, Fig. 4.4, comprises a 125
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mm-thick precast concrete panel, to the face of which is secured a 20 mm-thick polished
granite panel separated by a 20 mm.-wide air space. Rigid, 50 mm.-thick insulation is
attached to the back of the panel. The air space behind the exterior facing eliminates water
leakage. lt does 50 by equalizing the pressure on the two sides of the exterior facing, hence
preventing water from being forced in. This is known as the rain screen principle (Brookes
1983).

The panel is a full-storey high and a full-bay long, and it has two window openings, Fig.
4.5. lt is lightly reinforced to prevent cracking, to provide strength for transportation and
erection, and to support the panel in use.

Although the connections are designed to transmit only the loads resulting from the
weight and mass of the panel, as referred to in Chapter 3, in fact they also serve to carry
the forces that result from the interaction of the frame and panel as the structure defiects
under lateral load. The types and stiffnesses of the connections, therefore, influence the
panel's stiffening effect; hence, the connections are explained in some detail. Referring to
Fig. 4.5, the panel is connected to the structural frame by two loadbearing connections,
1 and 5, near the bottom of the panel, and four angle tie-back connections, 2, 3, 4 and 6.
Details of each cc;nnection are shown in Figs. 4.6, 4.7, and 4.8. Loadbearing connection
1 also constrains lateral displacement of the panel in its plane, while connection 5 differs
in allowing lateral movement, by means of neoprene pads placed on each side of the HSS
section, Fig. 4.8 (section A-A). In connections 2, 3, and 4, which are identical, vertical
movement is allowed by the oversize hole in the angle, with the vertical slot in the attached
plate; however, in-plane lateral displacements are restrained. The elongated hole in the
angle leg welded to the slab permits adjustment during erection. The angle in connection 6
is the same as in 2, 3 and 4, except that the plate has a horizontal slot to permit in-plant:
lateral motion.

The connections described are typical of those used in Montreal and other eastern cities,
and conform in their design, location and restraint conditi.ons with the recommendations of
the design manuals referred to in Section 3.2.

4.2 Behaviour of a Clad Moment-Resisting Frame

When an unclad moment-resisting frame is subjected to lateralloading, its stiffness is a
function of the bending resistance ofthe columns, girders and joints, and ofthe axial rigidity
of the columns. The horizontal shear is resisted by shear in the columns which causes the
columns to bend in double curvature with points of contrafi= at approximately mid­
storey-height levels. The moments applied to a joint from the columns above and below
are resisted by the attached girders, which also bend in 'forward' double curvature, with
points of contrafiexure at approximately mid-span. These deformations of the columns and
girders allow racking and horizontal deflection of the frame, Fig. 4.9.

When a moment-resisting frame, similar to the above, is clad with precast concrete
panels that are attached in any ofthe recommended ways shown in Figs. 3.12 and 3.13, the
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Figure 4.8: Details of Connections 5 and 6
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lateralload behaviour of the structure is considerably altered.

As a means to understanding the behaviour of the clad moment-resisting frame, first
consider a panel supported by only a beam and laterally loaded in its plane, as in Fig.
·1.10. The panel deforms in shear as weil as rotating with a corresponding 'backward'
double-curvature bending of the beam. Considering next a typical storey of the frame
with the panel attached and the structure subjected to shear. The resulting interaction
between the frame and panel is a combination of the actions shown in Figs. 4.9 and 4.10,
with opposing 'forward' and 'backward' double-curvature bending deformation of the beam,
tending to cause a quadruple-curvature bending of the beam. The important net effect of
this is to significantly stiffen the assembly. The degree to which the 'backward' double­
curvature bending ofthe beam (associated with the in-plane rotation ofthe panel) counters
its 'forward' double-curvature bending (associated with racking of the frame) determines
the lateraI stiffening of the structure. lt is believed that the extent of the stiffening is also
significantly dependent on the span-wise locations of the loadbearing connections.

In a typical storey of the panel-clad frame, the horizontal shear is carried mainly by
the panel and the remainder by the columns, Fig. 4.11. The couple acting on the pane!,
resulting from the horizontal shear applied to the top of the panel and the horizontal
reaction at the bottom, is resisted by the opposite couple due to the vertical reactions from
the panel's loadbearing connections, which causes the beam to bend with the 'backward'
double curvature. The horizontal shear carried by the columns is transferred as moments
to the ends of the beams, causing them to bend in 'forward' double curvature.

4.3 Modelling the Slab as an Equivalent Beam

Flat plate structures under horizontalloading behave similarly to moment-resisting frames.
The columns bend in double curvature and the slab deforms out of its plane in a three­
dimensional form of double-cur,,,' lure bending. If the columns are on a regular orthogonal
grid, the response of the structure can be studied by considering a line of columns in the
direction of loading, and the associated portion of slab, replaced by an eqnivalent moment­
resisting frame bent. For the analysis, the slab is replaced by an equivalent beam with the
same double-curvature bending stiffness as the slab. The fiexural stiffness of the equivalent
beam depends mainly on the width-to-length spa.cing of the columns and on the dimension
of the columns in the direction of drift. Curves and equations based on these parameters
are available to obtain an equivalent beam (Coull and Wong 1981).

In the example representative structures in which the precast concrete panels are sup­
ported by the slabs, the deformation of the slabs is more complex than described above.
Therefore, the available curves for obtaining an equivalent be'am are inappropriate for the
portions of the slabs to which the panels are connected. When the structure is laterally
loaded, the panel rotates in its plane, pulling the slab upwards by its bearing connection at
the windward end and pushing the slab down by its bearing connection at the other end.
Since the panel is supported at only two points and is not subjected to any other vertical
force, the forces with which the panel pulls up and pushes down are equal in magnitude.
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Figure 4.12: Mathematical Model of Slab Subjected to Equal and Opposite Vertical Forces
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( The vertical forces from the panel cause the slab to bend in double curvature, Fig. 4.10, in a
direction, hov.-ever, opposite to the double-curva.t'tre bending of the slab due to the racking
of the frame, Fig. 4.9. Therefore, to obtain an equivalent beam for the slab subjected to
this second mode of deformation, a fini te element and.1ysis of the slab wa.s required.

A slab of both length and width"c;la.! to the length of one bay was ana.!ysed, Fig. 4.12.
The side edges were assumed simply supported, while the end edges were assumed free.
The rigid joint zones of the columns (AA' and BE' in Fig. 4.13) were represented by rigid
arms at the exterior end edge. Vertica.! 20 kN loads were applied in opposite directions at
the approximate points of location of the loadbearing connections. The slab was modelled
by 168 plate bending elements, and a computer ana.!ysis was performed.

Using the moment area method of ana.!ysis and the results from the computer ana.!ysis,
the fiexura.! inertia of the equivalent beam was determined. The shear f"rce and bending
moment diagrams, and the elastic curve of the equiva.lent beam, are shown in Fig. 4.13.
From the results of the slab ana.!ysis, the tangentia.! deviation of point B on the elastic curve
from the tangent through point A cau be obtained, Fig. 4.13c,

8150 _
1 tSIA 1 = .286143 + ï50 (.443613) = 5.10614

The same tangentia.! deviation cau be determined using the moment area method, Fig.
4.13b,

=

= ;l [O.5( -120ïl)(3090.9)(3ï09.1 + 600 + 0.66ï(3090.9))

+0.5(14485)(3ï09.1)(600 + 0.333(3ï09.1))

+ 0.5(9656.6)(600)(0.66ï(600)) + (4828.4)(600)(300)J

-6.ï469X1010

El
6.ï 469X1010

El
(4.2)

(

By equating the two tangentia.! deviations, Eqs. 4.1 and 4.2, and using E = 20 kN/mm2

(20000 MPa), the llexura.! inertia of the equivalent beam was found to be 6.6059X108 mm".

It should be noted that the deformation of the slab is negligible at a·perpendicular
distance greater. than ha.!f the length of the slab from the line of the applied loads, Fig.
4.14.

4.4 Mathematical Model of the Single-Storey Moàule of
the Panel-Clad Frame

To study the interactive behaviour of the frame and panel, and to estimate the resulting
latera.! stiffening effect, structura.! ana.!yses of a number of panel-frame modules were per-
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Figure 4.14: Defieded Shape of Slab
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formed. A typical storey-height end-bay-width unit of the panel-clad frame was modelled
as shown in Fig. 4.15. The moment-resisting frame to which the panel is connected is the
same for each example structure, therefore, only one model was required.

To account for the panel's actual interaction with a full-sized beam, and for the effects of
panels above and below and to one side of the considered module, a modified single-storey
frame module was devised. It consisted of:

(a) a half-inertia column, 1 = 2.8125X1010 mm4, at the left side of the bay, adjacent
to the next clad bay,

(b) a full-inertia column at the right side, transformed to allow for its section being
aligned at 45° to the panel plane, 1 =3.741X109 mm4,

(c) a full-inertia beam at the bottom, as determined in the previous section, with
rigid arms at the ends ta represent the rigid joint zone of the columns, and

(d) an axially rigid three-part link at the top, whose purp(),,éw:~s to cause the tops of
the columns and top connections of the panel to tè,êfrâme to ~Tanslate identically.

To neglect axial deformations in the frame members, the column and beam elements were
assigned very large sectional areas. In addition, the top and bottom of the left column and,
separately, the top and bottom of the right column were constralned to rotate identically.
This provided a representation of the effects on the considered module of the clad modules
above and below. The frame members were assigned a modulus of elasticity of 20 kN/mm2

(20000 MPa).

The panel was modelled by a mesh of 240 membrane plane stress elements, having the
thickness and modulus of elasticity of the precast concrete panel, that is, 125 mm and 20
kN/mm2 (20000 MPa), respectively. The mesh was not uniform due to the asymmetric
locations of the window openings, and of the connections of the panel to the structural
frame.

The restralning connections were represented in the model by vertical and horizontal
links with assigned axial stiffnesses equal to the separately calculated stiffnesses of the
connections in the restralned directions. The vertical stiffness of the bearing connections,
1 and 5, was obtalned by taking the inverse of the vertical fiexibility of the connection.
Referring to Fig. 4.16, the vertical fiexibility of the connections cau be expressed as

ilv =fsv =(~) + (.!..) + (.!..)
3E! HSS in /lez. GA HSS in .hea. AE compo plat••

Other factors such as bending of the steel section in the concrete, rotational restralnt
due to the side plates at the outer end of the steel section, and local deformation of the
panel were not considered in calculating the stiffnesses of the bearing connections 1 and
5. These were found to virtually compensate each other as is shown in Table 4.1, where
the stiffness of a cantilever with an effectively longer length decreases, but if its free end is
restralned agalnst rotation, the stiffness increases considerably. An approximate fiexibility
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STIFFNESS*
(kN/mm)

~J'
· .

87.5 o~<
526.0

~: 203.9.. .
1 132.5 ï'

+1 kN • • 0· ~ .
· .~~ 452.3

Crot. def ·. ~ .0

restr. • 0 •

132.5 . .
1 "

*Does not include axial flexibility of plates

Table 4.1: ln1Iuence of the HSS's Effective Length and End Condition OD the Overall COD­
nectioD Stiffness
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of the connections, as given in Bq. 4.3, was considered to be adequate for the model due
to the large number of variables that would be involved in computing this more exactly.
Therefore, substituting numerical values for the variables in Eq. 4.3 and inverting the
resulting flexibility produced an approximate value of 450 kN /mm for the vertical stiffness
of the connection. The fictitious equivalent verticallink was 200 mm long and was assumed
to be of steel (E = 200 kN/mm2 or 200000 MPa), hence its axial area was found to be
450 mm2 •

Connection 5 does not provide any restraint in the lateral direction, therefore no hor­
izontallink was provided at its location. However, connection 1 was designed to prevent
lateral movement, hence a horizontallink with an axial stiffness equivalent to the lateral
stiffness of the connection was provided. The fleY.Ul"al stiffness of the side plates as weil as
the stiffness of the HSS in flexure, shear and torsion were used to compute the overalilateral
stiffness of the connection. The deformation of the plates subjected to lateral loading is
snown in Fig. 4.1ï. The lateral stiffness of the plates tan he approximated by

The lateral flexibility of the HSS, Fig. 4.18, is

fHSS = (3~I) + (:A) + [:J(lever arm)2]

(4.4)

(4.5)

Substituting numerical values for the variables in Eqs. 4.4 and 4.5, adding the inverse of
Eq. 4.4 to Eq. 4.5, and inverting the result produced an approximate value for the lateral
stiffness of connection 1 equal to 200 kN/=. Assuming the horizontallink to be 150 mm
long and also made of steel, the axial area for the link was taken as 150 mm2•

Connections 2, 3 and 4 were modelled by horizontal links ooly, since these connections
permit movement in the vertical direction. The lateral flexibility ofeach of these connections
can he approximated by adding the shear flexibilities of the legs of the angle, Fig. 4.19,
that is

hH = f3H = f4H = (GhA) + (GhA)
log 1 log 2

(4.6)

The inverse of Eq. 4.6 gives the lateral stiffness of the connection. Therefore, substitut­
ing the relevant numerical values in Bq. 4.6, and inverting the result produced a value of
1167 kN/= for the lateral stiffness of connections 2, 3 and 4. The axial area for 150 mm
long steel horizontal links was, thus, found to be 875 mm2•

Connection 6 does not restrain the panel from moving in either the lateral or vertical
directions; therefore, no links were provided at the location.

A summary of the estimated stiffnesses of the connections and the factors used in their
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determination are given in Table 4.2. The arrangements of the links in the model are shown
encircled in Fig. 4.15.

4.5 Lateral Load Analyses of the Single-Storey Module

The mst step to estimating the !1\.tera.l stiffening effect of the cladding panel was to perform
a lateralload analysis of the structural frame without any cladding panels attached to it.
Considering the unclad frame, the moments from the columns cause the slab to deform
in double-curva.ture bending as described in the first para.gra.ph of Section 4.2. Rence an
equiva.1ent beam with properties based on the width-to-length spa.cing of the columns, and
on the dimensions of the columns, wa.s determined. The effective slab width ratio, for
bjY' > 1, is given as (Coull and Wong 1981)

where h
Y
Y'
b

Y. h Y' [ ( b ) -11
Y = Y +V 1 - 0.4 Y'

= wall or column thickness,
= bay width,
=Y - h, and
= clear span between walls or columns.

(4.7)

,1~-;:::::_>-

:c;r

The effective width of an end bay is ta.ken to be 45 percent of the corresponding interior
value, given by Eq. 4.7. This is slightly less than ha.lf the value for a full interior bay because
it is less restrained a.ga.inst transverse rotation than an interior bay. By substituting b =
7400 mm, Y =6000 mm, and h = 200 mm into Eq. 4.7, an effective width of 4182 mm
was calculated. Ta.king 45 percent of this value for the end span, the fiexural inertia for the
equiva.1ent beam was obtained as lb =1.2545X109 mm~.

The frame wa.s analysed for alatera.lloa.d of 1000 kN, Fig. 4.20. For further reference,
this will be denoted as analysis I. The complete module, Fig. 4.15, with the panel and
its connections mode1led as described in Section 4.4, wa.s then analysed (analysis II) for
the 1000 kN load. A series of analyses of the panel-frame module with the components in
various states of atta.chment and rigidity was performed. The purposes of the analyses were
as follows:

(a) to determine the individual effects of the fiexibilities of the panel, horizontal
connections, and vertical connections;

(b) to determine the mode of interaction between the panel and frame;

(c) to determine the order ofthe increa.se in stiffness ofthe frame with cladding over
that of the uncla.d frame, and

(d) to compare the sensitivity of the panel-cla.d frame's lateral fiexibility to the fiexi­
bility of the panel and its connections, with the sensitivity of the same structure's
fiexibility to the flexibility of the bea.m.
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Connec- Restraint Factors Affecting Flexibility of Approx.
tion Directions Connections in Restraint Directions Stiffness
No. Values

(kN/=)

1 Horizontal: Plates-flex., HSS-flex., shear, tors. 200
Vertical: HSS in flex. & shear, comp. of plates 450

Out-of-plane: (not relevant)

2 Horizontal: Sum of shear flexibilities of legs 1167
Out-of-plane: (not relevant)

3 Horizontal: Sum of shear flexibilities of legs 1167
Out-of-plane: (not relevant)

4 Horizontal: Sum of shear flexibilities of legs 1167
Out-of-plane: (not relevant)

5 Vertical: HSS in flex. & shear, camp. of plates 450
Out-of-plane: (not relevant)

6 Out-of-plane: (not relevant) -

Table 4.2: Stiffness Values of Connections
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Descriptions, and references to figures, of the analyses performed to achieve the above

objectives and their salient results are given in Table 4.3.
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Figure 4.20: Mathematical Model for Unclad Frame (Analysis 1)
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Analysis Description Ref. Top Flexibility
No. Figure Displ.

(mm) (mm/kN)

1 Structural frame alone without 4.20 126.35 126.35XlO-3

panels

II Complete module, that is, panel 4.15 3.62 3.62XI0-3

connected to a.ctual frame

III Panel and horizontal connections 4.21 4.17 4.17XlO-3

only and supported vertica.l1y at
the locations of bea.ring conn.

IV Complete module, but effectively 4.22 4.71 4.71XI0-3

without columns i.e assigning
these a very small inertia, and
wi th the beam assigned to be
effectively rigid

V Complete module, but effectively 4.23 17.0S 17.0SXlO-3

without columns

VI Complete module, but with pa.nel 4.24 0.52 0.52XI0-3

and connections assigned to be
effectively rigid

VII Complete module, but with beam 4.25 1.51 1.51XI0-3

assigned to be effectively rigid
in flexure

Table 4.3: Description of Analyses and their Salient Results
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CHAPTER5

DISCUSSION OF RESULTS FROM ANALYSES OF A
SINGLE-STOREY MODULE

The result. obtained from the lateralload analyses of the previous section were studied
in detail to determine the behaviour of the structural frame with the precast concrete panel
attached to it. In an attempt to generalize the structural problem, so as to allow a clearer
understanding of its complex behaviour, a spring model of the frame and the panei with
its connections has also been developed. The conclusions drawn, although for ooly one
particular type of precast concrete panel, are extended to other possible types of panels.

5.1 Discussion of Results

5.1.1 Individual Flexibilities of the Panel and its Connections

In interpreting the results of the analyses, it was convenieL.t to consider the fiexibilities of
the panel and the components, and their individual effects cn tne lateral fiexibility at the
top of the single-storey module. From these a good indication of the relative participation of
the various components in the lateral fiexibility and stiffness of the structure was obtained.

From analysis III, the effect of the panel's and the horizontal connections' fiexibilities on
the lateral f1exibility of the module was obtained. Referring to Fig. 4.21, the effect of the
panel's fiexibility was obtained by taking the difference between the displacements of nodes
45 and 35, and dividing by the applied loarl, giving fp =3.0014X10-3 mm/kN. The effect of
the horizontal connections' fiexibilities was obtained by summing the displacement of node
35 with the difference in displacements of nodes 46 and 45, and dividing the result by the
applied load, giving fhc =1.1701X10-3 mm/kN. 'l'his fiexibility, !he, represents the total
effect of the individual fiexibilities of the norizontal connections. The loarl carried by the
horizontal connections is shared between the individual horizontal connections according to
the spring model in Fig. 5.1. The fiexibility fhc could have been obtained, alternatively, by
substituting the calculated stiffness values of each horizontal connection, Section 4.4, inta
Fig. 5.1.

In analysis IV the beam was effectively rigid, an d the infiuence of the vertical connections
was accounted for, in addition to the panel and horizontal connections. Therefore, the
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effect of the flexibility of the vertical connections is the difference between the flexibilities
of analyses III and IV, that ib, O.54XIO-3 mm/kN.

5.1.2 Interactive Behaviour of Panel and Frame

The modes of deformation for the load applied to the frame alone (Analysis 1), for the
panel supported by the beam (Analysis V), and for the panel-clad frame (Analysis II) are
presented in Fig. 5.2.

Now consider superimposing the effects of the racking unclad frame and the panel's
forward rotation. The combined interactive behaviour of the 'forward' double-curvature
bending of the beam due to racking of the frame, Fig. 5.2a, and the 'backward' double­
curvature bending caused by the panel's forward rotation, Fig. 5.2b, results, in this particu­
lar structure, in a net deformation of the beam resembling a downward-displaced 'forward'
quadruple-curvature bending, Fig. 5.2c. The net downward displacement appears to be
due to having a longer rigid arm at the windward end of the beam which, as it rotates,
imposes a larger downward displacement on the beam at that end. This downward dis­
placement modifies the quadruple-curvature bending deformation imposed on the beam by
the combined behaviour, and it also causes the unsymmetrical mode of deformation of the
structure.

It can be observed in Fig. 5.2c that a significant part of the rotation of the windward
vertical edge of the panel, which is larger than the overall rotation of its lower horizontal
edge, can be attributed to the panel deforming in shear, especially in the regions of the
window openings where the panel is significantly more flexible in shear. The effective
shearing stiffness of the panel can be considered as resulting from the deformations of a
five-part shear block assembly in which the middle and end blocks are very much stiffer in
shear than the two blocks at the window openings.

5.1.3 Stiffening Effect of Panel-Clad Frame

By comparing the results of analyses 1and II, Table 4.3, it is foundthat the shearing stiffness
of the storey-height module with the panel attached is 35 times that of the bare frame. It is
very evident from this that the precast concrete panel, even though connected to the frame
in the recommended way, gives rise to a high degree of composite action between it and
the frame, and significantly stiffens the structure against lateral loading. The previously
described 'backward' and 'forward' double-curvature modes of bending of the beam, ....hiëli
interact to cause a quadruple-curvature mode of deformation involve a much greater arnount
of strain energy, thereby causing the increase in stiffness of the structure. -. -

.--;>
/

The interaction and deformations described above can be more simply represented by
the mechanism in Fig. 5.3 with the panel, through its conii;:~tions,significantly restraining
the lateral in-plane displacements of the clad frame relative to those of the unclad frame,
and where the flexibility of the panel around the window openings is model1ed as a flexible
beam.
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5.1.4 Relative Sensitivity of Structure's Lateral Flexibility to Bearn, Panel
and Connections Flexibilities

In contrast to an unclad moment-resisting frame, whose lateral flexibility can easily be
apportioned between the flexibilities of its columns and girders, the lateral flexibility of a
clad moment-resisting frame is much more complex. The changed mode of deformation of
the frame due to its interaction with the panel, and the intricate modes of deformation of
the panel and its connections, preclude the possibility of a simple analysis to determine the
sensitivity of the frame's flexibility ta those of the individual components. Rence the need
arose to undertake a series of detailed analyses of a specific example in which the different
modes of deformation were decomposed.

To assess the sensitivity of the strllcture's lateral flexibility to the flexibility of the panel
with its connections, the flexibility obtained from the analysis of the complete module, but
with the panels and connections assigned to be rigid (analysis VI) was subtracted from
the result of the analysis of the complete module (analysis Il). The value obtained was
3.lOXlO-3 mm/kN.

Similarly, to determine the sensitivity of the structure's lateral flexibility to that of the
beam, the flexibility obtained from the analysis of the complete module, but with the beam
assigned to be rigid (analysis VII) was subtracted from the result of the analysis of the
complete module (analysis Il). The value obtained in this case was 2.11XIO-3 mm/kN.

Evidently, the sensitivity of the structure's lateral flexibility to the flexibility of the panel
with its connections in this particular structure was approximately 50 percent greater than
it was to the flexibility of the beam.

Referring to Table 4.3, the flexibility of the panel connected to the beam alone, analysis
V, is large, 17.08XIO-3 mm/kN. However, when the stiffnesses of the columns are rein­
troduced into the model, as they are in analysis II, the interaction between the panel and
the frame is mobilized. The resulting flexibility of the structure is 3.62X1O-3 mm/kN. The
moment-resisting frame's racking action severely constrains the rotation of the panel, by
the action described in Section 5.1.2; therefore, the contribution of the beam's bending to
the lateral flexibility of the structure is significantly diminished by the composite action.

The major point of note from this section is that the sensitivity of the structure's racking
f1exibility to the flexibility of the panel with its connections can be of the same order as it
is to the beam's flexural flexibility.

5.2 An Analogous Spring Madel

An analogous spring model has èeen developed to better visualize the actions involved when
the moment.resisting frame with the panel and its connections are subjected to a horizontal
load. The spring model is presented in Fig. 5.4. It includes springs which represent the
flexibilities of the three major components: the panel with its connections, f p , fhe, fve;
the columns, fe, and the beam, comprising three components, fbb fb2' fbJ. The rigid bar
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at the left, which represents the top of the frame where the load is applied, ca.n translate
but not rotate. The rigid bar at the right, which allows for the 'forwa.rd' and 'backwa.rd'
double-curvature bending of the bea.m, pivots about a rigid support at lts centre.

The elfects of the f1exibilities of the pane!, and the horizontal :-.nd vertical connections
were obtained in Section 5.1.1. The stilfnesses of the columns ~~ added together, that is,

k (12EI) (12EI)e = --3- + --3-
h left <e;', h "gA' col.

and inverted to give the f1exibility of the columns equal to 2.143XI0-3 mm/kN.

5.2.1 Determination of Bearn Flexibilities fbh fb2' fbJ

(5.1)

The f1exibilities representing the beam, fbh fb2' and fbJ, are unknown; hence, three equa­
tions were required to solve for these. The equations were determined using the results from
analyses II and V, and those of an additional analysis.

The additionallateralload analysis required was that of the structural frame alone as in
analysis l, but with the beam assigned the inertia value as in the complete module analysis,
that is, 6.6059XIOS mm4 , as opposed to that found in the first para.gra.ph of Section 4.5.
When subjected to a lateralload of 1000 kN, the bare frame displa.ced 235.70 mm at the
top. For completeness, this will be denoted as analysis VIII.

Considering the above case of the unc1ad moment-resisting frame subjected to lateral
load, this is equivalent in the spring mode! to assigning an infinite f1exibility, or a zero
stilfness, to the springs jp, fhe, and fve. In this case fe represents the :llexibility of the
columns bending and fbl and fbJ represent the 'forwa.rd' double-curvature bending f1exibility
of the beam due to the moment the columns apply at the bea.m-column joint, Fig. 5.5. An
expression re!ating Ibl and fbJ was obtained using the displacement result of analysis VIII,
~l, and the spring mode!. The f1exibility of the spring mode! in Fig. 5.5 is

(5.2)

Substituting the results of analysis VIII and the fiexibility of the columns, previously
calculated, an expression representing the fiexibility of the beam due to racking was ob­
tained,

(lbl + fbJ) = 233.557XlQ-3 mm/kN (5.3)

~~.
',:0.: 1,·'.,

In analysis V, the pane! with its connections connected to the flexible beau:. was sub­
jected to lateral loading. This is equivalent to assigning an infinite fiexibility, or zero
stiifness, '0 the columns represented by the spring fe. The deformations of the panel and
the horizontal and vertical connections are represented by ' p , lhe and Ive, respective!y,
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while fb2 and fb3 represent the 'ba.ckwa.rd' double-curvature hending of the beam due to the
pane!'s forward rotation, Fig. 5.6. From the result of a.:lalysis V and the spring model just
described, a relationship between the flexibilities fb2 and fb3 was derived. The flexibility of
the spring mode! in Fig. 5.6 is given as

(5.4)

Substituting the results ofanalysis V and the flexibilities ofthe pane! and its connections,
obtained in Section 5.1.1, inta Eq. 5.4, the flexibility of the heam due to 'backward' double­
curvature hending was found to he

(Jb2 + fb3) = 12.37X10-3 mm/kN (5.5)

A third equation was obtained from the lateralload analysis of the complete module
(Analysis II), and its corresponding spring model, Fig. 5.7a. From the free-body diagram
ofthe left rigid bar, Fig. 5.7b, the following expression for the horizontal force equilibrium
cau be written

(5.6)

(5.8)

(5.7)

where
Pl =klél = (~3 + x)

(J1le +fp +fve) + fb2

p. _ k C _ (~3-X)

2 - 2(}2 - fe + fbl

Equilibrium of the free-body diagram of the right rigid bar, Fig. 5.7c, is achieved, if and
only if

and

(5.9)

(5.10)x _ .::..:fb3::"[",,Q-::(/i:.::Ile::"'+:....;:.<fp,-:+;...f,;,.:v:::.,e+",-+fb::c2,-)--=---2~....;3::<]
- (2fb3 +flle + fp +fve + fb2)

Substituting Eq. 5.10 iuto Eqs. 5.7,5.8 and 5.6, an expression for the flexibility of the
complete module in terms of fu, fb2, and fb3 was found

that is,

~3 fe (Jb2 + fb3) + (J1le + fp +fve) (Je + fbl + fb3) + fbl (fb2 + fb3) + fb2fb3
Ci = (Je + fbl + fb3) + (J1le + fp +fve + fb2 + fb3) +2fb3

(5.11)

Substituting the results of analysis II and the flexibilities of the columns and the pane!
with its connections inta Eq. 5.11, the following equation was obtained
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fb2fb3 + 12.37X10-3fbl - 7.24X10-3fb3 +2.21941X10-< =0 (5.12)

Solving Eqs. 5.3, 5.5, and 5.12 simultaneously, the values for fbl> fb2, and fb3 were
determined:

fbl = 181.28X10-3, fb2 = -39.91XlQ-3,fb3 = 52.28X10-3 mm/kN

or,
fbl = 293.07X10-3, fb2 = 71.88XlQ-3,fb3 = -59.51X10-3 mm/kN

5.2.2 Validity and Purpose of Spring Model

(5.13)

(5.14)

To verify that the model properly represents the frame and the panel with its connections,
both solution sets were checked in a manner similar to above against the results of analysis
VI. Although, mathematically, both solution sets are correct, physically, the first solution
set gives the best results because the sense of the displacements of the right rigid bar that
it produces are logically correct.

By representing the panel-dad frame by an analogous spring model, the interactive
mode of behaviour of the panel with the frame ca.n be better visualized. The accuracy of
the spring model was confirmed using the results of the deta.iled finite element analyses.
The spring model can be further used to develop in algebraic terms an expression for the
flexibility of the complete p":'lel.dad frame module as a function of the flexural inertias of
the frame members, the ilexibilities of the panel and its connections, the storey height, and
the relative distance of the vertical connections from the column·beam joint to the length
of the beam, Appendix A. This algebraic expression offers the potential of representing the
sensitivity of the structure's ra.cking ilexibility to the ilexibilities of the frame, panel and
connections. This is proposed as a topie for further research.

5.3 Bracing Effects of Other Types of Precast Concrete
CladdingPanels

The discussion presented applies to one partieular, but representative, precast concrete
panel. Therefore, the lateral stiffening inlluence of other types of precast concrete panels
will depend on the particular values of such parameters as the size of the panel, the thickness
of the panel, the number and size of window openings, the stiffnesses of the connections,
and the stiffnesses of the structural frame members. However, in Section 5.1.3 it wa.s
conduded that the 'backward' and 'forward' double-curvature modes of bending of the
beam, which interact to cause a quadruple-curvature mode of deformation involve a much
greater amount of strain energy, thereby causing the increase in stiffness of the structure.
The composite action may be perceived in an alterna.tive simpler way, in which the lateraI
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stiffening is caused by the high rigidity of the panel being transferred to the frame through
the laterally fixed connections at the top and bottom of the panel. This action restra.ins
the top and bottom of the frame from moving relatively in the lateral direction, while
the vertical connections restra.in the panel from rotating within the frame. Recalling the
recommendations for locating the connections in all types ofpra.ctical panel sizes, as outlined
by the CPCI and PCI design manuals (1987, 1977), Figs. 3.12 and 3.13, it can be observed
that all of the panels have laterally fixed connections at the top and bottom, and two
loadbea.ring connections restra.ining vertical movement at each end of the panel at the
bottom. Therefore, with the present recommendations for connections, all types oi panels
designed according to the CPCI and PCI design manuals will have a restra.ining effect when
the structure is subjected to lateralloa.ding.
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CHAPTER6

MODELLING CLADDING PANELS IN THE OVERALL
STRUCTURE ANALYSES

Having concluded from the detailed finite element analyses of the single-storey panel-clad
frame module that typically connected precast concrete cladding panels have a significant
stiffening e!fect, it was necessary to develop practica1 techniques to model these in the
analyses of the total structure. Several equivalent strut models are presented and evalu­
ated on the basis of their accuracy in correctly representing the interactive behaviour of a
moment-resisting frame and a cladding panel with its connections, and on the basis of their
practica1 value. From the behaviour of the most accurate model, a clearer understanding
of the panel-frame interaction was obtained.

6.1 Madel 1 - Simple, Single-Diagonal

In the simple, single-diagonal strut model, Fig. 6.1, the diagonal bracing strut is assigned a
cross-sectional area to give a horizontal stiffness equivalent to the effect of the representative
panel and its connections in the structural frame. To obtain the horizontal stiffness of the
struts, the lateral stiffness obtained from the single-storey bare-frame ~alysis (analysis 1)
was subtracted from the lateral stiffness determined from the complete module analysis
(analysis II). In other words, to model a panel and its connections in a building by using a
simple, single diagonal, it is required te> malte a lateralloa.d analysis of a single-storey model
of the bare frame, as we11 as a detailed lateralload analysis of the pan!'l and its connections
within the frame.

Referring to Fig. 6.1, the horizontal stiffness of a single-diagonal braced frame is given
as

~
~

k _ AEcos2 9
- d

where A =cross-sectional area cf diagonal,
E =modulus of elasticity of diagonal (panel),
d =length of diagonal, and
9 = slope of diagonal.

(6.1)
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stiffening is ca.used by the high rigidity of the panel being transferred to the frame throu~

the laterally fixed connections at the top and bottom of the panel. This action restra.ins
the top and bottom of the frame from moving relatively in the lateral direction, while
the vertical connections restrain the panel from rotating within the frame. Recalling the
recommendations for loca.ting the connections in all types ofpra.ctical panel sizes, as outlined
by the CPCI and PCI design manuals (1987, 1977), Figs. 3.12 and 3.13, it ca.n be observed
that all of the panels have laterally fixed connectiolll' at the top and bottom, and two
loadbearing connections restraining vertical movement at each end of the panel a.: the
bottom. Therefore, with the present recommendations for connections, all types of panels
designed according to the CPCI and PCI design manuals will have a restraining efi'ect when
the structure is subjected to lateralloading.

73



c

CHAPTER6

MODELI.ING CLADDING PANELS IN THE OVERALL
S'l'RUCTURE ANALYSES

Having concluded from the deta.iled finite element analyses of the single-storey panel-cla.d
frame module that typically connected preca.st concrete cla.dding panels have a significa.nt
stiffening effect, it wa.s necessa.ry to develop pra.ctica.l techniques to model these in the
analyses of the total structure. Severa.l equivalent strut models a.re presented and evalu­
ated on the basis of their a.ccura.cy in correctly representing the intera.ctive behaviour of a
moment-resisting frame and a cla.dding panel with its connections, and on the ba.sis of their
pra.ctica.l value. From the behaviour of the most a.ccura.te model, a clea.rer understanding
of the panel-frame intera.ction wa.s obta.ined.

6.1 Madel 1 - Simple, Single-Diagonal

In the simple, single-dia.gonal strut model, Fig. 6.1, the di~onalbra.cing strut is assigned a
cross-sectional a.rea. to give a horizontal stiffuess equivalent to the effect of the representative
panel and its connections in the structural frame. To obta.in the horizontal stiffness of the
struts, the lateral stiffness obta.ined from the single-storey ba.re-frame analysis (analysis 1)
was subtra.cted from the latera.l stiffness determined from the complete module analysis
(analysis II). In other words, to model a panel and its connections in a building by using a
simple, single diagonal, it is required to ma.ke alatera.lloa.d analysis of a single-storey model
of the ba.re frame, as well as a deta.iled lateralloa.d analysis of the panel and its connections
within the frame.

Referring to Fig. 6.1, the horizontal stiffness of a single-diagonal bra.ced frame is given
as

c

k _ AEcos2 8
- d

where A = cross-sectional a.rea. of diagonal,
E =modulus of elasticity of diagonal (panel),
d =length of diagonal, and
8 =slope of diagonal.

(6.1)



Figure 6.1: Mode11 - Simple, Single-Diagonal
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To check the accuracy of this model, and the other modela to follow, the top la.teral
displacement and the frame-member moments obtained !rom the lateralloa.d analysis of a
single-storey representation of the modelled frame were compared with those obtained !rom
a detailed finite element analysis of a. single-storey mode! of the panel-cla.d frame subjected
to a horizontalloa.d. The representative panel and its connections were the same as in the
previous chapters; however, to simplify the mode!, a symmetrical frame without rigid beam­
ends was used, Fig. 6.2. Similar to Section 4.4, the frame was represented by a column
element at ea.ch side of the p~..nel, and a bea.m element at the bottom of the panel. The
column elements were a.ssigned a flexural inertia of 1.5X1010 mm4 and an infinitely large
axial area.. The bea.m element wa.s a.ssigned a flexural inertia of 5.334X1OS mm4 and an
infinitely large axial a.rea.. The panel was anchored to the supporting bea.m, while the tops
of the columns were connected to the panel by rigid horizontal links, to constrain the tops
of the frame and panel to tra.nslate identically. To obtain the behaviour of a typical !itorey,
it wa.s necessa.ry to constrain the top and bottom of the left column to rotate identically,
and to constrain simila.rly the top and bottom of the right column. A 1000 kN lateralloa.d
analysis was performed on the mode!. The resulting top lateral displacement was 6.2553 mm
and the frame-member moments are presented in Fig. 6.3.

To calcu1a.te the area of the diagonal bracing strut, the lateral stift'ness of the symmetric
bare frame wa.s required. From a lateralloa.d analysis of the frame, Fig. 6.4, its stift'ness
was determined to be 2.336 kNImm. The horizontal stiffness of the diagonal wa.s obtained
by subtracting the stiffness of the bare frame !rom the stift'ness of the complete frame and
panel, that is

HO"z. stiff. of equitl. strut 1000 -2336
- 6.2553 .

- 159.864 - 2.336

- 157.528 kN/mm (6.2)

c

By equating the expression in Eq. 6.1 to the value obtained in -Eq. 6.2, and set·
ting d equal to 8823.5 mm, 8 equal to 16.7:1', and the modulus of elasticity, E, equal to
20.0 kN/mm2 (20000 MPa), the axial areaofthe diagonal wa.s calcu1ated to be 75777 mm2•

As a check, a lateralloa.d analysis wa.s then performed on the simple, single-diagonal
bra.ced frame model, Fig. 6.5. The top lateral displacement wa.s 6.2553 mm which wa.s
identical, as expected, to the detailed finite element analysis of the panel·cla.d frame. How­
ever, the resulting frame-member moments, Fig. 6.6, were grossIy underestimated compared
with those obtained from the detailed analysis of the panel·cla.d frame. The errors in the
frame-member moments were of a large magnitude because the model does not allow ver·
tical forces to be applied to the beam at the locations of the bearing connections as in the
detailed analysis of the panel-braced frame.

Therefore, the single-diagonal strut model gives the correct latera1 displacements, pro­
vided that a detailed finite element analysis of the panel and its connections within the
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frame has been performed first to obta.in the correct sectional area. for the diagonal It has
the advantages of extreme simplicity in concept 3,lld in use for analysis. It has a. major
disadvant<lge, howev~, in that it does not produce the correct frame-member moments.

6.2 Model 2 - Double-Diagonals to Corners

The more sophistica.ted Model 2, Fig. 6.1, consists of two dia.&Jnal bra.cing struts, one
extending from the top-left corner of a storey and ending at the right bearing connection
to the lower bea.m of the storey, while the other extends from the left bearing connection
of the panel to the upper bea.m and ends at the bottom-right corner of the storey. By
this arrangement, the vertical components of the forces in the struts a.ct transversely to the
bea.ms, ca.using them to bend as in the deta.iled analysis of the panel-dad frame.

The a.reas of the two diagonal bra.cing struts were determined by equating their combined
horizontal stiffnesses to the latera1 stiffness of the panel and connections supported by a
rigid bea.m. The stiffening effect of the panel and its connections on a rigid bea.m is equal
to the stiffening effect of the panel and its connections within a flexible frame. This results
beca.use the latera1 stiffening effect of the panel and its connections, thus the stiffness of the
diagonal strut, is dependent on the latera1 displa.cement of the panel and on the vertical
forces in the bea.ring connections. Therefore, provided that the diagonal struts have tha
correct a.xial area. to give the correct lateral displa.cement, byequilibrium the vertical forces
a.cting transversely to the bea.m will be the sa.me whether the beam is rigid or flexible. The
validity of this argument is proven in Appendix B.

The horizontal stiffness of one strut, Fig. 6.1, is as given in Eq. 6.1. The stiffness of
the panel and connections supported by a rigid bea.m was obta.ined in analysis IV, Table
4.3. By equating the expression in Eq. 6.1 to half of the stiffness value of analysis IV, and
setting d equal to 1965.81 mm, 8 equal to 18.594° and the modulus of elasticity, E, equal to
20.0 kN/mm' (20000 MPa), the a.xial area. of ea.ch strut wa.s determined to be 41066 mm'.

A lateralloa.d analysis wa.s then performed on a single-storey representation of Model 2
with half-stories above and below, Fig. 6.8. The top four nodes were constrained to translate
identica1ly in the horizontal direction, while the bottom four nodes were restrained aga.inst
any latera1 displa.cement. The nodes at the eut ends of the diagonals were constra.ined
to displa.ce in the vertical direction identica1ly to the corresponding centre nodes of the
diagonals in the full storey. The resulting interstorey drift was 4.6205 mm, which is 14
percent of that obtained from the finite element analysis of the panel and frame. The
resulting frame-member moments for a single-storey representation of the frame are shown
in Fig. 6.9. The moments at the ends of the bea.ms and columns were only 54 percent of
those obtained from the finite element analysis, Fig. 6.3. These results indica.te that Model
2 does not give a good representation of the a.ctual panel and frame behaviour. The rea.son
the model is too stiff is because, at one end, the struts a.re acting at the corners; therefore,
the vertical forces a.re being transferred to a.xia1iy rigid columns, while in the a.ctual case
the panel is being supported at both bea.ring connections by a flexible beam.
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6.3 Model 3 - Double-Diagonals to Centres

In Model 3, Fig. 6.10, as in Model 2, the panel and connections are represented by two
diagonal bracing struts. In Model 3, however, one of the struts extends from the left bearing
connection on the beam above to the centre of the beam below, and the other strut extends
from the centre of the beam above to the right bearing connection on the beam below. As
in Model 2, the vertical components of the forces in the struts act transversely to the beams
causing them to displace as in the detailed analysis of the panel·dad frame. This model
differs from Model 2 in that the slope of the struts is greater; therefore, the bending it
imposes on the beam per unit lateral displacement is less, or the energy involved per unit
displacement is less, that is, Model 3 is more tlexible than Model 2.

Similarly to Model 2, the areas of the two diagonal bracing struts were obtained by
equating their combined horizontal stiffnesses to the lateral stiffness of the panel and con·
nections supported by a rigid beam.

By equating the expression in Eq. 6.1 to half of the stiffness value of analysis IV,
Table 4.3, and setting d equal to 4184.16 mm, (J equal to 37.3761)0 , and the modulus of
elasticity, E, equal to 20.0 kN/mm2 (20000 MPa), the axial area of each strut wasfound
to be 35168 mm2 •

From a lateral load analysis of a single-storey representation of Model 3 with half·
stories above and below, Fig. 6.11, and with constraint conditions similar to those used in
the analysis of Model 2, the interstorey drift was 6.0565 mm. This is 97 percent of that
obtained from the finite element analysisof the panel·dad frame. The resulting frame­
member moments in a single-storey representation of the frame are shown in Fig. 6.12­
The moments at the ends of the beams and columns were only 6 percent greater than those
obtained from the finite element analysis of the panel and frame. The results obtained from

. this model agree very doseiy with those of the finite element analysis. As in the case of
the previous model, to determine the cross·sectional areas of the struts, a detailed finite
element analysis of a panel and its connections supported by a rigid beam is necessary to
properly represent the stiffening effect of the tlexibility of the panel with its connections.

6.4 Madel 4 - 'Improved' Single-Diagonal

Model 4, Fig. 6.13, consists of a single-diagonal bracing strut which extends from the left
bearing connection in the beam above, to the right bearing connection on the beam below.
Similarly to Model 3, the vertical components of the forces in the struts act transversely to
the beams, causing them to displace as in the detailed analysis of the panel·dad frame, and
the model is more tlexible than Model 2 since the strut has a greater slope and is supported
by the beam. However, this model is simpler in concept and more efficient to use in analysis
than Model 3.

As in the previous two models, the area of the diagonal bracing strut was obtained
by equating its horizontal stiffness to the lateral stiffness of the panel and connections
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Figure 6.10: Madel 3 • Double-Diagonals to Centres
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Figure 6:13: Model 4 • 'Improved' Single-Diagonal
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supported by a rigid beam.

By equating Bq. 6.1 to the stiffness value of analysis IV, and setting d equal to
7118.57 mm, 9 equal to 20.9046° and the modulus of elasticity, E, equal to 20.0 kN/mm2

(20000 MPa), the axial area ofthe strutwas determined to be 86592 mm2 •

A single-storey representation of Model 4 with half-storeys above and below, Fig. 6.14,
and with similar co.nstraint conditions as in th~ previous two analyses was analysed for an
applied horizontalload of 1000 kN. The resulting interstorey drift was 6.0565 mm \vhich
was exactly the same as that obtained from Model3. The resulting frame-member moments
were also identical to those found from Model 3. Hence, Model4, like Model 3, predicts very
good results for the behaviour of the lateraily loaded panel connected within a frame, but it
is a much simpler representation than Model3. As in the other models previously described,
a finite element analysis of a panel and its connections supported by a rigid beam is initiaily
necessary to determine the cross·seetional area of the diagonal bracing strut. However, the
analysis has the advantage that it is independent of the frame's members stiffnesses.

6.5 Further Understanding of the Panel-Clad Frame Inter­
action

A clearer understanding of the structural frame's behaviour can be gained from Model 4,
the 'improved' single-diagonal, which best represents the panel connected within the frame
in its usuaily recommended way.

A braced bent under horizontal loading behaves as a vertical cantilever truss. The
columns act as the chords in carrying the external load moment, and the diagonals and
girders serve as the web members in carrying the horizontal shear. For the braced frame
shown in Fig. 6.13, which best represents the panel-clad frame behaviour, the member
actions that contribute to its shear displacement are axial deformations in the diagonals
and bearns, and bending 'in the beams as shown in Fig. 6.15.

Since the beam's axial deformations between the locations of the loadbearing connections
are contributing to the shear displacement of the frame, the model used for the analyses of
Chapter 4, Fig. 4.15, in which the beam's axial area was assigned a large value to make it
eff~ctively rigid, does not accurately represent the panel-frame system.

To assess the contribution of the beam's axial deformations to the shear displacement
of the panel-clad frame, the resulting forces in the horizontal connections were e.'l:amined.
From the locations of the panel's connections, Fig. 4.15, the portion of beam that would
be subjected to axial deformations is between the left horizontal connection and the middle
horizontal connection. From Fig. 8.1, the approximate axial for~:: applied to the beam is the
difference between the load carried by the top-left horizontal connection and the bottom­
left horizontal connection (or the difference between the top and bottom middle horizontal
connections), that is, 86.03 kN. The beam's length over which this force would be applied
is 3175 mm, and its actual area is 198200 mm2• The resulting axial deformation of the
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bea.m wouId, thus, be 0.0689 mm, which is only 1.9 percent of the panel-clad frame's top
displa.cement of 3.62 mm. Therefore, by assuming the beam to be axially rigid a. very small
error wa.s introduced in the la.tera.1 displa.cement. It is concluded tha.t the axial deforma.tions
in the bea.m are negligible for the representa.tive panel-clad frame analysed and, therefore,
the analyses performed in Cha.pter 4 are sufliciently a.ccura.te for the purpose of this study.
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CHAPTER7

THE EFFECT OF PRECAST CONCRETE CLADDING
PANELS ON THE STATIC WIND LOAD RESPONSE OF

STRUCTURES

The effect of the precast concrete cladding panels on the static wind load response of
the two types of structures described in Section 4.1 was explored. The effects of the panels
in the total structures were represented by the 'improved', single-diagonal equivalent strut
mode! described in the previous chapter. Static wind load analyses of the example moment­
resisting frame and wall-frame structures, with and without the equivalent diagonal struts,
that is, with and without the effects of the panels, were performed and the results compared.

7.1 The Effect of Panels on the Static Wind Load Response
of a Moment-Resisting Frame Structure

1.1.1 Modelling the Example Structure and the Panels

To study the building's static response, a three-dimensional analysis of the e:'Cample moment·
resisting frame structure was required. Beca.use of the structure's plan doub!e-symmetry,
it was possible to reduce the problem to the analysis of a quarter-plan mode!, subjected to
a quarter of the loa.ding. A plan view of the computer model is shown in Fig. 7.1. The
columns were represented by bearn.type e!ements. They were assigned their corresponding
flexural inertias and sectionül. areas. The rigid joint zone of the columns on the exterior
faces of the building were represented by rigid arms. The slabs were repla.ced byequivalent
bea.ms with appropriate effective widths (Coull and Wong 1981). The effective width of an
end bay was ta.ken to be 45 percent of the corresponding interior full.bay value. The beams
were a.ssigned a horizontal axis' inertia of

Ci.1)

where Y. =effective width of the equivalent bearn, and
t =thickness of the slab.
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Bq. 7.1 was applied to every bay except in the cases of the exa.mple structures in
which the stiffening elfect of the cladding panels was included. In these cases, the Hexura.l
inertia of the equivalent beam supporting the cladding panels was ta.ken from a specific
analysis, Chapter 4, Section 4.3, to account for the vertica.1 forces that the panel's bea.ring
connections applies to the slab. The values assigned to the sectional areas of the beams
were not important since the nodes at every Hoor were constrained to move identically in
the direction of loa.ding. To obtain the conditions of symmetry required for use of the
quarter-plan model of the structure, the horizontal translation of all the nodes in the plane
perpendicu1a.r to the direction of the loading was restrained, and the ends of the columns
on the line of symmetry were restrained a.ga.inst rotation about the axis of loa.ding. The
structure behaves anti-symmetrically about the axis of symmetry perpendicu1ar to the axis
of loa.ding. Bence, the structure was constrained a.ga.inst vertica.1 displacement along the
line of anti-symmetry by assigning an elfective1y rigid axial area. to the columns on this
axis, and by restraining the eut end of the bea.m a.ga.inst vertica.1 displacement at every
Hoor. A uniformly distributed lateraIload of 1.268 kN/m2 was used to simulate the wind
loa.ding. For the quarter-plan model of the structure, the loa.ding was 9.1614 kNlm, and it
was applied as equivalent concentrated loads at the tloor levels.

The preca.st concrete panels which are loca.ted on the exterior faces of the structure at
every storey, were mode11ed by the 'improved' single-diagonal bra.cing struts with assigned
sectional area.s to provide a horizontal stiffness component equal to the predetermined stiff­
ness of the exa.mple panel and its connections. The exa.mple panel stiffness was determined
sepa.ra.tely, from a finite element analysis of a storey-height, bay-width module of the panel
and its connections supported by a tlexurally and axially rigid bea.m. The lateraI stiffness
of the panel and connections supported by a rigid bea.m was obtained from analysis IV,
Table 4.3. The cross-sectional area. of the strut was determined to be 86592 mm2 in Chap­
ter 6, Section 6.4, and this value is valid for the representative panel with its connections,
regardless of the stiffnesses of the frame members.

7.1.2 Analyses and Results

The structure was analysecI first without cladding panels, that is without the equivalent
diagonal struts. The resulting top detlection of 98.377 mm, gave a drift index of 1/516 which
would satisfy the acceptable drift limit range ofbetween approximately 1/300 to 1/500. The
overall detlected shape of the structure, Fig. 7.2. indica.tes the predominantly shear mode
of displa.cement of a moment-resisting frame with a small overall tlexural component of
displa.cement due to the axial deformations in the columns and to their moment fixity at
the base;

The structure with cladding panels, that is including the equivalent diagonal struts, was
then analysed. The resulting top displacement was 31.061 mm, corresponding to a drift
index of 1/1635. The top displacement was 68.4 percent less than that of the structure
without cladding panels, indica.ting the panels' very significa.nt overall stiffening elfect. The
.defiected shape of the structure, Fig. 7.2, represents a combination of tlexural and shea.r
behaviour. By adding the struts, the shea.r rigidity of the moment-resisting frame structure
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was increased, while its overallll.exural rigidity was reduced. This reduction was a result of
the significantly increased axial deformations in the columns adjacent to the panel arising
from the vertical components of the forces in the struts. Fig. 7.3 shows the distribution
of the axial stresses in the columns adjacent to the cladding panels for the analyses of the
example structure withand without panels. The column between the two adjacent cladding
panels did not deform axially because it is on the building's Une of symmetry, but the axial
stress in the column at the other side of the panel increased by a factor of 6.8 when the
effect of the panels was added.

The dell.ected shape of the example moment·resisting frame structure without bracing
consisted ofa smallll.exural component and a large shear component, giving a predominantly
shear configuration, Fig. 7.4. The dell.ected shape of the example moment-resisting frame
structure with bracing, however, was composed of a larger Il.exural component and a smaller
shear component, giving rise to a Il.exural profile in the lower part of the structure, and a
shear profile in the upper part, Fig. 7.S.

Excep'; for the beam supporting the cladding panel, the frame-member moments in the
lower sto:eys of the clad moment-resisting frame structure were reduced by approximate!y
SO to 70 percent from those of the unclad frame structure.

7.2 The Effect of Panels on the Static Wind Load Response
of a Wall-Frame Structure

7.2.1 Modelling the Example Structure and the Panels

To determine the static response of the example wall-frame structure, a three-dimensional
analysis of the building was required. The wall·frame structure differs from the moment·
resisting frame structure in that it has a. structural core. Using a simple wide-column
mode!, the core was represented by an equivalent column located at the centroidal axis
of the wall a.ligned in the direction of the loading. The equivalent column was assigned
the Il.exural rigidity Elof one-half of one of the cores. The wide-column effect of the wall
on its interaction with the connecting beam, and the condition that plane sections of the
wall remain plane, was incorporated by means of stiff arms located at the connecting beam
levels, spanning between the effective column and the extemal fibre of the wall. The rest
of the model, and the loading, was identical to that of the example moment-resisting frame
structure. A plan view of the computer model for the wall-frame structure is illustrated in
Fig. 7.6.

The preca.st concrete cladding panels were represented by the 'improved' single-diagonal
bracing struts with axial areas identical to those in the example moment.resisting frame
structure, Section 7.1.1.
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7.2.2 Analyses and Results

The wall-frame structure was analysed first without including the effect of the cladding
panels, :hat is without the equivalent diagonal struts. The resulting top displa.cement of
25.579 mm, gave a drift index of 1/1986, that is well within the acceptable limit. TypicaJly,
the deflected shape of a wall-frame structure has a flexuraJ profile in the lower part, and
a shear profile in the upper. In this case, the overall deflected shape of the structure, Fig.
7.7, has a predominantly flexuraJ configuration which is due to the high rigidity ofthe core,
with a slight shea.r profile hi the top part of the structure.

The wall·frame structure with the cladding panels, that is including the equivalent diag­
onal struts, wa.s then analysed. The resulting top deflection was 16.370 mm, corresponding
to a drift index of 1/3103. The e!fect ofthe cladding panels was to decrea.se the top displace­
ment of the unclad structure by 36.0 percent. The deflected shape of the structure, Fig.
7.7, is similar to that of the structure without the panels. However, if the deflected shape of
the wall-frame structure without the struts is normalized to have a top displa.cement equal
to that of the structure with the struts, Fig. 7.8, it ca.n be observed that relatively greater
shear deformation was present in the structure with the bra.cing. Adding the bra.cing to
the wall-frame structure, increased the shear rigidity, GA, of the structure, but did not
alter the bending rigidity. of the walls, El. Therefore, the a-parameter (= -/GA/EI) was
increased. In a.ccorda.nce with wall-frame theory (Heidebrecht and Sta.fford Smith 1973),
as a increa.ses, the point of contra.flexure of the deflected shape of a wall·frame structure is
lowered. This corresponded with the greater shea.r configuration of the clad structure.

The frame-member moments in the lower storeys ofthe clad wall-frame structure, except
for the beam supporting the cladding panel, were approximately 25 to 30 percent less than
those of the unclad wall-frame structure.

Although significa.nt, the stiffening e!fect of the cladding wa.s less for the wall·frame
structure tha.n for the moment-resisting frame structure. This wa.s beca.use the unclad
wall-frame structure is a much stiffer structure tha.n the unclad moment-resisting frame
structure.
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CHAPTERS

RESULTING FORCES IN CONNECTIONS AND
STRESSES IN PANEL

It is necessa.ry to consider that, while on the one hand the precast concrete cladding
panels provide additional stiffness to the structure, on the other hand they attract loads
to themselves which may exceed those for "'(hich they were designed. Therefore, it should
be verified that the panel and the connections are capable of withstanding the loadsto
which they are 'inadvertently' subjected. To achieve this, the resulting forces in the diag­
onaJ bracing struts of the analysed modelled structure must be converted to forces in the
connections for checking aga.ïnst their ultimate capacity, and to stresses in the panel for
checking aga.inst their allowable values.

S.l Resulting Forces in the Connections

. An estimate of the resul~ingvertical forces in the bearing connections tan be made by taking
the vertical component of the force in the 'improved' single-diagonal strut.

In the analysis of the example moment-re5Îsting frame, with bracing to represent the
panels, the largest diagonal force occurred in the second storey and had a value of 299.85 kN.
The diagonal struts were at an angle of 20.9046° to the horizontal, Section 6.4. Therefore,
by taking the vertical component of the diagonal force, the vertical forces in the bearing
connections were determined to be 106.99 kN.

Having determined the vertical forces in the bearing connections, the corresponding
horizontal forces in the tie-back and left side bearing connections tan he obtained. This
tan he achieved by sca1ing the horizontal forces resulting from the detailed analysis of the
storey-height panel-frame module, analysis n, by the ratio of the vertical forces in the
bearing connections obtained above to the vertical forces from the detailed analysis.

The forces in the connections obtained from the analysis orthe storey-height panel-frame
module subjected to a horizontalload of 1000 kN, analysis II, are presented in Fig. 8.1.
The factor necessary to scale the forces in the horizontal connections is thus 0.37718.

The resulting maximum forces that would occur in the connections of the precast con­
crete panels in this laterally loaded, 2D-storey, clad moment-resisting frame example struc-
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ture are shown in Fig. 8.1.

The resulting forces in the connections of the precast concrete panels in the example
wall-frame structure were obtained similarly. The largest diagonal force in the bracing struts
representing the panels in the example wall-frame structure was 93.35 kN, and it oceurred in
the sixth storey. By taking the vertical component of the diagonal force, the vertical forces
in the hearing connections were computed to he 33.3085 kN. Hence, the scaling factor for
the forces in the horizontal connections is 0.11742.

The resulting maximum forces that would occur in the connections of the precast con­
crete panels from the lateral load analysis of the example wall-frame structure are also
shown in Fig. 8.1. These are ooly 31 percent of the magnitude of those in the connections
of the panels in the moment-resisting frame structure.

8.2 The Ultimate Capacities of the Connections

The ultim;J.te capacities of the two types of connection were checked for their worst loading
condition:

(a) the steel haunch bearing connection, subjected to either a vertical force, lateral
force, or to both simultaneously, and

(b) the tie-back connection, subjected to the largest lateral force.

The factored and service loads which the steel haunch and the tie-back panel connec­
tions must resist are summarized for the e.'C3.IIlple moment-resisting frame and wall-frame
structures in Tables 8.1 and 8.2, respectively. Details orthe steel haunch bearing connection
are shown in Fig. 4.16. The connection was checked for the concrete bearing capacity in
two directions, the flexural and shear resistances of the steel section, and the maximum
tensile stress in the steel section due to biaxial bending.

An estimate of the concrete bearing capacity is based on theory presented by Marcakis
and Mitchell (1980). In Fig. 8.2, the analytical model to predict the ultimate capacity of
the connection is presented. The model assumes a linear strain distribution in the concrete
with a maximum strain of 0.003 at the front face of the panel. The CSA (1984) stress block
factors are used to calculate the stress resultant at the front part of the connection, while a
parabolic stress-strain curve is assumed in calculating the stress resultant at the rear part
of the connection. The neutral axis depth is determined in a way so that equilibrium of
the forces and the moments on the steel member is achieved. The contribution of the shear
connectors to the concrete bearing capacity of the connection was neglected.

The resulting equilibrium conditions for the connection at the ultimate load condition
are expressed as:

v;. =
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Force Critical Factored Exceedance
(kN) Resistance

(kN)

Steel Haunch CODD!:Çtjon:
,

Vertical Lead 1981 48.6 307%
Horizontal Loa.d 892 48.6 83%

Tje-Back CODD!:ÇtjOD:
.

Unfa.ctored Shear 245 40 513%
Fa.ctored Shear 367 105 250%

1 =1.25D + 1.5L
2 = 1.5L
where D =weight of half a panel; L =load resulting from wind load analysis

Table 8.1: Maximum Design Leads and Fa.ctored Resistances for Panel Connections in
Moment-Resisting Frame Structure

Force Critical Factored Deviation
(kN) Resistance from

(kN) Resistance

Steel Hannch Conn!:Çtjon:

Vertical Loa.d 871 48.6 +79%
Horizontal Lead 282 48.6 -42%

Tje-Ba.ck Conn!:Çti,on.:

Unfa.ctored Shear 76 40 +90%
Fa.ctored Shear 114 105 +9%

1 = 1.25D +1.5L
2 = 1.5L
where D = weight of half a panel; L = load resulting from wind load analysis

Table 8.2: Maximum Design Leads and Fa.ctored Resistances for Panel Connections in
Wall-Frame Structure
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(8.1)

Ta.king moments about the front face of the panel gives,

v,.a = Cb (le _13;b) CJ (I3~J)

= (acf>cf~bl3xb) (le - l3;b) - (O.85cf>.fcbl3l.xJ) (13~J) (8.2)

where v,. = factored resistance of the connection,
CJ = resultant compressive force at the front of the steel member,
Cb =resultant compressive force at the ba.ck of the steel member,
f~ =specified compressive strength of concrete,
b = effective width of the connection (a maximum width equal to

2.5 x width of embedded member was assumed),

l3l. =CSA stress black factor (= 0.85 - 0.08 (J:~30) ~ 0.35l 0.85),
:1:J = depth of the strain distribution from the front of the connection,
:l:b = depth of the strain distribution from the ba.ck of the connection (xJ +Xb = le),
4 =effective length of the connection,
a R= ~ _1 (~)2

fJ Co 3co'
4-~13 = s_E.,

'.
E. =strain at maximum concrete stress assumed to he 0.002,
Eb = strain at the ba.ck of the connection ,
a =distance from the front face of the connection to the resultant

of the vertica.lloads,
cf>. = material factor for concrete (= 0.60).

For a given loading configuration the two unknowns, xJ and v,., are found by solving
Eqs. 8.1 and 8.2 simultaneously. A simplified expression for the concrete bea.ring ca.pa.city
of the connection, however, has been developed (Marca.kis and Mitchell 1980) and has heen
adopted by the CPCI design manual (1987):

v. _ 0.85cf>cf~ble

r- 1+~
t.

(8.3)

where e = a+ ï.
By substituting the values for the given exa.mple, Fig. 4.16, into Eq. 8.3, the concrete

bearing capa.city was ca.lculated to he 48.6 kN. It should be noted that the computed con·
crete bearing capa.city is conserva.tive since the effect of the shear connectors wa.s neg1ected.
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The fiexural and shear resistances of the steel section were also checked. The fiexural

resistance of the embedded structural member is (CPCI Design Manual1987, Handbook of
Steel Construction 1982)

or,

Mo - V. 0.5V:
r - ra + 0.854>J~b

where 4>4 = material factor for steel (=0.90),
Z. = plastic section modulus of steel section, and
/11 = yield strength of steel section.

(8.4)

(8.5)

The capacity of the steel section in shear (Handbook of Steel Construction 1982) is given
by

(8.6)

where h = depth of steel section, and
t = thickness of section.

For the steel section in Fig. 4.16, M., Eq. 8.4, was determined to be 10.84 kN-m. By
substituting this into Eq. 8.5, the fiexural nsistance of the steel section was calculated to
be 105.2 kN. The shear resistance ofthe steel section, on the other hand, was found to be
126.2 kN, Eq. 8.6.

For the steel haunch bearing connection subjected to a verticalload, a comparison of
the concrete bearing capacity (48.6 kN) with the fiexural (105.2 kN) and shear (126.2 kN)
resistances of the steel section, showed that the concrete bearing capacity was critical. Using
this criterion, the factored vertical load acting on the steel haunch bearing connection of
the panel in the clad moment-resisting frame structure, Table 8.1, exceeded the resistance
of the connection by 307 percent. While the factored verticalload acting on the connection
of the panel in the wall-frame structure exceeded the resistance of the connection by 79
percent.

For the steel haunch section subjected to a horizontalload, the concrete bearing capacity
was a.ga.in more critical than the fiexural and she;\.r resistances of the steel section. A
comparison of the factored horizontalloads resulting from the analyses of the clad structures,
with the concrete bearing capacity in the lateral direction, 48.6 kN, indicated that the
capacity of the connection was suflicient to resist this for the panels in the wall-frame
structure, Table 8.2, but not for those in the moment-resisting frame structure, Table 8.1.

For the simultaneous application of the horizontal and vertical loading on the steel
haunch connection, the maximum tensile stress in the steel section due to the biaxial bending
was verified. Referring to Fig. 8.3, and using the resulting factored mr\lnents, the maximum
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tensile stress is 'given by

(8.7)

c

The factored moments due to the vertical and horizontal loads acting on the bearing
connection of the panel in the clad moment-resisting frame were 17.3 kN-m and 7.79 kN-m,
respectively. For the bearing connection of the panel in the clad wall-frame, the factored
moments as a result of the vertical and horizontalloads were 7.61 kN-m and 2.45 kN-m.
By substituting these values and the appropriate properties of the steel section into Eq.
8.7, the maximum tensile stress in the steel section was determined. In the case of the
clad moment-resisting frame, the maximum tensile stress in the steel section, 885 MPa,
exceeded the 350 MPa yield stress of the HSS section by 153 percent. In the case of the
clad wall-frame structure, the maximum tensile stress, 355 MPa, exceeded very slightly the
yield stress of the section.

It was also necessary in checking the capacity of the steel haunch connection to verify
the shear and fiexural resistances of the side plates which are welded to the HSS section,
Fig. 4.17. The fiexural and shear resistances of only plate DE was checked, since it is stiffer
than plate AB; and, therefore, will attract the greater load. The stiffnesses of plates AB
and DE were determined to he 0.255E and 6.875E, respectively, Eq. 4.4. The factored
horizontalloads acting on the hearing connections, Tables 8.1 and 8.2, were assumed to be
shared between the plates according to their stiffnesses to give the resulting factored shear
and factored moment in plate DE. The factored fiexural and shear resistances of plate DE
were calculated using Eqs. 8.4 and 8.6, respectively. In the analysis of the clad moment­
resisting frame, the available shear resistance of the plates was sufficient for the shear force
resulting in the connections, but the resulting moment was 98 percent greater than the
fiexural resistance. The available resistances of the plates were sufficient for the loads in
the connections of the panels attached to the wall-frame structure.

Considering the tie-back connection subjected to an in-plane lateral load, the shear
resistance and the factored shear resistance of the boIts connecting the angle to the slab
and to the panel were checked. Both these bolts are standard 20-= diameter bolts with
a shear resistance of V. = 40.0 kN, and a factored shear resistance of V. = 105 kN. The
factored and unfactored shears acting on these connections from the clad moment-resisting
frame analysis, Table 8.1, exceeded the resistances of the bolts by 250 and 513 percent;
respectively. Only the bolts in the panels of the top five storeys of the moment-resisting
frame would be capable to carry the induced unfactored shear. From the clad wall-frame
analysis, the exceedances were 9 and 90 percent for the unfactored and factored shears,
respectively, Table 8.1.

To summarize, it is evident that the example moment-resisting frame structure, and for
the intensity of the applied horizontalloading, in which the panels reduced the top lateral
displacement by 68.4 percent, the most heavily loaded connections would not withstand the
loads to which they would he subjected. For the example wall-frame structure, in which the
panels reduced the top lateral displacement by 36.0 percent, the connections would require
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a slight inaease in strength to be OOequate.

8.3 Resulting and· Allov,rable Stresses in the Panel

The resulting stresses in the precast conaete clOOding panels of the example structures tan

be obtained by multiplying the stresses found from the lateralload analysis of the single­
storey panel-frame module by the same scaling factor as used for the horizontal forces
in the tie-back connections. The maximum and minimum principal stresses in the panel

.were determined by multiplying the corresponding stresses of analysis il by 0.37718 for the
moment-resisting frame structure, and by 0.11742 for the wall-frame structure. ..

Contour plots for the resulting maximum and minimum principal stresses in the panel
of the moment-resisting frame structure are presented in Figs. 8.4a and 8.4b, respectively.
For the wall·frame structure, these are shown in Figs. 8.5a and 8.5b, respectively. In
general, local stress concentrations occur in the panels at the comers orthe window openings,
with tensile stresses at the comers of the leading diagonal, and at the locations where the
connections inject concentrated loads into the panel. These are in accordance with the
general understanding that stress concentrations occur around re-entrant comers and at
points of concentrated 1000 application. Away from these areas oflocal stress concentration.
the panel is relatively lightly stressed.

The stress distributions are similar for the panels in the moment-resisting frame and
wall-frame structures, except that the stresses in the panel of the moment·resisting frame
structure are scaled by a larger factor than those in the panel of the wall·frame structure.
Referring, in passing, to the contour plots of the maximum principal stresses, Figs. 8.4a
and 8.5a, the largest stresses occur where the horizontallink at the top centre connects to
the panel. The computed largest tensile stress for a panel in the moment-resisting frame
structure was approximately 5.6 MPa, while that for a panel in the wall-frame structure
was approximately 1.7 MPa. These values, however, are not meaningful, since they result
from an applied force that is modelled as concentrated at a point, which does not represent
what actually occurs at the location of the connection in the panel.

The permissible tensile stress for the concrete in the panel tan he taken as the modulus
of rupture (Collins and Mitchell 1987), that is,

Ir = 0.61!i f~r normal density concrete (8.8)'

5ince the specified compressive strength of the panel's conaete is 35 MPa, the permis­
sible tensile stress from Eq. 8.8 is 3.55 MPa. Away !rom the areas of stress concentration,
the tensile stresses in the panels of both example structures are well within the permissible
limit. Although only a hypothetical consideration, because of the inaccuracy of the stresses
adjacent ta points of load application, the values of stress in the regions of stress concen­
tration are greater than the permissible stress in the panels of the moment-resisting frame
structure, while those in the panels of the wall·frame structure are less than the permissible
stress.
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Referring to the contour plots of the minimum principal stresses, Figs. 8.4b and 8.5b,

the computed largest compressive stresses also occur at the locations of local concentrated
stress. Taking the permissible compressive stress of concrete as 0.6f~ (CSA 1984), that
is, 21 MPa for the panels in question, this limit is satisfied even at the locations of stress
concentration, Figs. 8.4b and 8.5b.

The analysed stresses were calculated by taking an average of the element stresses from
the different membrane finite elements atta.ched to a common node. Beca.use of the high
stress gradients in some regions, at certain joints the stress from one element was as much
as 200 times grea.ter than that given by an adja.cent element. To obtain more' a.ccurate
results, an analysis using a much finer mesh would have been required. However, for the
purposes of this study, the size of mesh gave results sufficiently a.ccurate to give an idea of
the panel's stiffness, its stress distribution and the approximate magnitude of the stresses.

The stresses obtained from the analyses are intended prima.rily to give an indication of
the stress distribution and where additional reinforcement would be required. It appears
from the analyses that the panels in the wall-frame structure were adequate to withstand
the loads to which they would be subjected, but additional reinforcement in critical area.s
of the panels in the moment-resisting frame structure would be necessary.
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CHAPTER9

THE EFFECT OF PRECAST CONCRETE CLADDING
PANELS ON THE SEISMIC RESPONSE OF

STRUCTURES

The effect of the precast concrete cladding panels on the seismic response of the two types
of structures described in Section 4.1 was explored. A brief description of the background
required and the approach used for the dynamic analyses is presented. Eigenvalue analy.es
and linear elastic response spectrum analyses of the example moment-resisting frame and
wall-frame structures, with and without the stifl'ening effects of the panels, were performed
and the results were compared. The purpose of these dynamic analyses was to make a
comparison between the resulting dynamic properties and design quantities of the example
structure, with and without the stifl'ening efl'ect of the cladding panels, rather than an
investigation of their absolute values. As in the static wind load analysis, the panels were
modelled by the 'improved' single-diagonal bracing struts.

9.1 A Background to the Approach Used for the Seismic
Analyses of Structures

Once the mathematical model of a structure has been developed, the first step in a seismic
analysis is to determine the dynamic properties of the structure; that is, the natural periods
of vibration and the mode shapes. In the linear elastic dynamic analyses, these are the
most important properties governing structural response. The mode shapes dictate the
distribution of the design quantities over the height of the building, and the natural periods,
being related to the spectral amplitudes, govem the magnitudes of these design quantities.

The undamped free vibration mode shapes and frequencies of a structure are found from
an eigenvalue analysis. This involves the solution of the following generalized eigenvalue
problem

where [K] = stifl'ness matrix,

[K) [~) = [M] [~] [w2j
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[Ml = diagonal mass matrix,
[",,2) = diagonal matrix of eigenvalues, and
[~) = matrix of corresponding eigenvectors.

The eigenvectors are the mode shapes of the structure, and the eigenvalues are the circular
frequencies squared. For each of the example structures an eigenvalue analysis, using the
SAP80 (1986) computer program, was performed to investigate the infiuence of the cladding
panels on the dynamic properties of the structure.

The next objective is to perform response spectrum dynamic analyses to evaluate the
effect of the cladding panels on the overa1l design quantities. Although a full nonlinea.r
time history analysis would be required for a theoretically 'correct' analytical result, it is
rarely used in design practice, because it is diflicult to employ and interpret, and it is also
time-consuming and costly. The response spectrum method is computationally much more
efficient, and with appropriate modal ~mbination rules can yield results that show very
good comparison with time history analysis (Neuss et al. 1983). Furthermore, the response
spectrum is based on a range of possible earthquake ground motions, rather than a unique
earthquake excitation, which may not predict the future seismic ground motions that may
accur at a given site during the usefullife of a structure. Response based on elastic periods
will 'accurately' represent force levels from ea.rthqua.kes of moderate intensity and will reflect
at least the initial response to a very severe ea.rthqua.ke.

Before the dynamic analyses can he performed, a design spectrum must he chosen to
represent the ea.rthquake ground motion. Usually, the design response spectrum used in
Canada for a seismic analysis is that provided by the National Building Code of Canada
(1985). The design spectrum presented in the 1985 NBCC was derived from a response
spectrum for 5 percent damping and was based on the assumption that the acceleration­
related seismic zone factor is equal to the velacity-related seismic zone factor. It has also
been derived to be used in conjunction with the periods of vibrations given by the code
formulae, which include safety factors to account for non-structural effects, dift'erent types
of overlying soils, etc_, and to maintain a certain level of safety. Severa! other design spectra
which represent response envelopes based on an entire variety of ea.rthquake motions have
been developed, for example, Newmark and Hall (1973), and Newmark et al. (1973). The
design spectrum that must he used in a dynamic analysis is also dependent on the type
of structure that will be excited; for this rea50n building codes for different types of struc­
tures have developed their own design response spectra, such as the American Petroleum
Institute (API) (1981), the Nuclea.r Regulation Commission (NRC) (1973), the Veterans
Administration (VA) (1973), etc. :ra this study, the Newmark and Hall (1973) elastic spe~­

trum, Fig. 9.1, for 5 percent damping and scaled to 0.04g was used in the seismic analyses.
It provides a better representation of actual ea.rthquake spectra than many other spectra
(Neuss et al. 1983); it is well-known, it reflects an upperbound envelope of actual spectrum
curves, it is normalized with respect to the three ground motion parameters (acceleration,
velocity, and displacement), and it covers long-period structures well. For the generalized
and comparative purpose of this study, the maximum ground acceleration of O.04g, chosen
according to the 1980 NBCC for the Montreal region, was considered acceptable.
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To determine the seismic response quantities; that is, the resulting force and displace­

ment quantities, the mode-superposition procedure (Clough 'l.Ild Penzien 1975) was used. It
is Dot necessary, however, to include ail the higher modes of vibration in the superposition
process. A rule of thumb is to consider a sufficient number of modes 50 that an effective
modal mass of at least 90 percent of the total mass is represented by the modes chosen.
The effective modal mass, e, of the structure is that part of the total mass responding to
the earthquake, and it is given by the following expression

(9.2)

where Pi = ~[M]1:
mi =~[M]!;
1: = unit influence vector,
[M]= diagonal mass matrix,
!; = mode shape vector i, and
j = number of retained modes.

Having determined the design response spectrum, and the number of modes to retai:ll
for the solution, a respo= spectrum seismic analysis was then performed by the SAP80
computer program to extract participation factors, spectral acceleratioDS, and spectral dis­
placements. Using these values, the overall building design quantities of primary concern
including peak storey shears, peak storey overtuming moments, peak storey deflections, and
peak interstorey drifts were computed. To determine peak storey shears and overturning
moments, it is necessary to calculate the equivalent external forces, Fi,m=, for each mode
i, acting on the structure, that is,

Fi.maz = [Ml!o7iSoi

where [M] = diagonal mass matrix,
': .. .~ = mode shape vector i,

7i = participation factor for mode i, and
Soi = spectral acce1eration for mode i.

(9.3)

The peak storey shear, Vi,maz, and peak storey overturning moment, Mi.maz, for mode
i, at any leve1 k ca.n he computed as follows

and

N

Vi,mtl:,k = l: Fi,mu,;
j=k

N

Mi,maz.k = l: hj' Fi,mazJ
j=k+l
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where hi is the height of the jtlr. :B.oor above the ktir. :B.oor and N is the total number of
storeys. The peak storey deflections, Âi,m"", for mode i, are simply given by the following
expression

Âi,m"" = ~"'YiSdi (9.6)

where Sdi is the spectral displa.cement for mode i. The peak interstorey drift, Di,m"", for
mode i, at any level k, ca.n then be ca.lculated by taking the difference between the deflections
of the :B.oors above and below, that is,

(9.7)

An envelope of peak responses for ea.ch design quantity is ca.lculated over the height of
the building ba.sed on the square-root-of-the-sum-of-the-squa.res (SRSS) modal combination
method. The SRSS method gives a.ccura.te response predictions for regular buildings, that
is buildings in which the centres of stiffness and mass coincide, and for structures which do
not have modes with closely spa.ced periods dominating the response (Maison et al. 1983).
Its mathematica.l form is given by

(9.8)

where R.m"" = estimated maximum response for quantity R,
Il; = maximum response of quantity R in mode i, and
n =number of modes considered.

Other methods such as the absolute sum (ABS) rule yield responses that are too conserva.tive
and not appropriate for design purposes, while the complete qua.dra.tic combination (CQC)
(Wilson et al. 1981) method is a recent development to provide good exa.mples for irregular
buildings and buildings having modes with closely spa.ced periods.

In addition to illustrating the influence of the cladding panels on the magnitudes of de­
sign quantities, the relative contribution of the various modes to the complete responses are
also investigated to gain a better understanding of the dyn~c response of ea.ch building.
Beca.use the SRSS modal combination method is used to compute peak re!'ponses for the
seismic analyses performed, the contribution of ea.ch mode to peak responsv. ca.n be repre­
sented as a ratio of the square of the mode's peak response to the tot;;l'sUm of the squares
of a.ll modal peak responses (Neuss et al. 1983). That is, the contribution of mode 'n' to
total peak response is represented by the ratio

(9.9)
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where R; = peak response in mode i, and
N = total number of modes.

In this calculation, the square of the response is used, 80 that the SUIn of the modal contri­
bution ratios will equal one.

9.2 The Effect of Panels on the Seismic Response of the
Moment-Resisting Frame Structure

9.2.1 The Influence of Panels on the Dynamic Properties

Using the same mathematical model as for the case of the static wind load analysis, except its
having mass values assigned at every floor leve1, the natural periods of vibration and mode
shapes for the example moment-resisting frame structure, with and without the stiffening
effect of the cladding panels, were extracted from an eigenvalue analysis using the SAP80
(1986) computer program. At a typical floor, a mass was assigned to the translational
degree of freedom in the direction of the loading, corresponding to the mass of one-quarter
of the structure plus the mass oftwo panels, that is, 0.113 kN '82Imm. At the top, them~
was assigned a value of only one-quarter of the mass ofthe slab, that is, 0.0895 kN '82 Imm.

The first four translational mode shapes are presented in Fig. 9.2 for the cases with and
without the stiffening effect ofthe cladding panels, that is modelled by the 'improved' single
diagonal struts. In the case without bracing, the first mode shape verifies the predominant1y
shear mode of deformation of the moment-resisting frame structure, while in the case with
the bracing the first mode shape illustrates a greater flexural profile in the lower part
of the structure with a shear profile in the upper part. By adding the struts, the shear
rigidity of the moment-resisting frame structure was increased, while its overall flexural
rigidity was simultaneously reduced. This reduction was due to the significant1y increased
axial deformations in the columns adjacent to the braced panel arising from the vertical
components of the forces in the struts. In both cases, the first mode shape compares with the
deflected shape obtained from the static wind load analysis. The second, third and fourth
mode shapes changed only slightly when the effect of the cladding panels were added. The
nodes (i.e. neutral points) occurred at appraximately the same locations in the braced and
unbraced cases, and the anti-nodes (i.e. points of maximum displacements) occurred at
similar locations with appraximately the same values.

In Table 9.1, the natural periods of vibration for the two models are presented and
compared. Significant variations in natural periods resulted when the stiffening effect of
the cladding panels was added. The fundamental period for the case with the bracing was
2.1042 sec, or 46 percent smaller than the fundamental period for the case without the
bracing of 3.9097 sec. From Eq. 9.1, the deviation could only have been due to the increase
in stiffness since the mass matrix was the same in both cases. The higher modes showed
even greater variations, that is, greater stiffening, with the largest difference resulting in
the third mode. The cladding had an appreciable stiffening effect which was reliected in
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Period Period
Mode Without Etrect With Etrect Deviation
Shape of Panels of Panels

(5) (5)

1 3.9097 2.1042 -46%

2 1.2731 0.6278 -51%

3 0.7123 0.3255 ·54%

4 0.4745 0.2232 -53%

Table 9.1: Natural Perlods of Vibration for Example Moment-Resisting Frame Structure

No. of Without Etrect With Etrect
Modes of Panels of Panels

1 77.26% 72.33%

2 87.55% 88.91%

3 91.44% 93.22%

4 93.60% 95.24%

Table 9.2: Effective Modal Mass for Example Moment-Resisting Frame Structure
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the natural periods of vibration of the structure.

9.2.2 The Influence of Panels on the Response Quantities

Response spectrum dynamic analyses were performed on the moment-resisting frame struc­
ture, with and without the stiffening effect of the cladding panels, to determine the effect
of the panels on the res1Ùting design forces and displa.cements. The Newmark response
spectrum, for 5 percent damping, scaled to O.04g was used as the earthquake excitation.
In Table 9.2, the cum1Ùative effective modal mass percenta.ges for the moment-resisting
frame structure, with and without the panels, are presented. For .ea.ch model, the SRSS
combination of four analytical modes, which a.ccount for approximately 94 percent of the
total effective mass, wa.s used to calc1Ùate the peak storey shea.rs, peak storey overturning
moments, peak storey defiections, and peak interstorey drifts.

The peak storey shea.rs for the example moment-resisting frame structure, with and
without the effect of the cladding panels, are presented in Fig. 9.330. The shape of the shea.r
envelope changed slightly when ~he effect of the panels was included, beca.use the mode
shapes, in partiC1Ùar the first mode shape, changed somewhat when the struts representing
the panels were added. The peak storey shea.rs increa.sed substantially throughout the height
of the structure when the effect of the cladding panels wa.s added. As the latera.l stifFness
was increa.sed by including the struts, the natural periods decrea.sed, Table 9.1, res1Ùting in
larger spectral a.ccelerations, Bince for this structure the modes lie in the zone of increa.sing
accelerations with decreasing periods of the Newmark response spectrum. Therefore,larger
inertia forces and storey shea.rs res1Ùted. The value of base shea.r for the example moment­
resisting frame in which the stiffening effect of the cladding panels wa.s not included wa.s
261.2 kN. When the effect of the panels was added, the res1Ùting base shear was 567.6 kN,
representing a very significant increa.se of 117 percent over the model without the effect of
the panels.

Peak storey overturning moments for both models are shown in Fig. 9.3b. The over­
turning moments exhibit trends simila.r to those for the storey shears. The base overturning
moment for the case in which the effect of the panels wa.s included wa.s 15525 kN-m, which
is 103 percent grea.ter than the value of 7661 kN-m obtained for the case without the effect
of the panels.

In Fig. 9.430, the peak storey de:fl.ections for the exa.mple moment-resisting frame struc­
ture, with and without the stiffening effect of the panels, are shown. As expected, smaller
defiections res1Ùted with a stiffer model. As wa.s noted in the fundamental mode shape
response, the de:fl.ected shape of the structure without the struts representing the panels
exhibited prima.rily a shea.r mode configuration, while the defiected shape of the structure
with the struts illustrated a greater cantilever response with a slight shear profile in the
upper part of the structure. The fundamental mode shape contributed significantly to the
overall combined response, since the de:fl.ected profiles of the structures closely resembled
the first mode shape. It can he noted that smaller variations res1Ùted in the total de:fl.ection
than in storey shea.rs or storey overturning moments. The top displa.cement for the model
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Figure 9.4: Infiuence of Panels on Storey Displacement Qllantities for Moment-Resisting
Frame Structure
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with the effect of the panels was 44.1 mm, which is 34 percent less than the top displa.cement
of 66.6 mm for the model without the panels. The largest deviation occurred at the sixth
f100r where the displa.cement of the structure with tèe panels was 11.9 mm, or 51 percent
sraaller than the displa.cement of the structure without the panels, 24.2 mm.

The deflection response is illustrated in the peak interstorey drift response plotted in Fig.
9Ab. For the structure in which the stiffness of the panels was neglected, the interstorey drift
increased with increasing height until the seventh storey, indicating a f1exural response due
to the fucity of the base. From the seventh storey to the top of the structure, the interstorey
drift decreased with increasing height, due to shear deformation. On the other hand, for
the structure with the bra.cing struts, the interstorey drift increa.sed with increasing height
up to the fourteenth storey, indicating a gre..ter :fIexural response than for the case of the
structure without the bra.cing. The maximum interstorey drift occurred at the thirteenth
:fIoor for the structure with the effect of the panels, and its value was 2.763 mm, which is 43
percent smaller than the largest interstorey drift of 4.864 mm, occurring at the sixth :fIoor,
for the structure without the effect of the panels. It was also found that the interstorey
drift in the top two stories was grea.ter for the structure with the bra.cing than for the
structure without the bra.cing. A purely shear-deforming fixed-base structure subjected to
a distributed lateralloading is chara.cterized by a small interstorey drift at the top, but;
when the effect of the cladding panels was included, a:flexural component was adèed to the
de:flected shape of the structure, as explalned above, thus increa.sing the iIl.terstorey drift in
the top part of the structure. Since the de:flected shape of the structure without cladding
panels already had a small :fIexural component, this effect was limited only to the very top
:fIoors.

9.2.3 The Relative Influence of Various Modes of Vibration on the Seis­
mic Response

To demonstrate the relative ill:f!uence of the varions modes on the total combined response,
the modal contributions of the first four modes to the total response are shown in Fig. 9.5
for the structure without the effect of the panels, and in Fig. 9.6 for the structure with
the effect of the panels. At any storey level, the relative contribution is represented as
the square of the individual modal contribution divided by the total sum of the squares of
all twenty modal contributions. The modal contribution ratios for the forces at the base,
the top de:flection, and the maximum interstorey drifts are also recorded for the structures
without and with the bra.cing struts in Tables 9.3 and 9.4, respectively.

For the structure without the effect of the cladding panels, Figs. 9.5a and 9.5b indicate
that the higher translational modes, the second, third and fourth, contributed more to the
peak storey shears and the peak storey overturning moments in the upper five or six stories
of the building. Near the building's mid-height, the peak shear response was dominated
by the fundamental mode only, but the peak overturning moment response still had a
significant contribution from the second mode. At the base, the higher modes contributed
more significantly to the shear response than they did near the mid-height of the building,
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Response Modal Contribution Ratios
Quantity Mode 1 Mode 2 Mode 3 Mode 4 Higher Total

Modes

Base Shear .705 .158 .070 .035 .032 1.000
Base Q.M. .991 .003 .005 .000 .001 1.000
Top Dell. .978 .020 .002 .000 .000 1.000
Max. I.D. .935 .047 .001 .011 .006 1.000

Q.M. = Qverturning Moment
Dell. = Dellection
I.D. = Interstorey Drift

Table 9.3: Mod~ Contribution Ratios for Example Moment-Resisting Frame Structure
Without Effect of Panels

Response Modal Contribution Ratios
Quantity Mode 1 Mode 2 Mode 3 Mode 4 . Higher Total

Modes

Base Shear .592 .368 .030 .007 .003 1.000
Base Q.M. .994 - .005 .001 .000 .000 1.000
Top Dell. .982 .018 .000 .000 .000 1.000
Max. I.D. .850 .147 .000 .002 .001 1.000

Table 9.4: Modal Contribution Ratios for Example Moment-Resisting Frame Structure
With Effect of Panels
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with the second mode contributing 16 percent to the total sum of the squares of the base
shea.r values, Table 9.3. The first mode dominated the base peak overturning moment, with
its contribution being 99 percent, Table 9.3. In Fig. 9.5c, the higher modes are seen to
generally contribute negligibly to the peak storey deflections, except near the base"where
the second mode contributes 15 percent to the total sum of the squares of the deflections.
Fig. 9.5d illustrates the modal contributions to interstorey drift, which .esembled those to
the shear response, except that in this case the fundammltal mode contributed more than
each of the higher modes. Similar to the shea.r response, the greatest contribution of the
higher modes was nea.r the top and the base of the structure.

For the structure with the cladding panels, that is, including the equivalent lliagonal
struts, the modal contributions to the peak storey shea.r and peak storey overturning mo­
ment responses are presented in Fig. 9.6a and 9.6b, respectively. Nea.r the top of the building
the higher modes contributed significantly to the shea.r response and overturning moment
response, as they did in the case of the building without panels; however, in this case, the
second mode dominated the response nea.r the top. The second mode also contributed a
considerable amount, 37 percent, to the base shea.r, Table 9.4. AB for the structure without
the panels, the fundamental mode dominated the base overturning moment response with
the higher modes being insignificant, Table 9.4. In Fig. 9.6c, the significance of the higher
modes are seen to coRtribute negligibly to the peak storey deflections in the upper region, as
for the structure without the bracing. At the base, however, the second mode contributed
35 percent to the total sum of the squares value. Similar to the shea.r response, the modal
contributions to the interstorey drifts in Fig. 9.6d show the greatest contribution of the
second mode to he near the top and base of the structure, while the first mode was the
largest contributor to the interstorey drift at allievels of the building.

9.3 The Effect of Panels on the Seismic Response of the
Wall-Frame Structure

c

9.3.1 The Influence of Panels on the Dynamic Properties

As for the example moment-resisting frame structure, the natural periods of vibration and
the mode shapes for the exainple wall-frame structure, with and without the stiffening
eifect of the cladding panels, were found from an eigenvalue analysis, using the SAP80
(1986) computer program. The mathematical model used for the wall·frame structure was
the same as that used for the static wind load analysis, while the values of the masses were
identical to those used for seismic analyses of the moment-resisting frame structure.

The first four translational mode shapes are presented in Fig. 9.7 for bath cases; that is,
with and without accounting for the cladding panels. In both cases, the fundamental mode
shape verified the behaviour predicted from the static wind load analysis of the wall·frame
structure. That is, the structure had a significant degree of cantilever type response, which
was due to the high rigidity of the core, with a very slight shea.r beam response in the top
part of the structure. The first mode shape of the structure with the bracing struts had
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a slightly grea.ter shea.r effect at the top of the structure than the first mode shape of the
structure without bra.cing. This is in a.ccordance with wall-frame theory, because byadding
the bra.cing to the structure the shea.r rigidity of the structure increased, while thebending
rigidity of the waI1s did not change; therefore, the point of contrafiexure of the dellected
shape of the structure was lowered. However, the mode shapes changed only very slighily
when the struts representing the panels were added, indica.ting that the mode shapes were
relatively insensitive to the modelling variation. The nodes and anti-nodes were simi1a.r
for bath cases. The invariance of the mode shapes probably resulted beca.use the struts
incorporated, did not basically, change the type of structure; that is, the shear rigidity of
the structure increa.sed, but the structure reta.ined its wall-frame behaviour.

In Table 9.5, the natura.! periods of vibration for the two models are presented and
- compared. Although the mode shapes did not change significa.nt1y when the bra.cing struts

were added, a significa.nt variation in the natura.! periods resulted. The fundamenta.! period
of the structure with the cladding panels, that is including the equivalent bracing struts,
was 1.4920 sec, or 20 percent smaller than the fundamenta.! period of the structure without
the panels, of 1.8571 sec. The stiffening influence of the cladding panels in the wall-frame
structure resulted in the period shortening, but to a lesser degree than in the moment­
resisting frame structure. Unlike for the moment-resisting frame structure, the higher modes
showed smaller variations; that is, less stift'ening due to the panels.

9.3.2 The Influence of Panels on the Response Quantities

Response spectrum dyna.mic ana.!yses were performed on the wall-frame structure, with and
without including the stiffening effect of the cladding panels, to evaluate the effect of the
panels on the resulting design forces and displa.cements. AB for the moment-resisting frame
structure, the Newmark response spectrum, for 5 percent damping, sca.led to O.04g, wa.s
used as the ea.rthqua.ke excitation. The cumulative effective moda.! mass percenta.ges for
the wall-frame structure, with and without the bra.cing, are shown in Table 9.6. For ea.ch
case, the SRSS combination of four ana.!ytica.l modes, which a.ccount for 92 percent of the
tota.! effective mass, was used to ca.lculate the peak storey shea.rs, overturning moments,
dellections, and interstorey drifts.

In Fig. 9.8a., the predicted peak storey shea.rs for the wall-frame structure, with and
without the bracing struts, are presented for the full height ofthe building. The storey shea.rs
increa.sed with the stiffer model, that is, the model including the effect of the panels. The
shape of storey shea.r envelope curves were similar for bath cases, because the mode shapes
for the two models, Fig. 9.7, did not change significa.ntly. Therefore, the distribution of the
design quantities for the models ca.n be expected to be simi1a.r. The values of base shea.r
for the structures with and without the panels were 704.4 kN and 612.6 kN, respectively.
The effect of the cladding panels wa.s to increa.se the base shea.r by 15 percent. The largest
deviation, however, occurred at the eleventh storey, where the shear increased from 377.4
kN to 449.7 kN, a 19 percent increase. Like the static ana.!ysis, and the eigenvalue ana.!ysis,
the stiffening effect of the cladding panels on the wall-frame structure was not as grea.t as
on the moment-resisting frame structure.
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Period Period
Mode Without Efi'ect With Efi'ect Deviation
Shape of Panels of Panels

(s) (s)

1 1.8571 1.4920 .20%

2 0.3833 0.3319 -13%

3 0.1455 0.1340 -8%

4 0.07559 0.07221 -4%

Table 9.5: Natural Periods of Vibration for Example Wall-Frame Structure

N°o.of Without Efi'ect With Efi'ect
Modes ofPanela ofPanela

1 65.14% 65.97%

2 82.48% 83.13%

3 88.88% 89.13%

4 92.21% 92.34%

Table 9.6: Effective Modal Mass for Example Wall-Frame Structure
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The peak storey overturning moments are presented in Fig. 9.8b:for both models. The
overturning moment variations along the height of the structure, due ta the stiffening effect
of the panels, resembled the variations in the peak storey shea.rs, except that at the base,
the change in the peak overturning moment was slightly grea.ter than that in the peak base
shear. The 17004 kN-m base overturning moment of the model without the struts increased
to 21395 kN-m, resulting in an increa.se of 26 percent.

In Fig. 9.9a., the peak storey deflections for the wall·frame structure, for both cases, are
illustrated. As expected, the stiffer model gave smaller deHections. The top displa.cement
for the ase in which the stiffening effect of the c1adding panels was not inc1uded was
40.7 mm. Tlle top displa.cement for the structure with bra.cing was 32.9 mm, or 19 percent
less than that without the effect ofthe panels. The peak storey detlection curves for both
cases had a similar shape, for the same rea.son that the pe2.k storey shea.rs and the other
response quantities did. The detlected shape of the building, in bothcases, was simila.r to
the fundamental mode shape, having a significant degree of Hexural response, which was
due to the high rigidity of the core, with a very slight shea.r beam response in the top part
of the structure. The lower point of contrafiexare in the model with the c1adding panels
was not as evident as it was in the fundamental mode shape, because the detlections were
not normalized.

Peak interstorey drifts are shown in Fig. 9.9b. The interstorey drifts, as expected,
decreased for the structure in which the stiffening effect of the c1o:.dding panels was accounted
for. The interstorey drifts were more a.ffected by the stiffening intluence of the panels than
were the deHections. This was probably because the higher modes contributed more to the
interstorey drifts than to the detlections. The cantilever mode of defonila.tion in the lower
part of the structure was evident by the increa.sing interstorey drift with increa.sing height;
whereas, in the upper part of the building, the interstorey drift decrea.sed slightly with
increa.sing height, retlecting a shea.r mode of deformation. In both cases the shapes were
similar, except that in the model without the bra.cing struts, the interstorey drift began
to decrea.se between the sixteenth a.Ild seventeenth Hoors, while in the mode! with the
bra.cing, the interstorey drift bega.n to decrea.se at a lower storey, between the fourteenth
and fifteenth Hoors. As a result, the largest interstorey drift in the structure without
a.ccounting for the stiffening effect of the panels occurred at the sixteenth Hoar with a value
of 2.639 mm; wherea.s, the largest interstorey drif; in the building with the bra.cing occurred
at the fourteenth Hoor, with a value which is 21 percent less than that without the bra.cing,
that is, 2.0880 mm. Another deduction which can be drawn from Fig. 9.9b is that the
interstorey drifts are proportionately more grea.tly reduced in the upper stories than in the
lower ones. This results because the deHected shape has a grea.ter shea.r configuration for
the braced structure; that is, as explained ea.rlier, in accordance with wall-frame theory the
point of contra.fiexure has been lowered due to the b~ng.

137



- - - Without Struts (Panels)
- With Struts (Panels)

'\

1
~!

l; C:~

•
1·r,
~ ..
c
~~

~.

r,
~ .,
r
j
•l'.
'.-,
~.

~...

;1:
';-.

Ir

2lI

~•
Ê
~ 10

f
iii

•

,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,,

~ctIon (mm)

a) Peak Storey Deflections

1
1,
1
1
1
1
1,

1,
1

1
1

1
1

1,
1,,,,,,,,

,,",

--------

2lI

,.

1JX1O 1.soD
DrIft (mm)

b) Peak Interstorey Drifts

Figure 9.9: In1iuence of Panels on Storey Displacement Quantities for Wall-Frame Structure
c



9.3.3 The Relative Influence of Various Modes of Vibration on the Seis­
mic Response

.~ for the moment·resisting frame structure, the rela.tive modal contributions of the first
four modes to the total combined response was studied to obtain a. better understa.nding of
the dyna.mic beha.viour of the wall·frame structure. Beca.use the rela.tive modal contributions
to the total response qua.ntities were simila.r for both models • tha.t is, with a.nd without
a.ccounting for the stiffening effect of the cla.dding pa.nels - the modal contributions to
the peak storey shea.rs, overturning moments, deflections, a.nd interstorey drifts a.re only
presented for the structure with the stiffening effect of the cla.dding pa.ne1s in Fig. 9.10.
At a.ny level of the building, the rela.tive contribution was represented a.s the squa.re of the
individual modal contribution divided by the total sum of the squa.res of all twenty modal
contributions. The modal contribution ra.tios for the forces a.t the ba.se, the top deflection,
a.nd the maximum interstorey drift a.re also shown in Ta.ble 9.7.

Similarly to the momO!llt-resisting frame structure, the higher"modes, tha.t is, the second,
third a.nd fourth, were found to contribute substa.ntially to the pea.k shea.r a.nd the pea.Jt
overturning moment responses in the upper stories of the structure, Fig. 9.10a. a.nd 9.10b.
For the wall-fra.me structure, the second mode preva.iled in the pea.k storey shea.rs a.nd the
pea.k storey overturning moments in the top three a.nd four stories, respectively. Nea.r the
building's mid-height, the shea.r response wa.s domina.ted by the funda.mental mode, but the
overturning moment response still ha.d a. considera.ble contribution from the second mode.
At the ba.se, the second mode contributed substa.ntially, 31 pèl'Cent, to the total sum of
the squares of the ba.se shea.rs, while the fust mode preva.iled in the overturning moment
response, 98 percent, with higher modes being neg1igible, Ta.ble 9.7. Fig. 9.10c illustra.tes
tha.t the pea.k storey defiections were iniluenced predomina.ntly by the first mode throughout
most of the height of the structure. The second mode contributed 10 percent to the total
sum of the squa.res of the pea.k deflection a.t the ba.se. Similarly to the shea.r response,
the modal contributions to the peak interstorey drifts in Fig. 9.10d showed the grea.test
contribution of the second mode nea.r the top a.nd ba.se of the building. However, unlike the
shea.r response the funda.mental mode was the grea.test contributor to the interstorey drift a.t
alllevels of the structure, for exa.mple 97 percent a.t the level of maximum interstorey drift,
Ta.ble 9.7. Modes higher tha.n the second contributed neg1igibly to pea.k storey deflections
a.nd peak interstorey drifts.
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Response Modal Contribution Ratios
Quantity Mode 1 Mode 2 ModeS Mode 4 Higher Total

Modes

Base Shear .664 .308 .024 .002 .002 1.000
Base Q.M. .976 .023 .001 .000 .000 1.000
Top Defi. .996 .004 .000 .000 .000 1.000
Max. T.D. .971 .029 .000 .000 .000 1.000

.

Q.M. = Overturning Moment
Defi. = Deflection
T.D. = Interstorey Drift

Table 9.7: Modal Contribution Ratios for Example Wall·Frame Structure With Effect of
. Panels
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Response Modal Contribution Ratios
Quantity Mode 1 Mode 2 Mode 3 Mode 4 Higher Total

Modes

Base Shear .664 .308 .024 .002 .002 1.000
Base Q.M. .976 .023 .001 .000 .000 1.000
Top Defi. .996 .004 .000 .000 .000 1.000
Max. I.D. .971 .029 .000 .000 .000 1.000

Q.M. =Qverturning Moment
Dell. = Dellection
I.D. =Interstorey Drift

Table 9.7: Modal Contribution Ratios for Example Wall-Frame Structure With Effect of
. Panels
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CHAPTER 10

THE EFFECT OF VARYING CONNECTION
STIFFNESSES ON THE STIFFENING INFLUENCE OF

CLADDING PANELS

In'Cnapter 4, the stiffnesses of the connections were estima.ted on the basis of a.pprox­
ima.te calcula.tions of their flexibilities in the restra.ined directions. Due to uncertainties in
the exa.ct beha.viour of the connectiCJL:â and the number of varia.bles involved in comput­
ing the flexibilities, the a.pproxima.te stiffnesses were considered sufiiciently a.ccura.te for the
model. However, the a.ctual stiffnesses ofthese same connections ma.y be significa.ntly differ­
ent. Therefore, it was necessa.ry to determine the effect of the connection stiffnesses on the
stiffness response of the panel-cla.d frame. Using connections of different stiffnesses, la.teral
loa.d analyses were performed on the single-storey panel-frame module and the exa.mple
cla.d moment-resisting frame structure. The results were compa.red with those obtained in
Cha.pters 4, 5, 7, and 8.

10.1 The Effect of Connection Stiffnesses on the Behaviour
of the Single-Storey Panel-Frame Module

To study the effect of the .connection stiffnesses on the cla.d frame, a. la.teralloa.d analysis
of the single-storey panel-frame module, Fig. 4.15, but with reduced connection stiffnesses
was performed. The panel and frame members were modelled exa.ctly as in Fig. 4.15, but
the links representing the connections were assigned stiffnesses equal to one-tenth of those
recorded in Ta.ble 4.2.

The complete module, with the cODÎlections modelled as described a.bove, was analysed
for the 1000 kN loa.d. The la.teral displa.cement a.t the top was 13.31 mm. The shea.ring
stiffness of the storey-height module with the panel is, therefore, 9.5 times tha.t of the ba.re
frame (Analysis 1, Ta.ble 4.3) compa.red with 35 times in the original case (Analysis II).

The resulting deflected sha.pe of the frame with the panel and its connections is illus­
tra.ted in Fig. 10.1. The combined intera.ctive beha.viour of the 'forwa.rd' double-curva.ture
bending of the beam due to ra.cking of the frame, and the 'ba.ckwa.rd' double-curva.ture bend­
ing ca.used by the panel's forwa.rd rota.tion resulted, in this pa.rticula.r structure, in a. grea.ter

142



c

J
1

- "'"1r-

Figure 10.1: DelI.ected Shape of pa.nel-Clad Frame with 1teduced. Conne<:tïon Stiffnestel

--

143



'forwa.rd' double-curva.ture bending component of the beam than in the original structure,
Fig. S.2c. This occurred because of-the smaller forces in the bearing connections due to
the reduced connection stiffnesses; therefore, significant1y decrea.sing the 'backwa.rd' double­
curvature bending component of the beam, and increasing the 'forwa.rd' double-curva.ture
bending component of the beam as a result of the grea.ter shea.r carried by the columns.
The longer rigid arm at the windwa.rd end of the beam imposed a greater downwa.rd dis­
placement on the beam at that end, and caused an unsymmetrical mode of deformation of
the structure.

-
It is interesting to note that although the panel with reduced connection stiffnesses had a

significantly smaller stiffening effect than the panel with the original connection stiffnesses,
it carried a major proportion, 77 percent, of the external loa.d as did the panel with the
original connection stiffnesses, 81 percent.

10.2 The Effect of Connection Stiffnesses on the Static Wind
Load Response of the Example Panel-Braced Moment­
Resisting Frame Structure

10.2.1 ModelliIig the Structure and the Panels

To determine the effect of the connection stiffnesses on the sta.tic response of the exa.mple
moment-resisting frame structure described in Chapter 4, a three-dimensional analysis of
the building wa.s performed. The mathematical model of the structure was identical to that
of the exa.mple structure in Chapter 7, Fig. 7.1, and it was subjected to the same wind
loading.

As in Chapter 7, the precast concrete cladding panels were modelled by the 'improved'
single-diagonal bracing struts, but with assigned sectional a.reas to provide alaterai stiffness
component equal to the stiffness of the exa.mple panel with its reduced connection stiffnesses.
To determine the exa.mple panel stiffness with the stiffnesses of the connections reduced to
one-tenth of their original values, a finite element analysis of a storey-height bay-width
module of the panel and its connections, supported by a f1exura1ly and axially rigid beam,
was performed. The model was identical to that of analysis IV, Fig. 4.22, except with
the connection stiffnesses reduced. The structure was sl4bjected to a horizontal loa.d of
1000 kN at the top, and the resulting displa.cement was 20.28 mm, giving a stiffness of
49.31 kNImm. By equating the expression for the horizontal stiffness of the 'improved'
single-diagonal strut, Eq. 6.1, to the stiffness value of the panel and the connections just
determined, the axial a.rea. of the strut was found to be 20112 mm2 • This is 23 percent of
the axial a.rea. of the strut used in Chapter 7.
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10.2.2 Analyses and Results

The structure with the cladding panels having reduced connection stiffnesses, that is, with
the equivalent diagonal struts computed in the previons section, was analysed. The result­
ing top displacement was 49.166 =, corresponding to a drift index of 1/1635. The top
displacement was 50 percent less than that of the structure without the cladding panels,
Section 7.1.2, indicating the panels' very significa.nt overall stiffening effect even though
the connection stiffnesses were reduced to one-tenth of their original values. lt should be
recalled that the top displacement of the structure with cladding panels having the original
connection stiffnesses was 68.4 percent less than that of the structure without the cladding
panels.

The deflected shape of the structure, Fig. 10.2, represents a combination of flexural
and shear deformations. By adding the struts, the shear rigidity of the moment-resisting
frame structure was increased, while its overall flexural rigidity was reduced. This is also
evident when comparing the deflected shapes of the structure with bracing, Fig. 10.3, with
those of the structure without bracing, Fig. 7.4. A comparison of Fig. 10.3 and Fig. 7.5,
however, indicates that reducing the stiffnesses of the connections significantly increased

. the overall flexural rigidity of the structure. This resulted because the less stiff struts
induced smaller vertical forces in the columns, thereby reducing the axial deformations in
the columns adjacent to the panels. The axial stress in the columns adjacent to the cladding
panels increased by a factor of 5.2 when the effect of the panels with reduced connection
stilfnesses was added, whereas in the original case, Section 7.1.2, the axial stresses in the
panels' adjacent columns increased by a factor of 6.8.

The frame-memher moments in the lower stories of the clad frame structure, except for
the beams supporting the cladding panels, were approximately 40 percent less than those
of the unclad frame structure. Recalling the original case of the clad frame structure, the
corresponding moments were 50 to 70 percent less than those of the unclad structure.

10.2.3 Resulting Forces in Connections and Stresses in Panel

The resulting forces in the connections and stresses in the panel for the structure having
panels with reduced connection stiffnesses were briefly examined.

An estimate or the resulting vertical forces in the bearing connections was made by
taking the vertical component of the force in the 'improved' single-diagonal strut. The
largest diagonal force occurred in the third storey and had a value of 205.03 kN. By taking
the vertical component of this diagonal force, the vertical forces in the bearing connections
were determined to be 73.16 kN. These are approximately 68 percent of those found in the
original case, Chapter 8.

Having determined the vertical forces in the bearing connections, the corresponding
horizontal forces in the tie-back and left bearing connections, and the stresses in the panel
can he found. As described in Chapter 8, this ca.n be achieved by scaling the horizontal forces
and stresses resu1ting from the detailed analysis of the storey-height panel-frame module
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.n:
'ÇJt performed in Section 10.1, by the ratio of the vertical forces in the bearing connections

determined above to the vertical forces from the detailed analysis.

The forces in the connections obtained from the detailed analysis in Section 10.1 are
shown in Fig. 10.4.· Therefore, the factor necessary to scale the forces in the horizontal
connections and the stresses in the panel is 0.26916. The resulting maximum forces that
would occur in the connections of the precast concrete panels, if their actual stiffnesses were
reduced by a factor of ten, in the laterally loaded 20-storey clad moment-resisting frame
structure are also presented in Fig. 10.4. The largest horizontal force is i2 percent of that
obtained in the analysis of the example structure with cladding panels having the original
connection stiffnesses. .

Comparing the maximum design loads in the connections, based on the above results,
with the resistances of the connections calculated in Chapter 8, it is evident, as in the
original case, that the most heavily loaded connections would not withstand the loads to
which they would be subjected.

The maximum and minimum principal stresses in the panel resulting from the detailed
analysis of the storey-height panel-frame module were scanned. The largest stresses occurred
in areas of local stress concentration, such as the corners of the window openings, and the
points of concentrated load application. The largest tensile stress, when scaled by the
appropriate factor obtained above, was approximately 3.i MPa, which is slightly greater
than the permissible tensile stress of 3.55 MPa calculated in Chapter 8. As in the original
case, the maximum compressive stress was weil within the acceptable limit.

It can be concluded that in a clad single-bay structure, although a reduction in stiffness
of the connections may·significantly reduce the stiffening effect of the cladding panel. it
does not cause as large a reduction of the forces in, and therefore the strength requirements
of, the connections. On the other hand, in a clad overall structure in which the lateralload
resisting system aIso consists of components other than the clad frame, the reduction in the
stiffening effects caused by a decrease in connection stiffnesses is not as significant as in a
clad single-bay structure. In addition, the resulting reduction in the connection forces due
to the decrease in the connection stiffnesses is greater than in the single-bay str'lcture.
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CHAPTERll

THE EFFECT OF RIGID BEAM-ENDS ON THE
BEHAVIOUR OF THE SINGLE-STOREY

PANEL-FRAME MODULE

The representative panel-dad frame studied thus far has been a relatively complex one,
with the frame being unsymmetric in that the columus had unequal stiffnesses, and the beam
had unequal rigid arms at its ends. To obtain a dearer understanding of the behaviour of
the structural frame with the precast concrete dadding panel attached to it, the effect of
the rigid beam-ends on the behaviour of the single-storey panel-frame module was studied.
Three cases were investigated:

(a) the beam with no rigid arms at the ends,

(b) the beam with equal, but short, ri&id arms at the ends, and

(c) the beam with equal, but long, rigid arms at the ends.

In all these cases, the frame was still unsymmetric in that the columns had unequal stiff­
nesses.

The behaviour obtained from the representative panel-dad frame, where the rigid beam­
ends were unequal, was then compared with the results of the study.

11.1 Case (a): No Rigid Beam-Ends

A series of late.~al load analyses were performed on a single-storey bay comprising the
structural frame and the panel with its connections, Fig. 11.1. This structure differs from
the previous structure presented in Section 4.4 in that the beam has no rigid arms at the
ends; that is, the fiexural inertia of the beam extends to the supports. The frame was still
unsymmetric in that the columns had unequal stiffnesses.

The first analysis performed was that of the complete model, but with the columns
assigned a very small inertia to eliminate the moment-resisting frame action, Fig. 11.2.
The resulting top lateral displacement was 17.95 mm and the displaced shape is shown in
Fig. 11.3. The panel, as expected, deforms in shear as well as rotating forward in its plane
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with a corresponding 'ba.ckward' double-curva.ture bending of the beam.

The complete model as presented in Fig. 11.1, that is, including the effect of the
columns, wa.s then analysed. The lateral displa.cement at the top due to the 1000 kN loa.d
was 5.39 =, which was only 30 percent of that from the analysis without the effect of
the columns. When the stiffnesses of the columns are reintroduced into the model, the
intera.ction between the panel and the frame is mobilized. The moment-resisting frame's
racking a.ction severely constrains the rotation of the panel. This is also evident from the
deflected shape of the panel-cla.d frame presented in Fig. 11.4.

To assess the sensitivity of the structure's lateral flexibility to the flexibilities of the
beam, and the panel with its connections, several analyses were exa.mined. In analysis
VII of Section 4.5, the complete model was analysed, but with the beam assigned to be
effectively rigid in flexure. To determ.ine the sensitivity of the structure's lateral flexibility
to that of the beam, the flexibility of analysis VII, Table 4.3, wa.s subtra.cted from the result
of the analysis of the complete analysis above. The value obta.ined wa.s 3.88XlO-3 =/kN.

Similarly, to assess the sensitivity of the structure's lateral flexibility to the flexibility
of the panel with its connections, it was necessa.ry to perform a lateral loa.d analysis of
the frame, with no rigid bea.m-ends, with a rigid panel attached to it by rigid connections,
Fig. 11.5. The resulting top lateral displa.cement was 2.04 =. The deflected shape of
the structure is shown in Fig. 11.6. If the panel and connections were infinitely flexible;
the beam deflections would all correspond to 'forwa.rd' double-curva.ture bending. However,
as the panel and connections would be stiffened, the forces ca.rried by the panel would
increase, as weIl as the vertical forces in the bea.ring connections, which would give rise to
increa.sed 'ba.ckwa.rd' double-curva.ture bending deformations in the beam. When the panel
and connections were a.ssigned to be completely rigid, the vertical forces in the bea.ring
connections were at their maximum; therefore, the 'ba.ckwa.rd' double-curva.ture bending
deformations of the bea.m were grea.ter than for the complete analysis, in which the panel
and the connections were flexible. To determ.ine the sensitivity of the structure's lateral
flexibility to the flexibility of the panel with its connections, the flexibility obta.ined from
this analysis of the complete module, but with the panel and connections assigned to be
rigid, was subtra.cted from the result of the analysis of the complete module. The value
obta.ined in this case wa.s 3.35XlO-3 =/kN.

In this pa.rticu1ar case of no rigid bea.m-ends, the sensitivity of the structure's ra.cking
flexibility;;:) the flexibility of the panel with its connections was approximately 14 percent
less thanit was to the flexibility of the beam.

11.2 Case (b): Equal, but Short Rigid Beam-Ends

In this case, the structure to be analj'sed differs from the previous case, in that the beam
has 300 = rigid arms at ea.ch of its ends, Fig. 11.7.

The complete module, but with the columns assigned a very small inertia to e1iminate
the moment-resisting frame a.ction, was first analysed for an applied horizontal loa.d of
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1000 kN, Fig. 11.8. The tops oithe frame and panel translated 17.85 = in the horizontal
direction and the displaceà shape is shown in Fig. 11.9. As in~ase (a), the 'backwa.rd'
double-curvature bending in the beam ca.used by the panel's forward rotation is evident.

Then the complete model, Fig. 11.7, including the effect of the columns was analysed.
The top lateral deflection was 3.97 =, which was only 22 percent of that of the analysis
without the effect of the columns. The displaced shape of the pane! and frame is presented in
Fig. 11.10. By introducing the stiffnesses of the columns, the panel's rotation was reduced,
and the 'forward' double-curvature bending of the beam due to racking of the frame reduced
considerably the 'ba.ckward' double-curvature bending of the beam ca.used by the pane!'s
forwa.rd rotation.

Compa.ring these results with those of case (a), where the beam had no rigid ends,
it is clear that the rigid beam-ends increases the lateral stiffness of the structure. The
lateral displacement from the complete analysis was 74 percent of that from the previous
case. Further, the effect of the rigid beam-ends was to increase the 'forwa.rd' double­
curvature bending of the shorter length beam; therefore, reducing, in a grea.ter proportion,
the 'ba.ckwa.rd' double-curvature bending of the beam ca.used by the pane! rotating.

Similarly to the previous case, to detennine the sensitivity of the structure's lateral
f1exibility to that of the beam, the :flexibility obtained from analysis VII, Table 4.3, where the
beam was assigned to be rigid and the rest of the components were flexible, was subtrncted
from the :flexibility of the complete analysis presented above. The value obtainp.d was
2.46X10-3 =/kN. -,

A lateral load analysis of the complete mode!, but with the panel and connections
assigned to be effective!y rigid, Fig. 11.11, was performed. The top lateral displacement
was small, that is, 0.79 mm. To assess the sensitivity of the structure';,ra.cking flexibility ;,n

the that of the panel with its connections, the :flexibility of the mode! in Fig. 11.11, in which
the frame was :flexible, but the panel and connections-assigned to be rigid, was subtracted
from the result of the analysis of the complete module. The value obtained in this case was
3.18X10-3 =/kN.

It is evident that in this case, unlike case (a), the sensitivity of the structure's latera!
f1exibility to t.he :flexibility of the pane! with its connections was greater, by 29 percent, than
it was to the :flexibility of the beam. Therefore, the effect of the rigid bea.m-ends was also
to decrease more significant1y the sensitivity of the structure's lateral :flexibility to that of
the bea.m.

11.3 Case (c): Equal, but Long Rigid Beam-Ends

The panel-clad frame structure in this case, is different from the previous case in that the
beam has longer rigid arms at its ends, that is, 750 =, Fig. 11.12.

When a lateralload analysis of the complete model, but with the columns assigned a
very small inertia, Fig. 11.13, was performed, the tops of the frame and panel displaced
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16.32 mm in the horizontal direction. As can be seen from the defiected shape of the
structure, Fig. 11.14, without the stiffnesses of the columns there is no moment-resisting
frame action present, and the beam bends only in 'backward' double curvature, due to the
panel's forward rotation.

An analysis of the complete module, Fig. 11.12, subjected to a horizontal load of
1000 kN was then performed. The top lateral defiection was 3.22 mm, which was only 20
percent of that of the analysis without the effect of the columns. Also, this displacement
was only 60 percent of that obtained from tlle analysis without the rigid beam-ends, indi­
cating that these contribute significantly to the stiffenïng response of the structure. The
defiected shape of the complete module, Fig. 11.15, illustrates that by reintroduCÏng the
stiffnesses of the columns, the panel's forward rotation was reduced substantially and that,
with longer rigid beam-ends, the moment·resisting frame's racking action changed the mode
of deformation of the beam from 'backward' double-curvature bending to 'forward' double­
curvature bending. Therefore, the longer the rigid beam·ends, the greater the 'forward'
double-curvature bending of the shorter length beam and, since this action opposes the
'backward' double-curvature bending of the beam due to the panel rotating, the greater the
stiffenïng effect.

Similarly to the other cases, to assess the sensitivity of the structure's lateraI ftexibility
to that of the beam, the fiexibility computed from analysis VII was subtracted from the ftexi.
bility of the complete analysis presented above. The resulting value was 1.71XlQ-3 mm/kN.

From a lateraIload analysis of the complete module, but with the panel and its con­
nections assigned to be effectively rigid, Fig. 11.16, the top displacement in the horizontal
direction was found to be very small, that is, 0.21 mm. To determine the sensitivity of the
structure's lateral fiexii>ility to the fiexibility of the panel with its connections, the fiexibil·
ity of this analysis, in which the frame was ftexible, while the panel and the connections
were assigned to be rigid, was subtracted from the ftexibility of the complete analysis. The
resulting value in this case was 3.01XI0-3 mm/kN.

In case (c), the sensitivity of the structure's rackïng ftexibility to that fiexibility of the
panel with its connections was 76 percent greater than it was to the beam's ftexibility. In
comparison with case (b); the longer rigid beam-ends considerably re<1uced the sensitivity
of the structure's lateral ftexibility to the beam's f1exibility.

11.4 A Comparison of the Representative Panel-Clad Frame
With the Previous Cases

The representative panel·clad frame prësented in Chapter 4, Fig. 4.15, differed from the
hypothetica1 cases (a) to (c), in that the representative beam had a 750 mm long rigid arm
at the windward end, and a 300 mm long rigid arm at the leeward end.

In Chapter 4, a lateral load analysis of the complete module, but with the columns
assigned a very small inertia was performed, Analysis V. The resulting top lateral displace-
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ment was 17.08 mm, Table 4.3. As in the other cases, the resulting behaviour is due ouly
to the pa:uel's forward rotation causing the beam to bend in 'backward' double curvature,
since the moment-resisting frame action was absent, Fig. 5.2b.

From the complete analysis of the panel-clad frame, including the effect of the columns'
stiffnesses, and presented in Chapter 4, the top lateraJ deflection was 3.62 mm, that is,
21 percent of that from the analysis without accounting for the columns' stiffnesses. This

.. places the case of the unequal rigid beam-ends somewhere in between case (b) and case
(c), as expected. This, as weil as the fact that the longer rigid arm at the windward end
imposes on the beam at that end a larger downward displacement than the shorter rigid
arm imposes at the leeward end, offers a better explanation for the beam's downwardly
biased deflected shape obtained from the complete analysis, Fig. 5.2c.

In Section 5.1.3, the sensitivity of the structure's f1exibility to that of the beam and
to the flexibility of the panel with its connections were caJcu1ated as 2.11XlO-3 mm/kN
and 3.10XI0-3 mm/kN, respectively. In this case, the sensitivity of the structure's ra.cking
f1exibility to the flexibility of the panel with its connections was approximately 50 percent
greater than it was to the beam's flexibility. Again, this value places the representative
panel-clad frame with unequal rigid beam-ends between cases (b) and (c).
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CHAPTER 12

THE STIFFENING EFFECT OF CLADDING:
CONCLUSIONS AND RECOMMENDATIONS

12.1 Conclusions

The following conclusions are drawn from the study of the stiffening infiuence of cladding on
the lateralload behaviour of building frames. In cases where specific percentages or factors
are given for the effects of the cladding panels, these should be regarded as an indication of
the importance in accounting for the panels.

1. Aluminum curtain wall cladding cannot be expected to have a significant stiffening
effect on the lateral load behaviour of building structures because of its isolating
connection system and its relatively lightweight structural properties.

2. In using the types of connection arrangements prescribed by the CPCI and PCI for
"non·loadbearing" precast concrete cladding panels, the panels may be expected to
significantly increa.se the in-plane lateral stiffness of the structural frame. The stiffen­
ing is caused by the panels bracing the frame, and increasing its resistance to 'rackïng,
that is shea.r, deformation.

3. The interactive behavior of the cladding panel and the moment-resisting frame is a
combination of two opposing actions: the unclad frame's 'forwa.rd' ra.cking action, and
the forward rotation of the panel supported by the beam, which causes an opposing
'ba.ckw3l'd' racking action of the frame. The net effect tends to be a quadruple­
curvature bending deformation of the beam and a shea.ring deformation of the panel.

4. From finite element analyses of a representative storey-height panel and frame, the
ra.cking stiffness of the particular panel-clad frame was found to be 35 times that of
the unclad frame.

5. The sensitivity of the structure's ra.cking fiexibility to the fiexibility of the panel with
its connections appears to be of the same order as it is to the fiexural fiexibility of the
beam.
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6. The actions that occur when the precast concrete cladding panel interacts with the
moment-resisting frame to which it is connected tan be, alternatively, and in sorne
respects, better visualized by a proposed analogous spring model.

7. The 'improved', single-diagonal strut model gives a very good representation of the
behaviour of a laterally loaded panel connected within a moment-resisting frame. By
using this bracing strut model, the analyses of building structures with cladding panels
can easily be performed.

8. The effect of including cladding panels as equivaJent struts in the analyses of the
representative moment-resisting frame and wall-frame structures was to reduce the
top deflection of the structures without panels by a significant 68.4 and 36 percent,
respectively. The frame-member moments were reduced by approximately 50 to 70
percent in the case of the clad moment-resisting frame structure, and by 25 to 30
percent in the case of the clad wa.ll-frame structure.

9. The displaced shape of the moment-resisting frame structure without the equivaJent
struts had a predominantly shear configuration, while the deflected shape of the struc·
ture with the struts was composed of a larger overa.ll flexural component and a much
reduced shear component. In the case of the wall-frame structure, the effect of the
cladding panels on the structure's mode of displacement was to lower the point of
contraflexure of the deflected shape, corresponding to a relatively greater shear defor­
mation.

10. For the worst loaded panel in the example moment-resisting frame structure, at the
fa.irly representative intensity of wind loading for which the structure was analysed,
the connections would not withstand the loads to which they were subjected. The
resulting stresses in the panels also indicated that the panels would require additional
reinforcement in criticaJ areas. In the case of the wall-frame structure, the connections
would require a slight increase in strength to be adequate, while the panels were
adequate to withstand the loads to which they would be subjected.

11. The effect of the cladding panels on the dynamic properties of the example moment·
resisting frame structure was to reduce its fundamental natural period of vibration by
46 percent, to alter its mode shapes, and to increase its base shear and overturning
moment by 117 and 103 percent, respectively. Adding the cladding panels to the
wall-frame structure reduced its fundamental period of vibration by approximately 20
percent, blit did not significantly alter its mode shapes, and increased its base shear
and overturning moment by 15 and 26 percent, respectively.

12. When the connection stiffnesses were reduced by a factor of ten, the shearing stiff­
ness of the single-storey panel-frame module was reduced by a factor of 3.7, that is
to being 9.5 times greater than that of the unclad frame. Although the stiffening
effect of the panel with its reduced connection stiffnesses was significantly smaller
than that of the panel with the original connection stiffnesses, the panel carried as
great a proportion of the external load. In the overa.ll static wind load analysis of
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the example moment-resisting frame structure with cladding panels, the effect of the
reduced connection stiffuesses was to reduce the stiffness by 37 percent from that with
the original connection stiffnesses, corresponding to a reduction of the top deflection
of the unclad frame structure of 50 percent. In addition, reducing the connection stiff­
nesses increased the frame-member moments in the bottom storey of the clad frame
structure by 10 to 30 percent, but were still a significant 40 percent less than those of
the unclad frame structure. Finally, the resulting forces in the connections would still
exceed their capacities, while the stresses in the panels were adequate to withstand
the induced loads.

13. The effect of the rigid beam-ends on the behaviour of the panel-clad frame is to
increase its lateraI stiffness, and to increase the 'forward' doub1'l-curvature bending of
the shorter length beam; therefore, reducing, in a greater prc;~:tion, the 'backward'
double-curvature bending of the beam caused by the panel's forward rotation. In
addition, the sensitivity of the structure's lateral flexibility to that of the beam is
reduced more significantly when the effect of the rigid beam-ends is included in the
frame.

12.2 Procedure for Analysis of Building Structures Braced
by Precast Concrete Cladding Panels

As a result orthe investigation described in. this first part ofthe thesis, a practical procedure
for the analysis of building structures braced by precast concrete cladding panels is devel­
oped. The procedure aIso includes a description of how to evaIuate the loads induced in the
panels, their connections and the frame. This analysis procedure would, consequently, allow
the engineer to design the frame, panels and panel connections of the building to ensure its
adequate lateral stiffness and strength.

The analysis procedure consists of the following major steps:

1. A detailed finite element analysis is made of a single-storey panel-frame module ar­
ranged to behave as a typicaI bay-width storey of a multi-storey multi-bay frame.
This includes simulating the effects of panels above and below, and adjacent to the
module in question. A description of the special mode! for a representative panel-clad
frame is given in Chapter 4.

2. Using the same model as in Step l, but effectively without columns by assigning them
to have very smil!l)np.rtia, and with the be<:m assigned to be effectively rigid, a second
lateral load analysis of the resulting structure is performed.

3. The improved single-diagonal equivaIent strut model described in Chapter 6, Section
6.4, is then used to model the cladding panels in the overall structure analyses. The
model is va.lid for any full-storey, full-bay panel attached to the slab or beam by
two loadbearing connections at the bottom and tie-back connections at the top, and
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possibly also at the bottom, as recommended by the design manuals. The axial area
of the equivalent bracing strut is obtained by equating its horizontal stiffness to the
lateral stiffness of the panel and connections supported by a rigid beam, as determined
in Step2.

4. The improved single-diagonal bracing struts are incorporated in the mathematical
model of the building structure to allow its structural analysis. The building models
with the bracing struts can he used for their static and dynaIcic linear elastic analyses.'
Example analyses are presented in Chapters 7 and 9.

5. The forces induced in the panel and its connections are determined and checked against
their capacities. First, an estimate of the resulting vertical forces in the bearing
connections is made by taking the vertical component of the force in the improveè
single-diagonal strut of the overall analyses performed in Step 4. The corresponding
horizontal forces in the connections restraining lateral movement, are obtained by
scaling the horizontal forces resulting from the detailed analysis of the storey-height
panel-frame module, Step.1. The scaling factor is equal to the ratio of the veLtical
forces in the bearing connections determined above to the vertical forces from the
detailed analysis (Step 1). The stresses in the panel are scaled similarly. The forces
that the connections and the panel. must resist are then compared with their capacities,
as was done in Chapter 8. '

12.3 Further Recommendations

1. The suitability of the presently recommended connection arrangements for panels ta
he used as bracing should be assessed, and possibly, better alternative connection
arrangemelits considered.

2. Typical connections should he tested for stiffness, strength, and reverse cyclic degra­
dation of strength, and panels should he tested for stiffness. From the results of these
tests it may he found ne<:essary to develop new types of connections that can hetter
withstand the loads to which they are subjected when the pane1ll are used as bracing.

3. Detailed finite element models of the connections should he developed and analysed
elastically and nonlinearly, and the results compared with the test results obtained
above.

4. Using the above results, and the proposed analysis procedure in Chapter 12, a practical
procedure for the design of building structures braced by precast concret~ cladding
panels could be developed.

5. Relatively simple hand methods for determining the effects orthe panel'5 f1e::ibility and
the vertical connections' f1exibilities on the braced modules shear stiffness shouldbe
developed, 50 that the cladding panels coulà he accounted for in the overall structure
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analyses without ha.ving to first perform deta.iled finite element analyses of a. single­
storey panel·frame module.

6. Using the algebrak expression for the la.teral fiexibility of the panel·cla.d frame devel·
oped from the analogous spcing model, Appendix A, the sensitivity of the structure's
ra.cking fiexibility to the fiexibilities of the frame, panel, and the connections should
be further explored.

7. Although many of the concepts presented in this study a.pply equally to high·cise and
low·cise buildings, a. more thorough investigation of the effects of cla.dding panels on
the overall beha.viour of low·cise structures should he performed. As a. pre1imina.ry
study, the a.uthor ha.s performed some analyses on a. five-storey structure whose results
are recorded in Appendix C.
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PART II

THE STIFFENING EFFECT OF
NON-LOADBEARING INFILLS
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CHAPTER 13

INTRODUCTION AND LITERATURE REVIEW

13.1 Introduction

13.1.1 General

The possible contribution of internal partitions to the lateraI stiffness and strength of build­
ing structures is generally neglected in design procedures. Although the partitions are USl;-.

ally assumed as non-structural in fnaction, it has been recognized for many years that some
types of partitions can contribute significantly to the lateral stiffuess of building structures.

In a report on the damage to buildings during the 1971 San Fernando earthqua.ke (Page
et al. 1975), it was noted that there was evidence that the important reserve ca.pacity in non­
structural elements such as infill walls and partitions made the difference between survival
and collapse of the older buildings. The 1976 Guatemalan earthqua.ke caused considerable
damage to partially reinforced masonry partition walls covered with plaster, indica.ting that
they acted as shear walls in ta.king seismic loads (Engineering News-Record 1976). During
the Mexican earthqua.ke of September 19, 1985, masonry infills in many medium- and
high-rise buildings suffered severe damages. In many cases the infills prevented structural
collapse by shanng the inertial forces acting on the structures. Other reports, also based
on experience ga.ined !rom'observations of earthqua.ke damaged buildings, have indica.ted
that non-structural elements, including partitions, are widely appreciated as being a factor
in infiuencing the lateralload behaviour of building structures (McCue et al. 1975, Sharpe
1972).

In one reported case, forced-vibration tests were performed on a twenty-storey building
to measure the dynamic structural properties of the building, and to investigate the ca.use
of the development of large diagonal cracks in blockwork partition walls (non-structural)
during wind storms (Ellis et al. 1979). A companson of the test results with those of
mathematical models led to the conclusion that additionallateral stiffness, of as much as
75 percent in one direction and 40 percent in another, was provided by the combination of
internal partition walls and cladding panels.

In a study of the influence of non-structural partitions on the dynamic response char-
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acteristics of four-storey reinforced concrete test structures, it was found that unreinforced
masonry iniills have an initial extremely high, but short-lived, stiiiness under cyclic loa.ding,
(Raggett 1972). The effect of the blockwork partitions was, at first, to increase the stiiiness
of the bare frame by a factor of seven,~ne~)severe ground-motion-induced
vibration, the partitions' in1hlence on tJi~ess..reduced-tovirtnally zero.

As a result of other analytical and experimental investigations of structures, it was found
that partition walls other than masonry iniills, for example, metal stud and gypsum board
walls, ca.n also contribute to the lateral stiffness of buildings (Shepherd et al. 1983, Freeman
1977).

13.1.2 Scope of the Investigation

Non-loadbea.ring masonry partition walls are often used in buildings around elevator and
stair shafts, and are very often used in the lower storeys of tal1 buildings. Although designers
assume these wal1s to he non-structural in function, it is believed that they cau significa.ntly
stiffen a structure. The non-loadbea.ring masonry partitions considered in this study are
those commonly used in the Montreal a.rea.; that is, they are concrete block partitions which
are laid to lit a.ga.inst the col1lIiUlS, but have a gap between the top of the in1ill and the
beam above. The purpose of the gap is to avoid loa.ding the wall as the bea.m de:llects under·
load or creep. It is usual1y lilled with a compressible liller material to provide a.coustic and
lire insulation. .

When performing an analytical study, the modelling techniques and method of analysis
used must he chosen with special ca.re to obta.ïn a close representation of the behaviour of
the inlilled frame. Important factors that may in1luence the stiffness response of the in1illed
frame, and the strength of the in1ill, should be investigated; these include the stiffness of
the beams, the stiffness of the columns, and the aspect ratio of the in1ill.

From the results and conclusions of deta.iled analyses of a series of representative single­
storey inlilled frame modules, a simple and pra.ctical method of representing the effects of
inlills in the overal1 structure analyses ca.n he devE:1oped.

The objectives of this investigation are as follows:

1. To determine the in-plane latera.i load mode of behaviour and forces induced in a
non-loadbea.ring inJill within a moment-resisting frame, as commonly constructed, by
forming and a.na1ysing a mathematical model of the problem.

2. To determine the relative infiuence of the frame's stiiiness, and ofthe inlill's properties
and dimensions, on the hehaviour of the in1illed frame.

3. To estimate the magnitude ofincrea.se in the ra.cking stiiiness of the inlilled frame over
the stiffness of the bare frame.

4. To compare the various stresses developed in the inlill a.ga.inst its respective strengths.
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5. Tc deve!op a simple mode!, using the results of deta.iled analyses, to represent the
infill in the overall structure analyses.

6. To examine the influence oi the non·loa.dbea.rïng infilled bents on the static and dy­
namic responses of the total moment-resisting frame structure.

7. To deve!op an analysis procedure that will allow for the effects of non.loadbea.ring
masonry infills in the mathematical mode! of a. structure, and that will also allow the
strengths of the infills to be compa.red with the resulting stresses.

: 13.2 Literature Review

13.2.1 Behaviour of Fully Infilled Frames

The use of a masonry infill to bra.ce a moment-resisting frame combines the rigidity of the
infill with the conta.inment of the frame, which restralns the infill from disintegra.ting a.fter
cra.cking.

The infill bra.ces the frame, pa.rtly by its in-plane shea.r resistance, and pa.rtly by its
beha.ving as a diagonal bra.cing strut in the frame. When the infilled frame is subjected to
lateral loa.ding, the frame and infill sepa.rate over a large pa.rt of the length of each side,
and regions of contact remaln ol!ly adjacent ta the corners at the ends of the compression
diagonal, Fig. 13.1a.. Therefore, the stiffening action of the infill ca.n be conveniently
represented by an equivalent strut acting along the compressive paths, Fig. 13.1b.

The behaviour of infilled frames, as described a.bove, has been deve!oped from a. combi·
nation of results of full-scale and mode! tests (Polya.kov 1956, Benjamin and Willia.ms 1958,
Holmes 1961, Stafford Smith 1962, Stafford Smith 1966, Stafford Smith 1967, Esteva. 1966,
Malnstone and Weeks 1970, Malnstone 1971).

Polya.kov (1956) was the first to conc1ude that an infilled frame behaved as a frame with
diagonal bra.cing, and that the deformatie-~:inthe brick panels were the grea.test nea.r the
compression corners.

Benjamin and Willia.ms (1958) reported tests on full·scale single-storey steel and rein­
forced concrete frames with brickwork infills. They ga.ve tentative formulas for predicting
the stiffness and ultimate strength of an infilled frame. Their results indica.ted tha.t the
stiffness of the structure ca.n be derived by considering the stiffness of the wall alone, with
a negligible contribution from the frame.

Holmes (1961) tested small two-dimensional square steel frames infilled with brick ma.­
sonry and concrete walls. Holmes suggested tha.t a suitable cross-sectional a.rea. for an
equivalent diagonal strut to represent the wall wa.s given by one third of the length of the
side of the frame multiplied by the wall thickness.

Stafford Smith (1962, 1966, 1967) showed, throngh a series of tests, that the stiffness
response of an infill and, therefore, of the infilled frame, and the strength of the infill,
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Figure 13.1: Behaviour of Fully Infilled Frames Subjected to In-Plane Lateral Loading
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depended not only on the infill 's dimensions and physical properties, but also on its length
of contact with the surrounding frame. This length of contact was found to be governed by
the relative stiffness of the infill and the frame, or to be more specific the relative stiffness of
the infill and the column. Statrord Smith also presented a series of graphs to determine the
effective width of an equivalent strut as a function of the various influencing pa.ra.meters.

Esteva. (1966) reported experimental investigations into full-scale single-panel reinforced
concrete frames with various types of infill. The main purpose of the investigation was to
examine the deterioration of diaplltagms subjected to cyclic loa.ding.

Mainstone (1970, 1971) also idea1ized the effect of an infill by an equivalent diagonal
strut. He proposed equations for determining the effective width of the equivalent bra.cing
strut.

13.2.2 Infilled Frames with Gaps Between Top of Infill and Beam

The present study is concerned ,,;ith the effect on the lateral stiffness of a moment-resisting
frame of a non-loadbea.ring masonry infill, as commonly constructed with a gap between
the top of the infill and the bea.m above. The following is a review of research which has
been performed in relation to this specific form of infilled frame.

At the University of New Brunswick (Yong 1984, Dawe and Yong 1985, Pook and Dawe
1986), a study wa.s conducted on the shea.r strength and beha.'llÏour ofmasonry infilled frames
subjected to horizontal in-plane loads. Six full-scale, single bay, one-storey, fixed base,
concrete black infilled steel frames with five different boundary conditions were investigated.
One of the five conditions studied was a 2O-mm gap between the infill and the top bea.m.
A finite element program was also developed to analyse the structures.

Two specimens with a 20-mm gap between the wall and the adjacent roof beam were
tested: one in which the infill fitted loosely between the column :fIanges, and the other
in which :fiat bar ties were welded to the columns and embedded in the mortar joints at
alternate courses. The resnlting crack patterns demonstrated that, for the specimen in
which the infill fitted loosely, mostly horizontal cracks with a slight suggestion of diagonal
cracking developed; whereas, for that with the infill-t~columnties, more diagonal cracking
was induced. However, from the load-de:llection curves produced in the study, the overaJl
behaviour and ca.pacity of the two specimens were simila.r. The ties did not appea.r to
increase the nltimate strength and stiffness of the infill significa.ntly. The nltimate load
for an infilled frame in which the infill extended to the beam above was about 63 percent
greater than for the similar infilled frame with the 20-mm gap at the top.

The beha'IIÏour of semi·confined and fully confined concrete black walls wa.s studied
by Wolde-Tinsa.e and Raj (1986). In-plane cyclic load tests were performed on half·scale,
single-storey, fixed base, masonry·infilled steel frames. Five specimens, with and without a
51-mm gap at the top, and with varying amounts of external reinforcement were tested.

It was found that the existence of a gap at the top of the infill grea.tly reduced the load
carrying ca.pa.city of the structure, but the gain in lateral strength of the structure over
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that of the bare frame was still significant. AIl the infill panels demonsnated the ability to
significantly stiffen their frame structare, but as the cyclic loads increased, the strength of
the infilled frame subsequently tended to approach that of the corresponding bare frame.

The specimens with gaps at the top developed horizontal cracks along their base from
one corner to the other. The specimen witb. a gap, but no external reinforcement, developed
cracks which propagated in a step-wise fashion through the mortar joints and did not pass
through the blacks. It was a1so concluded that the compressive stresses were a maximum
at the loaded corners, and the maximum principal tensile stress occnrred at the centre of
the infill. Furthermore, under cyclic loading, the addition of external reinforcement to the
masonry block infills greatly enhanced their strength, resistance to stiffness degradation,
and energy dissipation capabilities.

Wolde-Tinsae et al. (1987) a1so performed a finite element study of the effect of gap
sizes between the top of the masonry-infill and the frame beam, on the behaviour of the
composite structure under in-plane latera1loading. The structure analysed was a simple
one-storey steel frame with a masonry infill.

To determine the influence of gap sizes, Wolde-Tinsae's analyses were performed on a
fully confined wall, a wall with O.I7h gap, and a wall with O.48h gap. In each case, the
infill acted as a single diagonal strut after separation. The highest tensile stress occurred
at the centre of the infill in all cases. Increasing the gap between the top of the infill and
the beam increased the difference between the compressive stresses at the corners, and a1so
increased the compressive stress at the top compressive corner. The shèar stress was found
to be a maximum at the centre of the infill for the fully infilled frame, and at the loaded
corner for the semi-infilled frames. Slip between the infill and the frame in the semi-infilled
frame contributed to a. significant portion of the totallatera1 deflection. Furthermore, the
effect of the infill on the frame reduced significantly the be:lding moment in the members
in all cases. However, a noticeable increase in the bending moment at the loaded corner of
the frame was observed with an increase in gap size.

The ef{uivalent strut analogy was also investigated in Wolde-Tinsae's study. When the
gap between the top of infill and the beam was greater than a certain value, which differed
from one semi-infilled frame to another, depending on the h/L ratio, the infill tended to
transfer the shear from the top of the windward columns to a certain point on the length
of contact between the frame and leeward column. It was concluded from this that the
equivalent full-diagonal strut analogy is not valid and a possible alternative representation
of the structure could be as shawn in Fig. 13.2a. When the gap size was equal to O.17h
or smaller, the representation shown in Fig. 13.2b gave results which were close to those
obtained using the finite element analyses.

13.2.3 Finite Element Methods "r Analysis

To obtain a fair representation of the ~ha.viour of infilled frames, a. method of analysis
which allows for proper modelling of the elements and of the interaction between the infill
and the frame is necessary. In the previons reviews, experimental tests have indicated that
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(a) Semi-Infilled Frames vith Large Gap

(b) Semi-Infilled Frames vith Small Gap

Figure 13.2: Equivalent Strut Modela Suggested by Wolde-Tinsae et al. (1987)
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the infill separa.tes !rom the frame when tensi~n develops at the interface, because of the
weak tension bond that exists between the two elements. To approach an 'accurate' elastic
analysis of an iniilled frame, the analysis method must allow for separation cracking between
the iniill and the frame. The following is a review of the various finite element programs
developed for the analysis of infilled frames.

Mallick and Severn (1967) presented a finite element program for the analysis of iniilled
frames in which the iniill was modelled by plane stress rectangular elements and the frame
by axially rigid bending elements. Initially, the element stiffness matrices for the iniill and
frame elements were combined so that the node points were connected to the corresponding
nodes of the frame. An iterative process was then used to allow for the interactive behaviour
at the interface of the iniill and frame. When normal tensile stresses developed at the
interface, separation was permitted. Along the interfaces remaining in contact, it was
assumed that slip would occur and that shear forces equal to the product of the normal force
and tl.ie coefficient of friction were applied to the infill. The shear forces were not applied
to the frame elements, because these were assumed to be inextensible. Mallick and Garg
(1971) later modified this by allowing axial and shear deformations in the girder and leeward
column elements. The interaction forces between the iniill and frame interfaœ consisted of
ouly normal forces. Rotational displacemP.llts of all frame elements were neg1ected and
approximate predetermined contact lengths along the interfaces were assumed.

In Dawson's (1972) study on the influence of nnbonded iniill walls on the lateralload·
response of framed structures, the finite element program used a mesh of typica1 four-node
rectangular elements for the infill, traditional bea.m elements for the frame members, and
link elements to allow for separation between the frame and the walls. The link elements
were considered to be pin-ended struts of zero length. Each link element had two nodes with
one translational degree offreedom at ea.ch node. Separation between the frame and the infill
was acconnted for by using an iterative procedure. Initially a large value was assigned to the
stiffness of the link elements. When the structure was loaded the link elements which acted
in tension were removed by assigning them ta have zero stiffness. The structural matrix
was then reassembled and the load rea.pplied. The iterations proceeded nntil, ideally, no
tension links remained, and compatible nodal displacements existed between the infill and
the frame. In addition, a gap element was introduced in the program to account for the
la.ck of tight fit between the walls and the frame. These elements acted in a similar manner
to the link elements except that the gap width had to be closed before contact was made
between the infill and the frame. The analytica1 model was found to be 10 percent more
flexible than the experimental mode!.

A method for ca1culating the dynamic response of a plane moment-resisting frame with
infill panels and pre-existent small gaps at the sides and tops of the infil1s was presented in

: the fcllowing described paper (Kost et al. 1974). AIl parts of the structure were assumed to
be linearly elastic, but the response of the structure was nonlinear because of the opening
and closing of gaps. Each infill was modelled by one or more rectangular finite elements :..
having at the most 16 generalized displacements. Modified elements were provided at the - ~

infill corners so that the rotation of both edges of the infill element at the corner were
identica1 and equal to the rotation of the frame joint. The beams and columns of the frame

177



were represented by line elements. In addition, a non-friction, sliding link element of zero
length and high axial stiffnt:sS was inserted or removed whenever a gap closed or opened
during the dynamic response of the structure. A static condensation procedure was used in
the development of the infill stiffness matrix to eliminate certain nodal displa.cements.

The finite element program developed by Riddington (1974, 1977) was based on the
sta.,dard four-node rectangular element with two degrees of freedom per node representing
both the infill and the frame members. To simulate the different infill·frame interface
conditions, two sets of nodes were genera.ted at each interface. The interface node pairs
were connected by a linking matrix which represented a short, very stiff member, forcing
the two nodes to have identical displacements. The computerised procedure for the analysis
was to first analyse the structure with all the infill-frame interface node pairs linked. These
could either be linked by a non-friction sliding connection, in which the nodes were forced
to have equal displacements on!y perpendicula.r to the interface, or by a shea.r connection,
in which the nodes were forced to have equal displacements in both the horizontal and
vertical directions. The infill interface node stresses were then examined automatically
for any tension perpendicular to the interface, and where this occurred the node pairs
were disconnected. The structure was then automatically re-analysed and the procedure
repeated until no further separations occurred. Note that disconnected node pairs were not
checked for reconnection, in which case the infill could subsequently overlap the frame. Th~
computer program developed ga.ve a fair representation of the elastic behaviour of the fully
infilled frames even after bonndary crackjng, provided that a tight initial fit of the infill was
a.chieved.

The above program was modified when Riddington (1984) investigated the inlluence of
initial gaps, due to la.ck of a tight fit, on the infilled frame behaviour. This was a.chieved by
adjusting the stiffness of the linking element to give a difference of displacement of the two
interface nodes equal to the initial gap width. Friction was allowed for by applying forces
to the frame nodes equal to the product of the coefficient of friction and the normal force
acting at the boundary, and equal and opposite forces to the infill nodes.

In the analysis method presented by King and Pandey (1978), the interface between the
frame and the infill was mode11ed using a friction element, which was originally developed by
Goodman et al. (1968) and later modified br King and Chandra.sebran (1975). The loads

. were applied in increments, and an initialla.ck of tight fit, gap formation, or slip, at the
interface between the frame and the infill were readily allowed for by an appropriate initial
choice or subsequent automatic adjustment of the modified friction element properties.
Nonlinea.r behaviour of the infill material could also have been considered, if required. The
interface elements had three degrees of freedom at the nodes which connected to the frame
elements, and two at the nodes which connected to the infill elements. They also took into
account the moments produced at the neutral axis of the frame by friction at the interface.
In the analyses performed, a close compa.rlson between analytical and experimental results
was obtained.

An analytical investigation of the infill-frame system described in Section 13.2.2 was
perfc;>rmed by Yong (1984). The program that was developed combined a frame stiffness
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analysis with a iînite e1ement analysis of the infi1l. Eight-node, plane-stress, recta.ngular
e1ements were used for the infill a.nalysis, while two-node, tra.ditional bea.m e1ements were
used for the frame analysig. A shear e1ement and a normal strel'S e1ement allowed the
inte...face displacements of the infill and the frame to n;a.tch at a iînite number of nodes.
These e1ements had two nodes, ea.ch with two degrees offreedom. The stiffness orthe friction
e1ement was a function of the compressive force in the normal e1ement. The fri~ion force
was determined as the product of the normal compressive forœ and a coefficient of friction.
This permitted the infill to slip when the shear force at the interface wa.s greater than
the friction force in the friction e1ement. Additionally, the eft'ects of includiDg horizontal
joint reinforcement in alternate courses of the blockwork iniills, the eft'ects of horizontal
bond bea.m reinforcement at four-course spa.clngs, and the. efiects of fiat bar ties between
the infill and the columns were also included in the analyses. The program automatical1y
periorme<1 the itera.tive procedure of analysis. Good correlation was obta.ined between the
experimental and analytical results in the e1astic range for a tight initial fit of the infill
within the frame.

In a more recent analytical study performed by Wolde-Tinsa.e et al. (1987) the infi1l
was represented by a mesh of basic four-nrAie rectangular plane stress e1ements having two
degreœ of freedom at ea.ch node. The frame members were modelled by line e1ements having
three degrees of freedom at ea.ch node. The interface between the frame and the infi1l wa.s
represented by a two-node e1ement. Ea.ch node had two degrees of freedom. The interface
e1ements had the cha.racteristic of being able to ma.inta.in or break physical contact, and
permit slip when the shear forces at the bounda.ries were grea.ter than the friction forces. As
in the many other studies described in this section, an itera.tive process wa.s used to allow
the boundary joints to sepa.ra.te.
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CHAPTER 14

DESCRIPTION OF MASONRY WALLS

The following discussions on masonry walls is based on information obtained from var­
ious sources, including the National Concrete Masonry Association ("Tek-Notes" and "Ar·
chitectural and Engineering Concrete Masonry Details for Building Construction"), the
Ontario Masonry Contractors' Association, the Canadian Standards Association ("Masonry
Design for Buildings" (1984), "Masonry Construction for Buildings" (1984), "Concrete Ma­
sonry Units" (1985)), "Masonry: Materials, Design, and Construction" by R. C. Smith et
al. (1979), and local engineers, masons, and manufacturers.

14.1 Masonry Walls

Masonry walls have the ability to perform several vital building functions simultaneously.
They serve as enclosures and sometimes as structure. They also provide a screen against
lire, sound, heat transfer, and moisture. Whether of brick, block or stone, masonry units
are available in a wide range of types, sizes, shapes, and surface textures. Masonry also has
the advantage of offering a finished wall inside and out.

14.1.1 Types of Walls

There are two basic types of masonry walls: loadbearing and non-Ioadbearing. Loadbear­
ing walls support vertical loads from fioors or roofs in addition to their own dead load.
Loadbearing walls may aIso be designed to resist in-plane horizontal forces such as wind
and earthquake•. Non-loadbearing walls carry very little vertical load. They can be either
exterior walls,. where they are primarily subjected to out-of·plane wind pressures, or interior
partition walls that carry only~heir own dead weight.

Masonry walls cao also be classilied as either single-wythe, composite or cavity walls.
The single-wythe wall can be used in either loadbearing or non-loadbearing capacities. The
most common type of masonry wall around Montreal used as an infill is the single-wythe
wall. Composite walls, in which two or more wythes of masonry of similar or different
materiaIs are tied together as a unit, are normally used as loadbearing exterior walls. Cavity
walls, in which the two wythes of a wall are laid with a space between the wythes, also
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serve as loadbearing exterior walls, with the added advantages of protection aga.inst min
penetration and of providing greater insulation.

Masonry walls are constructed either ofplain masonry, or reinforced masonry. According
to the Canadian Standard on "Masonry Design for Buildings" (1984), plain masonry is
masonry without steel reinforcement, except that which may be used for bonding or the
reduction of the effects of dimensional changes due to variations in the moisture content or
tempera.ture. Reinforced masonry is masonry in which steel reinforcement is embedded in
such a manner that the two materia.ls act together in resisting fo~ces. Plain masonry has
very little strength in tension. The addition of steel reinforcement to masonry introduces
tensile strength and ductility, aIlowing masonry components to withstand tensile stresses
with no material fa.ilure and to provide resistance to strength degradation under higher
loading. Although the Canadian Standard on "Masonry Design for Buildings" (1984) limits
the use of plain and partiaIly reinforced masonry to seismic zones 0 and 1, many non­
loadbearing interior partition waIls are constructed unreinforced and ungrouted (refer to
Section 14.2.1 for an explanation of 'grout') in the Montreal region.

14.1.2 Design Metho~s

The production of sound, durable and relatively inexpensive masonry waJls, requires special
ca.re in both the design and construction. Two types of masonry design methods have
evolved: the empirical type, and a rational type based on engineering analysis.

The empirical design method is the more classical of the two methods. It is based on
"rules of thumb", developed by masons throngh centuries of experience and observation,
which have now heen standardized in design a~d construction codes. The empirical rules
given in the Canadian Standard on "Masonry Design for Buildings" (1984) Côn be applied
only to the design of plain masonry. They cannot he nsed in any case if certain height
limita are exceeded, or if waJls are subjected to very high wind pressures, or in certain
other special cases. According to the empirical design method, the wall's stability must
be examined as part of the design of aIl waJl types. The stability of a wall depends on its
slenderness ratio, that is, the ratio of the wall's effective height to its thickness. Additional
stability may he required in the form of latera.l supports loca.ted at specified distances in
either the vertical or horizontal directions. For the design of aloadbea.ring waJI, the wall's
compressive load ca.pa.city must a.lso be examined. The aIlowable load ca.pa.city of a waJl
depends upon its cross-sectional area, and the maximum allowable compressive stress of the
masonry. In addition to checking the stability ofnon-Ioadbea.ring exterior waJls, these shall
also be designed for the out-of-plane wind pressures to which they are subjected.

The rational design method in the Canadian Standard on "Masonry Design for Build­
ings" (1984) applies to the design of plain and reinforced masonry where the design is based
on the engineering analysis of the structural effects of the forces acting on the structure. Ac­
cording to this method, masonry waIls and columns are designed to have adequate strength
to resist the effects of specified loads, by either the coefficient method, or the load deflec­
tion method. Allowable stresses in masonry structures must be respected, and as in the
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empirical design method, stability must also be exa.minOO. A working stress design is the
basis for both the empirical and the rational design methods.

14.2 Concrete Masonry Walls

The trend towards more efficient lighter construction has 100 to the deve!opment of hollow
masonry units, first structural clay tUe and later hollow concrete masonry. More than two­
thirds of the volume ofa.l1 masonry wa.l1s are constructOO ofconcrete blockwork ofone kind or
another (Smith et al. 1979). Beca.use ofits extensive use, the following discussion wi1l focus
on concrete blockwork wa.l1s, paying particular attention to the deta.ils of non-loadbea.ring
wa.lls.

14.2.1 Basic Components of Concrete Masonry WaHs

Concrete Masonry Units:

The concrete masonry units that make up concrete blockwork wa.l1s are prima.rily designOO
as either hollow or solid. A unit is considerOO to be hollow ifthe net concrete cross-sectional
area is less than 75 ~rcent of its gross area in any plane para.l1e! to its bea.ring surface, Fig:
14.1. The solid material in the long face of the units are face shel1s, while the cross members
are webs, and the hollow portions of the units are referred to as cores. Solid units are used
mostly for special purposes; for exa.mple, in structures that have very high design stresses.
Therefore, the majority of the blacks manufa.cturOO are of the hollow black ca.tegory, of
which there is a grea.t va.riety of sizes and shapes. The dimensions and configuration of
hollow units have been standardized in North America., so as to have a common comparable
product. Fig. 14.2 illustrates th~ configuration and dimensions of a typical 200 X 200 X
400-mm concrete masonry hollow unit. Also, the dimensions and wall properties for the
standard 200 X 200 X 400-mm hollow concrete masonry unit are outllnOO in Table 14.1.

Concrete masonry units are usua.l1y referred to as either normal weight or lightweight,
depending on the aggrega.te from which they are made. Normal weight units are made from
aggrega.tes such as sand, grave!, crushOO stone and air-coolOO blast furnace s1ag. Aggrega.tes
such as expandOO shale or clay, expandOO blast furnace sla.g, sinterOO lly ash, coa.l cinders,
scoria and pumice produce lightweight blacks. The weight-per-unit and the weight of the
wall for the standard 200 X 200 X 400-mm hollow concrete black are given in Table 14.1.
Lightweight units perform better with respect to sound absorption, and lire and thermal

- resistance, but are more expensive than normal weight units.

. The compressive strength is an important property of concrete masonry units and, in
general, the use to which units wi1l be put is re!atOO to that strength. Other important
physical properties of concrete blacks are their density, water abso!ption ca.pa.city, moisture
content, and linea.r shrinkage potential.
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Figure 14.2: Configuration and Dimensions of a Typica1 200 X 200 X 400-mm Concrete
Masonry Hollow Unit
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Properties Value

Dimension,s per unit (mm) 190X190X390
Percentage saUd (%) 56
Minimum face shell thickness (mm) 32
Minimum web thickness (mm) 26
Gross area'(cm2) 741
Net a.rea. (cm2) 415
Gross volume (cm3) 14079
Net volume (cm3) 7889
Cavities volume (cm3) 6195
Equivalent thickness (mm) 106

Compressive strength
(based on gross area.) (MPa) 7.5

hea.vy Ught

Weight per unit (kg) 16.9 13.8
Weight of wall (kgfmm2) 211.2 172.5
Density (kgfmm3 ) 2100 1600
Water absorption (kgfmm3 ) 130 180

Fire resistance (hr)
according to:
-N.S.C. 1.8 2.55
-U.L.C. Usted 2.0 4.0
-U.L.C. certificate 2.0 4.0
(on special order only)

Thermal resistance
RSI value (m2f'CfW)
·with empty cavities 0.21 0.30
·with filled cavities 0.51 0.81

Sound transmission loss (dB) 49 46
Sound absorption (N.R.C.) 0.27 0.45

Table 14.1: Dimensions and Properties of the Standard 200X200X400·mm Hollow Concrete
Block
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Moriar:

Mortar serves to bond the masonry units together and to provide an even transfe.r. of stress
between them. The basic components of mortar are cement, sand and water. To these a.re
often a.dded hydrated lime, pozzolanic materials;a.dmixtures and color. Mortar must possess
a number of important qualities which include workability, water retentivity, consistent
rate of hardening, good bond, durability, good compressive strength, and good appearance.
Mortar types are specified on the basis of either the proportions of cementatious materials
used par batch, or the compressive strength of representative mortar cubes. From the
strongest to weakest, the types of mortars used in Cana.da a.re M, S, N, 0 and K. For
masonry designed on the basis of engineering analysis, type M, S or N mortar is permitted.
For masonry designed by empirical ruies, types M, S, N, 0 and K are permitted, with two
exceptions. Types 0 and K mortar are not allowed where the masonry is to he in direct
contact with the soil, or where the masonry is exposed to the weather on all sides. From
discussions with local masons, it appears that type M is almost always used, whatever the
kind of masonry or whatever the purpose the structure will serve.

Grout:

Another possible component of concrete blockwork walls is grout. Masonry grout is com~

posed of a mixture of cement and fine aggregate, combined with enough water to produce
a mix that will fiow readily into the cores and cavities without segregation. It is used pri.
marily to bond masonry units and steel together in reinforced masonry walls, so that they
act in combination to resist imposed loads. It is usual to place grout in only those cells
containing steel reinforcement, but in some loa.dbearing reinforced masonry walls aU cells
will he filled with grout.

14.2.2 Concrete Masonry Wall Construction

Bonds and Patterns:

The techniques for building with concrete masonry have, for the most part, followed quite
closely those used with brick, tile or stone. A concrete masonry wall is constructed by laying
the concrete units in courses. A great variety of wall patterns are possible with concrete
block. Fig. 14.3 illustrates just a few of these. The half·block running bond, Fig. 14.3a is
the most popular type of bond and pattern.

Mortar Jointm
- .

Bed joints, the horizontal layer of mortar on which the unit is laid, and hea.d joints, the
vertical mortar joint between the ends of units, are used with concrete block. Two types
of bed joints are used with concrete units: full·mortar bedding, and face-shell hedding. In
the former, the webs, as well as the face shells, are bedded in mortar, while with the latter,

185



100 m. 1 x 400 mm unib
and ZOO mm x 400 mm unilll

(b)

1 T T T 1

1 1 1 1 1

1 1 r 1 1

1 1 1 1 . 1

1 T r 1 1

. 1 T Cou~d """lu •1 1
.

(a)

200 mm x 400 mm units

1 1 1 1 1

1 1 1 1 1

1 • 1 1 1 1
1 1 T 1 1

1 1 1 T 1
1 1 T 1 1

1 1 eou...d Ashlar • Z 1
100 mm x 400 mm Wlits
and ZOO mm x 400.1010 unllll

(c)

HCIl'izonlal SlaeklnC

zoo mm x 400 mm unilll

(d)

V.rtle~S\lek!"J

10-

-
Buk.tW....

ZOO IDm x 400 mm unilll
(e)

ZOO mm x 400 mm unilll
(f)

Figure 14.3: Concrete Blockwork Wall Pa.tterns

=
186



c

c

only the face sheI1s are "buttered". Full morta< bedding is used when laying the starter
course of blockwork on a footing or foundation, when laying solid units, or for the webs on
either side of grouted cores in partially grouted wa1ls. For all other concrete masonry work
with hollow units, it is common practice to use face-shell bedding only.

Horizontal Joint Reinforcement:

Horizontaljoint reinforcement laid in the bedjoints, as shown in Fig. 14.4, must be provided
in walls primarily to control cracking associated with thermal or moisture expansions or
contractions. It also serves, together with overlapping the blacks, as structural bonding in
single-wythe concrete masonry walls. For non-loadbearing Wans, these are usually placed in
altemate courses. It should be noted that the horizontal joint reinforcement just described is
not considered as reinforcement against imposed forces (see the definition of plain lIiasonry,
Section 14.1.1).

Gaps:

Infill panels which are not expected to contribute to the strength and stiffness of the frame,
that is, they serve as non· loadbearing interior partitions, are normally isolated from the
frame at the top by a gap of up to 25 mm. This avoids the beam above applying load to
the infill, as the beam defiects due to loading or creep.

Lateral Support:

Masonry walls must be transversely supported or braced at certain intervals. Transverse
support may be provided either by vertical or horizontal e1ements, or both. The anchorage
between walls and supports should be designed to resist the assumed wind, earthquake or
blast forces acting either inward or outward. Typical connections at vertical and horizontal
supports for non· loadbearing walls are shawn in Figs. 14.5 and 14.6, respective1y. The
flexible ties in Fig. 14.5 also allow for in·plane difi'erential movement between the wall and
the frame e1ements which may be caused by temperature changes, or by loading in the
frame.

14.2.3 Some Properties of Concrete Masonry Walls

Compressive Strength:

One of the most important and basic properties used in the design of engineered concrete
masonry construction is, the 28-day ultimate compressive strength of concrete masonry, f:".
A number of factors affect the compressive strength of concrete masonry walls: compressive
strength of individual units, eccentricity of vertical load, slenderness of the wall, mortar
bedding, workmanship, mortar strength and reinforcing. Results of structural testing seem
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to indicate that the compressive strength of the unit is the most important variable for a
given situation. The strength of a bea.ring wall that is fixed at the bottom and supported
at the top is not affected by the slenderness up to and beyond the limits set by design
criteria.. Full mortar bedding will increa.se the strength of a wa.ll by only 10 to 20 percent
OVe! face-shell bedding. The mortar strength has very little infiuence on the compressive
stre1Î.gth of the wall, especia.lly with the stronger mortars such as types M, S, and N.

The value of the compressive strength, f:", to be used in the design of masonry con­
structed with solid or hol1ow concrete blacks, or hol1ow concrete blacks filled with grout,
having a compressive strength at lea.st equal to that of the block, must conform to Table 2
of the Canadian Standard on "Masonry Design for Buildings" (1984), which is reproduced
in Table 17.1 of this thesis.

Modulus of Elasticity:

The modulus of elasticity, which represents the stifl'ness of the masonry, is an important
factor in the analysis and design of composite masonry structures. It is a vital factor in
affecting the load distribution between the various structural elements. It is usual ta express
the modnlus of elasticity as a function of the masonry compressive strength, f:". For poo
and reinforced concrete block masonry, current North America.n codes specify a value of the
modulus of elasticity equal to 1000 f:", but not grea.ter than 20000 MPa..
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CHAPTER15

ANALYSIS OF A SINGLE-STOREY INFILLED FRAME
WITH A GAP AT THE TOP

In this chapter, a method of a.nalysing a.n infilled frame is proposed. To perform a
deta.iled finite element a.nalysis of a.n infilled frame, with a gap between the top of the infill
a.nd the frame, a mathematical model representing with reasonable accura.cy the frame,
the infill, a.nd the interface properties, was required. The effect of the following modelling
techniques on the calculated stiffness response of the infilled frame were investigated a.nd
will be described in this chapter. Th~ include: the finite element mesh for the infill, the
type of element for the frame members, a.nd the weight of the infill. As a result, a single:
storey module representing a typical storey of a multi-storey moment-resisting frame, a.nd
simulating the effect of infills above a.nd below was developed for a representa.tive infilled
frame. The description a.nd purposes of a series of laterallœd a.nalyses of the infilled frame
is also given.

15.1 Description of Program

The maln obsta.cle to overcome in performing a.n 'accunte' elastic a.nalysis of a.n infilled
frame is that of allowing for the separation cra.cks which develop on the boundaries between
the infill a.nd frame. Beca.use the tensile bond between the infill a.nd the frame is usually
weak a.nd uncertai!l, cra.cks are asaumed ta form wherever there are tensile stresses a.cross
the infill·frame boundaries. In Chapter 13, a review of the various programs used previously
for the detailed, elastic finite element a.nalyses of infilled frames was presented. In general,
in ea.ch of the methods of a.nalysis, the infill was represented by recta.ngular elements, the
frame members by the sta.ndard prismatic beam·column elements, a.nd the interface by
pin-jointed, zero.length, very rigid members. The interface elements malntalned or broke
physical conta.ct between the infill a.nd the frame. An iterative process was used to allow
bounda.ry joints to separate. Comparisons of a.nalytical a.nd experimental results, have
shown that in general the computer programs developed gave a falr representation of the
elastic behaviour of the infilled frames, even after bounda.ry cracking, provided that a tight
initial fit of the infills was a.chieved in the experimental tests.

In each of the methods presented in the literature, there were differing assumptions
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and variations from the genera1 method of analysis described above. These will be briefl.y
summarized here. Mallick and Severn (1967) assumed slip woald occur along the boundaries
remaining in contact, and shear forci!S equal to the product of the normal force and the
coefficient of friction were applied to the infill only. The shear forces were not applied
to the frame e1ements because these were assumed to be inextensible. Dawson's (1972)
interface e1ement was a non-friction, sliding connection between the infill and the frame.
In addition, he introduced a gap e1ement to account for a lack of tight fit between the
wall and the frame. He also checked that the displacements of,the nodes on the frame
and the corresponding nodes on the wall were compatible. In the method presented by
King and Pandey (1978), the interface between the frame and the infill was modeIled using
the friction e1ement origina1ly deve10ped by Goodman et al. (1968) and modified by Iqng
and Chandra.sekaran (1975): As! initiallack of tight fit, gap formation, and slip atthe
interface between the frame and the infill were taken into account by a suitable selection
and subsequent adjustment of the friction e1ement properties. Yong (1984) represented the
infill by 8-noded rectangular e1ements, and the interface by a normal stress e1ement, as well
as a friction e1ement. T;le wall slipped when the shear force at the interface was greater
than the friction force in the friction e1ement. This program also alloWed for the interface to
reconnect when the infill overlapped with the frame. In Riddington's program (1974), the
basic 4-node rectangular e1ement was used to mode1 both the infill and the frame. Two sets
of nodes were generated in each interface and were connected by a linking matrix, whicli.
r~presented a short, very stiff member.

A listing of Riddington's program was available in his thesis (1974). The present author
raD it on the McGill mainframe computer, but decided not to use it for this study due to
its limited number of options. Options such as joint displacement constraints are required
in this study, because a single-storey module, representing a typica1 storey of a moment­
resisting frame structure, will be analysed similarly to the frame with cladding, in Part 1
of this thesis. Having the possibility of using SAP80 (1986), a commercial finite e1ement
program with many modeIling options, it was decided to combine it with a post-processing
program, deve10ped by the Author, that would allow for the boundary joints to separate in
an iterative process.

SAP80 (1986) has the advantage of being designed to run on a personal computer. The
program bas static and dynamic analyses options. Generation options are also available.
Plotting capabilities exist for both the undeformed and deformed shapes of a structure. The
finite e1ement library consists of the three-dimensional frame e1ement, a three-dimensional
sheIl e1ement, a two-dimensional asolid e1ement, and a three-dimensional solid e1ement.
Varions modelling options are available, such as the joint constraints option which enable
the user to selective1y equate displacements of global degrees of freedom, rigid beam-ends,
and rigid lloor diaphragm modelling.

The Author proposes the following method of analysis for infilled frames. Consider the
simple mathematica1 model of the infilled frame with a gap at the top, shawn in Fig. 15.1. A
SAP80 input data file must be prepared for the problem. The infill is represented by 4-node
quadrilatera1 membrane e1ements (sheIl e1ement option), and the frame members by the
standard prismatic beam·column e1ements. The frame members could have been modeIled
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altematively byany type ofplanar element offered in SAP80 (1986) provided the nodes along
the frame are defined at locations corresponding to the nodes on the infill periphery. InitiaIly'
aIl the nodes on the infill's boundary in contact with the freme are constrained to ~splace

in the vertical and horizontal directions identical1y to the corresponding nodes oftheframe.
The structure is analysed for a lateralload, then the post.processing (or update) program
developed by the Author is run. It creates a new SAP80 input file in which appropriate
constraints on the infill·frame interface are removed when tensile stresses develop on the
infill bounda.ries, and when shear forces exceed friction forces. The friction forces are taken
as equal to the product of the coefficient of friction and the compressive normal forces. The
structure is then reanalysed, and the process repeated until the constrained conditions are
stable. The update program was also written to reconnect the bounda.ries if, in an iteration,
the displacements of the infill overlap the frame, or if the shear forces become less than the
friction forces. A flow·chatt of the update program is shoWn in Fig. 15.2. By l;Stimating
the number of iterations required to solve a problem, a batch file could he prepared with
the necessary commanda that performed aIl the iterations automatical1y. It is interesting to
note tllat in the development ofthis finite e!ement analysis, althougb an itera.tive procedure
is necessary to obtain the solution, the problem is in fact linear, since the displacements
and the stresses are linearly re!ated to the applied load.

The simple infill·frame mode! shown in Fig. 15.1 wa.s one of several problems analysed
to test the method of analysis proposed by the Author. The units used in the analysis
do not have any physical significa.nce. Fig. 15.3 shows the results througb the various
iterations before reachÏng a stable condition. The same result was obtained for the eleventh
iteration, as for the sixth itera.tion. Thatis, the unique solution was not obtained, but a
correct state of equilibrium must exist between the states of cycles 6 and 10. In Fig. 15.4,
the deformed shape for cycle 8 is shown. The infill pushes against the frame at the top-Ieft
corner, and near the bottom·right corner. In this itera.tion the infill was aIlowed to slip at
the bottom-rigbt corner, beca.use the shear force wa.s greater than the friction force. Its
displacement, however, was greater than that of the frame. COrisequently the corner was
reconnected in the next itera.tion.

There are two main reasons why the problem did not reach a unique equilibrium con·
dition. Firstly, the mesh is discrete with the boundary represented by a finite number of
nodes, rather tban an infinite number. In aIl probability, for equilibrium, the end of a
length of contact on a boundary does not coincide with one of the defined nodes. Secondly,
there are many variables which must reach equilibrium concurrently, such as the lengths of
contact and the slip conditions for each of the three bounda.ries. With so many variables,
a slight change in condition at one node, will subse«iuently cause changes at other nodes in
the next iteration. The more refined the mesh, the closer should the results approa.ch the
'exact' solutioll. .'
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15.2 Modelling the Representative Infill

15.2.1 Description of the Representative Infilled Frame

The representative infill partition is of 200 X 200 X 400 mm 2- core concrete block units'laid
in running bond using type M mortar. AlI mortar joints are face shell mortar bedding. The
wall is assumed to be built up against the vertical structural members with no attempt to
integrate it with the frame or ta prevent mortar bonding to the concrete members. Standard
truss type joint reinforcement is usually placed in alternate courses.

The blockwork partition wall is 5500 mm wide by 2750 mm high, and it is built up to
within 25 mm of the underside of the reinforced concrete structural frame, Fig. 15.5. The
gap is usually filled with a compressible filler, which will allow the beam above to defiect
without imposing verticalloads on the infill be1ow. The filler a1so acts as a fire and acouscic
bamer. Normally, lateral support in the form of staggered angles, as described in Chapter
14, are provided at the top ofthe wall to prevent it from faIling out ofits plane during very
high wind and seismic loadings. The reinforced concrete frame consists of 300 X 450 mm
columns and 300 X 600 mm beams.

15.2.2 Modelling the Infill

To perform the lateral load analyses, a two-dimensional plane stress e1ement mode1 was
required to represent the infiIl. The grading of the finite e1ement mesh was selected to
obtain a refined, but efficient, representation of the infill's behaviour.

Stafford Smith (1966) showed that when a fully infiIled frame, without gaps, is subjected
to a racking load, the frame and infiIl separate over a large part of the length of each sUe,
and regions of contact remain only adjacent to the corners at the ends of the compression
diagonal, Fig. 13.1. A similar type of behaviour was expected for the infill with the gap
at the top. Also, it was conc1uded in Section 15.1 that for the infilled frame analysis to
approach the 'exact' solution, a more refined mesh would be required around the contact
endpoints. Therefore, to pIOperly model the infill's behaviour, and at the same time obtain
a solution efficiently, a finite e1ement mesh with the compression corners having a greater
refinement was decided upon.

In Fig. 15.6, four possible mesh grading patterns are presented. It is assumed that the
concrete block infill is of a reasonable homogeneous and isotropie material. In Fig. 15.6a,
a. mesh 1IBÏng rectangular e1ements only, which was a1so adopted in Riddington's studies
(1974, 1977, 1984), is shown. The mesh is refined at the compressive corners as required,
but there is an unnecessary refinement in the tension corners. Some of the e1ements have
aspect ratios greater than 2:1, which is usually not desirable in an analysis; however, in this
problem these do not occur in critical areas.

The Author deve10ped the mesh grading patterns shown in Figs. 15.6b, c and d. In Fig.
15.6b, the techniques for mesh refinement suggested by Irons and Ahmad (1980), in which
triangular shaped e1ements are avoided, were followed to refine the compression corners

199



o

Column,
300x450 mm

L
200 200 400, x x mm concrete
blocks + Type S mortar

\
25 mm gap

1 1 1 1 }
1 1 1

1 1
1 1 1

~
0
".,.....
N

1 1 1
1 1

1 1 J

1 1

1 1 tBeam. 300x600 mm 1 1
1...· 55_0_0_mm ~

Figure 15.5: Representative Infilled Frame

200·



c

(a)

"'/
1
'\.

/ \. "L..

.1'\ .... / ,\-/
'\.

1
1/

l'
1

1/

(c)

"-
./

/7·
t- /
1-"\,/ !'Jr-

.....
'f\:\
/-...

1

./
'-/

1

(b)

(d)

Î

c'
Figure 15.6: Various Mesh Grading Patterns

201



:~~
~.

without needlellS1y refining the tension corners. AIso, the guideline that, for accuracy, the
quadrilateral e!ements should he as nearly as possible paralle!ograms, with equal sides (Irons
and Ahmad 1980) was followed. The mesh shown in Fig. 15.6b was easy to deve!op for
the square infill, however it would be more difficult to devise such a mesh for a rectangular
infill. WhiIe the mesh grading pattern in Fig. 15.6c could be more easily adapted to a
rectangular infill, the transition from an element that is one unit square, to one that is
three units by two units, is not as graduai as desii"able. On the other hand, the pattern
shown in Fig. 15.6d, provides a graduai transition from the refined compressive corners to
the couse tensile corners. The pattern cau easily he used for both square and rectangular
infills. Furthermore, the mesh can easily he generated by defining the joints along the
periphery and using SAP80's Lagrangian joint generation option for all the interior joints.
Of all the patterns presented, the pattern in Fig. 15.6d was the best suited for the present
study.

Once th~ mesh grading pattern had been chosen, the degree to which the mesh should
be refined i~r the representative infill had to be decided. To do so, a lateralload analysis
of the representative infilled frame which was described in Fig. 15.5 was performed.

The infill was represented by a mesh of 364 membrane plane stress elements, Fig. 15.7.
The thickness and modulus of elasticity assigned to the elements was that of the concrete
blockwork wall, that is, 200 mm and 10 kN/mm2, respectively. The frame model consisted
of a series of beam elements at each side of the infill, and a series of beam elements at the
bottom of the infill, whose joint locations corresponded to those along the infill periphery.
The beam elements were assigned the fullllexural inertia and axial area of the storey beam,
that is, 5.4X109 mm4 and 180000 mm2, respectively. The column elements were assigned
the full actuaillexurai inertia, that is, 2.278X109 mm4 • To neglect axial deformations in
the columns, the column elements were assigned very large sectional areas. At the top, a
link with an axial area equal to that of the storey beam joined the tops of the columns. The
frame members were assigned a modulus of elasticity of 20 kN/mm2• The structure was
supported by a pin at the bottom·left corner, and a roller at the bottom·right corner. The
horizontalload was applied at the top-right corner. The interstorey drift was calculated
as the difference between the displacements of the top·right corner and the bottom·right
corner. The frame deformations contributing to this drift are the shear and bending of
two full·length full·stiffness columns, and the axial, shear, and bending deformations of one
full·sized beam. The infill deformation contributing to this same drift is the shear of one
infill. By applying the rotational constra.ints to opposite ends of the columns of this model,
in a similar way. to that for the panel·clad frame model, a typical storey of a multi·storey
infilled frame was represented by the single-storey module.

The structure, Fig. 15.7, was analysed for a 130 kN lateralload. This is the approximate
lateralload to cause an approximate interstorey drift index of 1:400 for the bare frame. A
more complete explanation of the magnitude of the lateralload is given later in this chapter.
At the 32nd iteration the results obta.ined were the same as for the 17th iteration. That is, a
unique solution was not obta.ined, and equilibrium must exist at some intermediate position
between cycles 17 to 32. The interstorey drifts obta.ined for the most llexible and most rigid
cycles, within the 17th and 32nd iterations were 1.4525 mm and 0.9740 mm, respectively.
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Because of the large number ofiterations required to reach a stable condition, and the large
difference between the drifts of the most flexible and m06t rigid cycles, a more refined mesh
was devised.

In the more refined mode1, the infill was represented by a mesh of 684 elements, Fig.
15.8. This structure was a.lso analysed for a lateralload of 130 kN. In this case, identical
results were obtained at the 1511> and nll> iterations. The interstorey drifts for the most
flexible and most rigid cycles, within cycles n to 15, were 1.4239· mm and 1.0646 mm,
respective1y. By refining the mesh, the number of iterations was reduced by half, and the
difference between the results of the most flexible and most rigid cycles, within the repea.ting
cycle of iterations, reduced significa.ntly. As expected, the results obtained for the refined
mesh analysis lie within the range of those obtained from the coarse mesh analysis. The
time required to perform the 15 iterations was acceptable for pra.ctical purposes; therefore
further refinement was not wa.rra.nted due to the generalized nature of this study.

15.3 Effect of Different Modelling Techniques for the Moment­
Resisting Frame

Three different techniques to mode1 the moment-resisting frame were tested.

In the first case, the frame members were modelled by the conventionalline e1ements,
Fig. 15.8, Section 15.2. In 50 doing, the effect of the column widths and the bea.m depths
were not accounted for. Therefore, the infill forces along the contact lengths were acting
at the centrellnes of the mode1 members, rather than being offset by half the width of the
column or half the depth of the bea.m, as in the real structure. In addition, the effective
moment on the structure was reduced beca.use the storey height and the bay width of the
mode1 were less than the a.ctual.

In the second •...:!!nique, the frame members were represented by a wide-column analo­
gous frame, :r'ig. 15.9. For this the column was represented by aline e1ement loca.ted at its
centroidal axis, and assigned to have the f1exural inertia of the column. Rigid arms atta.ched
perpendicularly to the column and extending to its exterual fibres were loca.ted at the leve1s
of contact between the column and the infill. The bea.m was mode1led in the same way.

In the thl~ :;,,;.\nique of modelling the frame, the frame members were modelled using
conventional plane st.'ells rectangular or quadrilateral e1ements, Fig. 15.10. In this tech­
nique, the e1ements were typically assigned thicknesses and a modulus of e1asticity equal to
those of the a.ctual members, while the sixteen e1ements at ea.ch of the bottom corners were
assigned a very high modulus of e1asticity to simulate a rigid joint. To provide a represen­
tation of the effects of the storeys above and below on ea.ch of the considered structures, the
top and bottom of the left column, and sepa.ra.te1y, the top and bottom of the right column,
were constrained to rotate identically. For this technique it was additionally necessary to
insert rigid arms a.cross the tops of the columns, and at the ends of the columns and bea.m,
Fig. 15.10, to maintain the same rotation a.cross the column widths and beam depth at
these locations.
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Al! three models were analysed for a ra.cking load of 130 kN. In the first mode1, in
which the frame members were mode11ed as line e1ements, the analysis produced identica1
results at four-cycle intervals. The most flexible of these wa.s cycle 14 with an interstorey
drift of 1.4239 mm, and the stiffest wa.s cycle 11 with an interstorey drift of 1.0646 mm,
as reported in Section 15.2. For the wide-column and membrane e1ement analyses, thirty
iterations were performed and in neither case wa.s equilibrium rea.ched or did any of the
cycles repeat themse1ves. The reasons for this are uncerta.in, but it may be that in the case
ofthe full-width columns and full-depth beam, the longitudinal deformations ofthe columns
and the beam are more sensitive to the stresses in the infill; therefore ma.king it diflicult to
a.chieve compatibility between the displa.cements of the frame-members with those of tl:e
infill. Neverthe1ess, a standard of compa.rison between the three methods wa.s required;
therefore, the most flexible itera.tion was chosen. The reason for choosing the most flexible
cycle for compa.rison is that, in terms of stiffness, the results are conserva.tive. Neglecting the
results of the first few cycles in ea.ch case, which are grea.tly a.ffected by the initial condition
of complete atta.chment, the interstorey drifts for the most flexible cycles, that is cycle 13
in the case of the wide-column analysis, and cycle 27 for the membrane e1ement analysis,
were 1.2421 mm and 1.7215 mm, respectively. The deflected shapes showing the contact
regions between the infill and the frame are presented for the line element, wide-column,
and membrane e1ement models in Figs. 15.11, 15.12, and 15.13, respectively.

Table 15.1 provides compa.risons between the three analyses for the interstorey drifts,
conta.ct lengths, stiffnesses, loa.ding, member forces, and stresses. The contact lengths were
smaller for the membrane element analysis than for the other analyses, and the effective
loa.ding acting on this model was grea.ter· than for the line element analysis due to the
effective increase in storey height; therefore, the membrane e1ement model was more flexible
than the other two models. As a result, the moments in the frame members of the membrane
element analysis were grea.ter than those of the Une element analysis. The moments in the
frame members of the wide-column analysis were less than those of the line e1ement analysis,
beca.use the wide-column model was not as flexible as the line e1ement model. It should
be noted that for the membrane e1ement analysis, the moments obta.ined for the frame
members were not very a.ccurate, because of ina.ccura.cies in the analysed stresses due to
some of the elements' large aspect ratios and to the abrupt transition regions at the e~ds

of the columns. To ma.inta.in the refined mesh in the compressive comers of the infill, more
extensive transition regions would be required in the frame members. It was also found
that in regions well away from the load injection points, the stresses in the infill were not
significa.ntly a.ffected by differences in modelling the frame members.

Although the line element analysis was not conservative with respect to the other analy­
ses for all the response quantities, it was the most suitable technique for modelling the frame
beca.use of its simplicity, and, more importantly, beca.use the analysis stabilized around a
few cycles. It is estimated that the other analyses would require much more ca.refully refineà'
models to a.chieve a similar efliciency.
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RESULTS FOR MOST TYPE.oF MODEL
FLEXmLE CYCLE LINE WIDE-COLUMN MEMBRANE

Interstorey drift 1.42 mm 1.24 mm 1.72 mm

Deviation from line e!ement mode! - -13% +21%

Contact lengths
(wrt line e1ement mode!) - greater less

Stiffness uncons. &
(wrt line e!ement mode!) cons. greater less

Effective loading
(wrt line e!ement mode!) uncons. greater greater

Moments in frame members cons. &
(wrt line e!ement mode!) uncons. 1ess greater

Shear stresses
(wrt line e!ement mode!) no diff. similar similar

Corner compressive stresses slightly
(wrt line e1ement mode!) uncons. less similar

No. of iterations to reach equilibrium no definite no definite
equilibrium exists bet. equilibrium equilibrium

iterations point or point or
11 & 14 region region

wrt: with respect to
uncons.: unconservative wrt other analyses
cons.: conservative wrt other analyses

Table 15.1: Comparison Between Results of Line Element, Wide-Co1umn and Membrane
Element Mode!s
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15.4 EfFect of Including Weight of Infill in Mathematical

Model

Before praceeding with the series of lateralload analyses of the infilled frame, the effect
of the weight of the wall on the horizontal stiffness of the infilled frame was investigated.
The effects of combined vertical and horizontalloading are dependent on the magnitude of
the weight of the wall relative to that of the lateralload. Therefore, realistic working loads
were used in the combined loading analysis to make a valid compari5On.

The weight of the representative infill was obtained from the local manufacturer's specifi­
cations, Chapter 14. The weight was given as 172.5 kg/m2 base<! on an equivalent thickness
of 106 mm. Although in the lateralload analysis the thickness of the infill is taken as the
sum of the two face shell thicknesses, that is 60 mm, to obtain the actual axial stresses in
the blacks' face shells, the following weight base<! on the equivalent thickness was used for
the infill in the analysis

(15.1)

The magnitude of the horizontalload has been selected very conservatively 50 that the
interstorey drift of the frame alone does not exceed the interstorey drift index of 1:400.
Base<! on the shear stiffness of the bare frame

where Q
h
6
E
G

GA-Qh- 12E
- 6 - h[b+~]

= horizontal shear,
= storey height,
= interstorey drift,
= modulus of eiasticity,
= E!If for which the summation includes all the girders

(oflength l) in the storey, and
C = E If for which the summation is carried out over all

columns in the storey.

(15.2)

c

A value of 130 kN was determined as the value of the lateralload.

The infilled frame, with the refined mesh as presented in Section 15.2, was analysed
for a combined vertical and horizontalload, Fig. 15.14. The results of the combinedload
analysis were compared with those of the lateralload only analysis. For the combined load
analysis, identical results were obtained at the 13lh and glh iterations. Within the repeating
cycle of iterations, the interstorey drift for the most rigid cycle was 0.9431 mm, and for
the most llexible cycle, 1.3821 mm. For the lateralload only case, the analysis produced
identical results at four-cycle interva1s, Sections 15.2 and 15.3. Within the repeating cycle
of iterations, the infilled frame subjected to vertical and horizontalloading was stiffer, by
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approximately 11 percent in the stiffest cycle and 3 percent in the most flexible cycle, than
when there was no weight acting on the structure.

Fig. 15.15 shows the displaced shape with the contact regions for the most flexible cycle
of the combined load analysis. The contact lengths are slightly longer in the combiiled load
analysis than in the lateralload only analysis, Fig. 15.11. The slight increase in horizontal
stiffness that results when the weight of the wall is included is probably caused by the
increased length of contact between the infill and the frame, and the consequent more even
distribution of the lateraiload stresses in the infill.

Contour plots ofthe vertical, shear, maximum principal and minimum principal stresses
are shown for the most flexible cycle ofeach analysis, in Figs. 15.16,15.17,15.18, and 15.19,
respectively. As expected, the vertical stresses, Fig. 15.16, are greater in the combined load
analysis than in the lateralload only analysis, because of the weight of the infill. The vertical
stress at the middle of the panel for the combined load analysis is 14 percent greater than
for the lateralload only analysis.

Away from regions ofload application, the shear stresses for both load cases, Fig. 15.17,
are very similar. The shear stress at the middle of the panel for the combined load analysis
is only 2 percent greater than for the lateral load only analysis. Near the compressive
corners, the shear stresses are slightly greater for the horizontalload only analysis than for
the combined load arialysis.

The effect of including the infill's weight does n~~ significa.ntly affect the maximum
principal (maximum tensile) stresses, Fig. 15.18. The stress at the middle of the panel for
the combined load analysis is 9 percent greater than for the lateralload only analysis. It
could have been expected that the maximum tenille stresses in the middle region of the infill
would he smaller for the combined load analys:s tha.I>. Ïor the lateralload only analysis, sinee
the compressive stress from the weight of the iri'Jill tends to reduee the maximum tensile
stress. However, hecause the horizontal stress in the combined load analysis is reduced by
a proportionately larger amount, the maximum principal stresses at the middle region of
the infill increase at the level ofloading for which the infilled frame was analysed.

The minimum principal stresses, or maximum compressive stresses, Fig. 15.19, have a
similar distribution in both load cases. The stress at the middle of the infill in the combined
load analysis is 4 percent smaller than that of the lateralload only analysis.

The disadvantage of performing a combined vertical and lateral load analysis is that
the effect.s of the combined loads will he dependent on the magnitude of the weight of the
wall relative to that of the lateralload; therefore, deflections and stresses cannot be scaled
for different lateralloads. This will be necessary when determining the failing loads of the
infill. The results and the conclusions drawn from these will he correct only for that level
of loading analysed. Therefore, in the lateralload analyses of the infilled frames to follow,
the weight of the infill will he neglected, sinee the difference between the results obtained
from the combined load analysis and those from the horizontal load only analysis is not
very significant, and the lateralload only analysis gives conservative results. If the need
arises, the effect of the weight of the infill will he accoun:ed for in critical cases.
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15.5 Description of Lateral Load Analyses

A series of lateralload analyses of infilled frames, with a gap between the tops of the infills
and the frames, was performed. The purposes ofthe analyses are as follows:

(a) to study the effect of parameters which are considered to be significa.nt in in­
fluencing the behaviour of the representative infilled frame. The parameters
inelude:

i. the stiffness of the beam,
iî. the stiffness of the column, and

iiî. the aspect ratio of the infilled panels; and

(b) to determine the order of the increase in stiffness of the infilled frame, with a
gap between the top of the infill and the frame, over that of the bare moment­
resisting frame.

The parameters to be investigated were chosen on the basis that the stiffness response of
an infill, and therefore of the infilled frame, is related to the length of contact over which the
load is applied to it. Experimental investigations performed by Stafford Smith (1962) have
shown that the length of contact is a function of the relative stiffnesses of the frame memherS
in flexure to the infill in diagonal compression; hence the effect of the beam and column
stiffnesses were studied, and the stiffness of the infill. The infill's stiffness is dependent on
its physical properties and its dimensions; hence the effect 0; the infill's aspect ratio was
studied.

The analysis performed on the representative infilled frame, Sections 15.2 and 15.3, in
which the infill, with a height-to-Iength (h:L) ratio of 1:2, was modelled by a mesh of 684
membrane elements, and the frame members were modelled by line elements, constitutes
the standard mode!. The results of all other analyses will be compared with those of the
standard model. To investigate the influence of the beam stiffness on the infilled frame's
lateral stiffness, two additional analyses were performed. In one the flexural inertia of the
beam of the standard model is halved and in the other doubled, with ·otherwise identical
infilled frames. The influence of the column stiffnesses was investigated similarly. To de­
termine the effect of the infill's aspect ratio (h:L), two further analyses were performed. In
one case the aspect ratio was 1:1.5, Fig. 15.20, and in the other 1:2.5, Fig. 15.21, with
all other parameters being the same as in the standard model. A diagram depicting the
various analyses performed is shown in Fig. 15.22. For all the analyses, the contact lengths,
interstorey drifts, bending moment diagrams of the frame members, and stresses in the
infills will he studied and compared.

To determine the magnitude of stiffening that an infill, with a gap at the top, con­
tributes to a moment-resisting frame, the interstorey drifts and the frame-member moments
obtained from the described infilled frame analyses will be compared with the results from
the analyses of the corresponding bare frames.
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CHAPTER 16

DISCUSSION OF RESULTS FROM ANALYSES OF
INFILLED FR...<\.MES

The results obtained from the lateralloa.d analyses described in the previous Chapter
are studied in detail ta determine the effect of the frame's stiffness and the infill's aspect
ratio on the behaviour of the representative infilled frame, with a gap between the top
of the infill and the beam above. The interstorey drifts, the deflected shapes, the contact
lengths, the bending moment diagrams for the frame members, and the stresses in the infills
are examined. The stiffening effect and the interaction of the representative infill with the
moment-resisting frame are also discussed.

16.1 EfFect of Beam StifFness

Ta detennine the infiuence of the beam stiffness on the behaviour of the representative
infilled frame with a gap between the top of the infill and the beam above, the flexural
inertia of the beam of the standard mode! was varied in otherwise identical infilled frames.
In one case, the flexural inertia of the beam of the standard mode! was halved, and in the
other doubled.

The analysis of the half-inertia beam mode! stabilized around iterations 13 ta 16, while
the analysis of the double-inertia beam mode! stabilized around cycles 9 ta 12. Reca1ling
that the standard analysis stabilized around iterations 11 ta 14, it was concluded that, for
the same degree of mesh refinement, the more flexible the structure, the greater the number
of iterations required for the à-nalysis ta stabilize around a few cycles. The interstorey drifts
for the most flexible cycle, within the four-cycle interval, for each of the three cases are
presented and compared in Thble 16.1. Va.rying the beam stiffness by a factor of 0.5 or 2
seems ta have affected the calcu1ated stiffness response of the infilled frame by approximate!y
10 percent. The deflected shapes of the half-inertia beam and double-inertia beam models
are shawn for the most flexible iteration within the repeating cycle of iterations, in Figs. 16.1
and 16.2, respective!y. Comparing these with the deflected shape of the standard mode!,
Fig. 15.11, it was observed that the lengths of contact at the infill-frame interface did not
differ significantly between the three analyses. In fact, for the most flexible of the three
structures, that is, the half-inertia beam mode!, the total contact length was greater than
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for the other two models. Therefore, the change in stiffness response of the representative
iniilled frame resulting from the change in the bea.m's flexural inertia wa.s probably due to
the change in the Îrame's fiexibility, rather than to the change in interaction between the
iniill and the beam. This will be further examined in Section 16.4. The length of contact
between the bottom of the iniill and the beam wa.s approximately 0.2 times the length of
the beam. This is significa.ntly less than the half beam length deduced in Stafford Smith's
study (1962, 1966) of fully iniilled frames, presumably because of the gap between the top
of the iniill and the beam.

The frame-member moments obtained!rom the analyses with varying beam stiffness are
presented in Fig. 16.3. The resulting frame-member moments ca.n be simply perceived as
the superposition of two actions. AB an exa.mple, consider first the 1eR column subjected
to drift and without the iniill's contact at the top. The column bends in double curva.ture
due to ra.cking of the frame, Fig. 16.4a. Note that the eft'ect of constraining the rotation at
the top of the column to be the same as that at the bottom, causes the column to bend as
though part of a typical intermediate storey. The eft'ect of introducing the iniill is to apply
normal forces to the column along the length of contact, Fig. 16.4b, which, superposed with
the eft'ect in Fig. 16.430, gives the resulting bending moment diagram shown in Fig. 16.4c.

The second action, that is, the forces applied to the column by the iniill, causes the
moments at the top and at the bottom of the column, resu1ting !rom the first action, to
increase and to decrea.se, respectively. The frame-member moments of the iniilled frame,
however, are smaller than those of the ba.re frame because, for the same horizontalload, the
frame of the iniilled frame defiects much less than the ba.re frame. This will also be further
examined in Section 16.4.

The behaviour described for the 1eR column also applies to the other frame members
that are in contact with the infill. In the type of model used in this particular study, the
tangential forces which the iniill applies to the frame members do not change their moments,
beca.use they are applied at the ceIitroidal axes of the members.

A comparison of the moment diagrams for the three cases, Fig. 16.3, indicates, as
expected, that the grea.ter the beam stiffness, the greater the frame-member moments,
since the frame ca.rries a grea.ter proportion of the external latera! load. The lengths of
contact do not differ significa.ntly !rom one case to the other; consequently, the moment
distribution due to the second action is similar in all three cases. Henee, the differenee in
bending mO!:o!eilt.s !rom one case to the .other arises !rom the differenee in the first, frame
ra.cking, .::.ction whiCÏ1 lS a function of the frame stiffness.

Contour plots of the vertical, shea.r, maximum principal and minimum principal stresses
are shown for the most flexible iteration of the four-cycle interval for each analysis, in Figs.
16.5, 1,s.6, 16.7, and 16.8, respectively. As expected, the trend is the same for each type of
stres~; that is, the greater the bea.m stiffness, the greater the pWp'oIrtion of the externalload
C3J'1'ied by the frame. Therefore, the smaller the proportion ca.rried by the iniill, the smaller
~he iniill stresses. For ea.ch type of stress, and in each of the cases, the maximum stress
occurs at the top-Ieft corner. Wherea.s, for the fully iniilled frames analysed by previous
researchers, the maximum shea.r stress and maximum tensile stress occurred at the centre
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Figure 16.3: Frame-Member Moments for Modela with Varying Beam Stifl'ness
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INTERSTOREY DEVIATION
ANALYSIS DRIFT FROM STANDARD

(mm) MODEL

1/2lb 1.5330 8%

lb 1.4239 -
2lb 1.2827 -10%

Ta.ble 16.1: Interstorey Drifts for Most Flexible Cycle (Va.rying Beam Stiffness Analyses)

(a)

BMD

(b)

BMD mm

(c)

Figure 16.4: Forces Acting on the Frame Members
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All stresses in MPa

Figure 16.5: Vertical Stresses for Modela with Varying Beam Stiffness
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Figure 16.6: Shear Stresses for Modela ,with Varying Bearn Stiffness
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of the infill, Wolde-Tinsae et al. (1987), as the present author, found the shear stress to be
maximum at the loaded corner for the semi-infilled frames. Away from regions of contact,
where concentrated loads were applied to the infill, the stress distributions were very similar
for each of the cases, as a result of the St. Venant effect. The magnitude oi the variations in
the stresses near the centre of the infill as a result of varying the beam stiffness, Table 16.2,
were similar to the variations in the interstorey drifts.

16.2 Effect of ColnIDn Stiffnesses

Similarly to when studying the effect of the beam stiffness, the influence of the column
stiffnesses on the behaviour of the representative infilled frame wa.s studied by varying the
columns' flexural inertias of the standard mcde!. In one analysis, the flexural inertias of the
columns of the standard mode! were halved, and in the other analysis doubled.

In the analysis of the half-inertia column model, identical results were obtained at the
12th and 16th iterations, while for the double-inertia column mode!, the analysis stabilized
around cycles 8 to 11. As wa.s the case when varying the beam stiffness, for the same
degree of mesh refinement, the more flexible the structure, the greater the number of it­
erations required before the analysis stabilized around a few iterations. A compari80n of
the interstorey drifts obtained from the most flexible iterations, within the repeating cycles
of iterations, for the three cases, Table 16.3, indicates that factoring the columns' flexural
inertias by 0.5 or2 varied the calculated stiffness response of the infilled frame by 5 to 7
percent. The defiected shapes of the half- and double-inertia column models are presented
for the most flexible iterations, within the four-cycle intervais, in Figs. 16.9 and 16.10,
respective!y. Comparing these with the defiected shape of the standard model, Fig. 15.11,
it was observed that the lengths of contact between the infill and the frame did not differ
significantly between the standard mode! and the half-inertia column mode!, but the lengths
of contact along the left column and the beam were noticeably greater for the double-inertia
column mode! than for the other two models. From the results of the double-inertia column
ana.lysis, it may be concluded that the slight incraase in lateral stiffness of the infilled frame
was due to the increase in the stiffness response of the infills resulting from the increased
length of contact a.ga.inst the left column, which were, in turn, due to the increased column
stiffnesses. However, the effect of the column stiffnesses for the infilled frames with the gap
does not seem to be as important as for the fully infilled frames (Stafford Smith 1966).

The frame-member moments obtained from the analyses with varying column stiffnesses
are shown in Fig. 16.11. The distribution of the frame-member moments in al! three
cases correspond to the combined actions described in the previous section. In general, an
increase in the column stiffnesses produced, as expected, greater frame-member moments,
since the moment-resisting frame carried a greater proportion of the racking load as its
stiffness increased. However, for the double-inertia column mode!, the moments at the
top of the left column, and at the bottom of the right column decreased with the increase
in frame stiffness. This resulted because the contact lengths were greater for the double­
inertia column mode!, causing the resultant of the normal forces applied by the infill to the
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Vertical Shear Max. Prine. Min. Prine.
Ana- Stress Stress Stress Stress
lysis Stress %Dev. Stress %Dev. Stress %Dev. Stress %Dev.

(MPa.) from (MPa.) from (MPa.) from (MPa.) from
Stand. Stand. Stand. Stand.

1/21b -.061 +22% -.515 +10% .223 +12% -.994 +7%

lb -.050 - -.468 - .199 - -.929 -

21b -.041 -18% -.421 -10% .178 -11% -.849 -9%

Ta.ble 16.2: Stresses Nea.r Centre of Infill (Varying Beam Stiffuess Analyses)

INTERSTOREY DEVIATION
ANALYSIS DRIFT FROM STANDARD

(mm) MODEL

1/21e 1.4963 5%

le 1.4239 -

21e 1.3290 -7%

Ta.ble 16.3: Interstorey Drifts for Most Flexible Cycle (Va.rying Column Stitrness Analyses)
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members to be at a grea.ter distance from the corner than in the other models. Thus, in
turn, reducing the moments at the top of the left column and at the bottom of the right
column, and increa.sing the moments at the bottom of the left column, and at the top of
the right column.

Contour plots of the vertical, shear, maximum principal and minimum principal stresses
are presented in Figs. 16.12, 16.13, 16.14, and 16.15, respectively. A slight decrea.se in the
shear and maximum compressive stresses was observed as the column stiffnesses increased.
However, no noticea.ble trend was apparent for the vertical and maximum tensile stresses.
In general, the stresses in the infills, awa.y from °regions of contact with the frame, were not
greatly affected by varying the column stiffnesses, as ca.n also be seen from Table 16.4.

16.3 Effect of Aspect Ratio of Infill

To determine the effect of the infill's aspect ratio on the behaviour of the representative
infilled frame, the length, L, of the infilled frame was va.ried, while its height, h, was kept
constant. In one analysis, the aspect ratio, h:L, of the infilled frame was 1:1.5, and in the
other 1:2.5. Both models were compared with the standard mode! which had an aspect ratio
of 1:2. Except for the change in aspect ratio of the infilled frames, all other pa.ra.meters
were the same as in the standard model.

In the analysis of the 1:1.5 aspect ratio model, identical results were obtained at the
13'1. and 19'1. iterations, while for the 1:2.5 aspect ratio mode!, the analysis stabilized
around iterations 11 to 14. The interstorey drifts for the most flexible itera.tion, within the
repeating cycle of iterations, are shown and compared for the varying aspect ratio analyses
in Table 16.5. A ±25 percent deviation in aspect ratio affected the calculated stiffness
response of the infilled frame by an average of ±10 percent. The grea.ter the length-to­
height ratio, the more flexible the infilled frame. R.ea.sons to account for this are that as
the ratio increases the fol1owing parameters are affected:

(a) the frame is more flexible; the.-efore, it ca.rries a. proportionately smaller ra.cking
load,

(b) the lengths of contact are proportionately shorter hecause of the more flexible
frame; hence grea.ter strains occur in the compressive regions of the infill which
causes it and the structure to he more flexible, and

(c) the inclination of the infill's strut action is smaller which would teI:d to reduce
its axial force, however, the strut and the bea.m are longer, and their axial defor­
mations would tend to he greater for a given cross-sectional a.rea. of strut. The
net result of these combined effects would be to cause a more flexible structure.

The displaced shapes of the 1:1.5 and 1:2.5 mode1s are presented in Figs. 16.16 and
16.17, respective!y. The absolute values of the lengths of contact between the infill and the
beam for the 1:1.5, 1:2, 1:2.5 models were 900 mm, 990 mm, and 1375 mm, respectively.
The grea.ter the length-to-height ratio, the grea.ter the absolute length of contact hetween
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Figure 16.12: Vertical Stresses for Models with Varying Column Stiffness
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Figure 16.13: Shear Stresses for Models with Varying Column Stiffness
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Figure 16.14: Maximum Principal Stresses for Models with Varying Column Stiffness
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All stresses in MPa

Figure 16.15: Minimum PrlncipaJ Stresses for Mode1s with Varying Column Stiffness
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Vertical Shear Max. Princ. Min. Princ.
Ana- Stress Stress Stress Stress
Iysis Stress %Dev. Stress %Dev. Stress %Dev. Stress %Dev.

(MPa) from (MPa) from (MPa) from (MPa) from
Stand. Stand. Stand. Stand.

1/21e -.050 0% -.486 +4% .207 +4% -.969 +4%

le -.050 - -.468 - .199 - -.929 -

21e -.062 +24% ·.460 -2% .208 +5% -.847 -9%

Table 16.4: Stresses Nea.r Centre of lnfiII (Va.rying Column Stiffness Analyses)

INTERSTOREY DEVIATION
ANALYSIS DRIFT FROM STANDARD

(mm) MODEL

1:1.5 1.2467 .12%

1:2 1.4239 -
1:2.5 1.5348 +8%

Table 16.5: Interstorey Drifts for Most Flexible Cycle (Va.rying Aspect Ratio Analyses)
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the infill and the beam. This causes a greater distribution of the stresses which, would tend
to increa.se the stiffness response of the structure. However, the previously described factors
are_predominant, giving a more llexible infilled frame with increasing length-to-height ratio.
In terms of the norma.lized values, the length of contact between the infill and the beam wa.s
0.22 times the length of the beam, L, for the 1:1.5 analysis, which is slightly greater than the
0.18L and 0.20L obtained for the 1:2 and 1:2.5 analyses, respectively. The length of contact
between the infill and the right column was also grea.ter for the 1:1.5 model than for the
other two models. While the lengths of contact between the infill and the left column were
approximately the same for the 1:1.5 and 1:2 models, they 'IIIere, unexpectedly, less than
that for the 1:2.5 model. Although in general the lengths of contact were proportionately
greater for the 1:1.5 analysis than for the 1:2 and 1:2.5 analyses, the lengths of contact for
the 1:2 model were not found to be proportionately grea.ter than that of the 1:2.5 model.
In fact, the proportionate lengths of contact did not vary significa.ntly between one and the
other. This may have resulted because the analyses did not rea.ch a unique equilibrium
condition; therefore, an exact compa.rison was not possible.

A comparison of the frame-member moments in the infilled frames of va.rying aspect
ratios are presented in Fig. 16.18. It is evident that the distribution of the moments in
the frame members were dominated by the decrea.se in frame stiffness due to the increa.sed
length-to-height ratio, causing the moments to decrease as a result of the smaller proportion
of externallateralload carried by the frame.

Contour diagrams of the vertical, shea.r, maximum principal and minimum principal
stresses are shown for the analyses with va.rying aspect ratios in Figs. 16.19, 16.20, 16.21,
and 16.22, respectively. Away from regions of contact with the frame, the stress distribu­
tions in the infills for ea.ch analysis were similar, but with the magnitudes of the stresses
greatest for the 1:1.5 model, and those for the 1:2 model grea.ter than those for the 1:2.5
model. The values of the stresses near the centres of the infills are shown and compared in
Table 16.6. Even though the frame for the 1:1.5 model was stiffer than those for the other
models, which mea.nt that the infill carried a smaller horizontalload than in the other cases,
the infill stresses were greatest for that model mainly because of the infill's diagonal force
being greater, as a result of its grea.ter inclination.

16.4 Infilled Frames vs. Bare Frames

To estimate the latera.l stiffening effect of the representative infill, an additionallateralload
analysis, of the structural frame without infills, was performed. The standard moment­
resisting frame was analysed for a lateralload of 130 kN, Fig. 16.23. The resulting dellected
shape ofthe bare frame is shown in Fig. 16.24 with an interstorey drift of 6.7890 mm. The
shea.ring stiffness of the standard storey-height module with the infill was, therefore, 4.8
times that of the bare frame. Although, the stiffening effect of the infill on the storey­
height module was not as grea.t as that of the preca.st concrete cladding panel, which wa.s
35 times that of the bare frame (Chapter 5), it is still significa.nt. It is of interest to
mention that in the studies performed by Stafford Smith (1966), the effect of a fully infilled
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· (a) 1:1.5

(b) 1:2

(c) 1:2.5

AlI stresses in MPa

Figure 16.19: Vertical Stresses for Models with Varying Aspect Ratio
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Figure 16.20: Shear Stresses for Mode1s with Varying Aspect Ratio
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Figure 16.22: Minimum Principal Stresses for Models with Varying Aspect Ratio
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frame was to increase the stiffness of the bare frame by as much as 200 to 300 times. As
for the fully infilIed frame, the stiffening effect of the infilI with a gap at the top can be
attributed to its action as a diagonal strut in bracing. The regions of contact between the
infilI and the frame when laterally loaded differ, however, for the two cases. For the fully
infilIed frame, the regions of contact are adjacent to both the columns and beams at the
ends of the compression diagonal, while for the infilIed frame with the gap, the regions of
contact are adjacent to ooly the column at the upper end of the compression diagonal and
to the column and beam at the lower end. Therefore, in the fully infilIed frame the upper
compressive corner of the infilI is more close!y contained, because of the biaxial compressive
state of stress, and consequently less strained. AIse, whHe the stlffening action of the fully
infilIed frame can be reasonably approximated by just one diagonal bracing strut from
corner to corner, along the compressive path; the stiffening action of the infilIed frame with
the gap, is more comparable to the strut mode! in Fig. 18.11, which aIlows for greater
deformations of the frame. The mode!s shown in Figs. 18.3 and 18.9 provide, however, a
crude reprcsentation. The above models will be described in greater detail in Chapter 18.

The stiffnesses of the infilIed frames analysed in the previous sections are compared with
the stiffnesses of their corresponding bare frames in Table 16.7. The increase in stiffness due
to the infilI was of the same order for aIl cases. The stiffnesses of the infilIed frames were
from 3.6 to 7.2 times that of their corresponding bare frames. The elfect of the stiffness of
the infilI, also shown in Table 16.7 for each of the cases, is computed by subtracting the
stiffness of the bare frame from the stiffness of the infilIed frame, since these act in parallei.
The gre<.,est variation occurred with the variation of the aspect ratio, as was determined in
Section 16,3. The elfect of the stiffness of the infilI for the 1:2.5 model is 6 percent less than
that of the standard mode!, and for the 1:1.5 mode! 13 percent greater. In terms of the
effect of the stiffness of the infilI, there was not a distinct pattern of variation for the other
two parameters. When the stiffness of the beam was varied, the elfect of the stiffness of the
infilI deviated by 1 to 2 percent from that of the infilI in the standard mode!, which leads to
conclude that the elfect of the beam stiffness does not significantly change the interactive
behaviour between the infilI and the frame. When the column stiffnesses were varied, the
difference between the effect of the infilI stiffness for the half·inertia column mode! and that
of the standard mode! was negligible. For the double-inertia column mode!, it was ooly 3
percent greater. This small elfect was probably due to the increase in contact lengths which
were indicated in the analysis.

The frame-member moments for the bare frames are the same for each mode!, since the
columns carry aIl the extemalload, Fig. 16.25. Comparing these with those of the standard
infilI~ mode!, Fig. 16.25, it can be concluded that the elfect of the infilI is to redu ~e the
moments in the frame members by approximate!y 70 percent and more. Deviations of
similar magnitudes were also obtained for the other cases.
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Vertical Shear Max. Prine. Min. Prine.
Ana- Stress Stress Stress Stress
lysis Stress %Dev. Stress %Dev. Stress %Dev. Stress %Dev.

(MPa) from (MPa) from (MPa) from (MPa) from
Stand. Stand. Stand. Stand.

1:1.5 -.142 +184% -.615 +31% .272 +37% -1.054 +13%

1:2 -.050 - -.468 - .199 - -.929 -

1:2.5 -.012 -76% -.382 -18% .166 -17% -.831 -11%
1

Table 16.6: Stresses Near Centre of Infill (Va.rying Aspect Ratio Analyses)

Analysis Stiffness Stitrnesa Stjtr. Inf. fi. Stitr. Inf. Fr.
Type of Infllled ofBare Stitr. Bare Fr. - Stitr. Bare

Fr. (kN/mm) Fr. (kN/mm) Fr. (kN/mm)

STANDARD 91.30 19.15 4.8 72.15

1:1.5 104.28 22.70 4.6 81.58

1:2.5 84.70 16.57 5.1 68.13

1/21b 84.80 11.78 7.2 73.02

21b 101.35 27.87 3.6 73.48

1/21c 86.88 13.93 6.2 72.95

2Ic 97.82 23.56 4.2 74.26

Table 16.7: Compa.rison of Stiffness Response Between Infilled Frames and Corresponding
Bare Frames
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16.5 Snrnrnary of R~~ùts

The parametric study of the single-storey module was carried out using the analytical
technique deve!oped. The parameters investigated included: (i) the beam stiffness, (ii) the
column stiffnesses, and (iii) the aspec~ ratio of the infilled frames. In addition, analyses of
the moment-resisting frames without infills were performed to determine the magnitude of
the stiffening effect of an infill with a 25-mm gap at the top. It should be noted that exact
compatisons of the results were not possible because the discrete method of analysis was
inherently incapable of producing a unique solution for the continuously variable length of
contact problem. Neverthe!ess, a good understanding of the behaviour of the infilled frame
was obtained.

Varying the beam stiffness by a factor of 0.5 or '} produced a difference in the calculated
stiffness response of the infilled frame of approximate!y ±10 percent. The lengths of contact,
however, between the infill and the frame were not significantly affected by the change in
beam stiffness. The difference in the calculated stiffness response of the infilled frame as
a result of varying the bea.m stiffness, was due to the decrea.se or increa.se in the frame's
flexibility. The length of contact between the infill and the lower beam was approximate!y
0.2L compared with 0.5L for a fully infilled frame.

When the column stiffnesses were varied by a factor of 0.5 and 2, the difference in the
infilled frame's stiffness response was of +5 and -1 percent, respective!y. A significant in­
crea.se in the length of contact against the left column wa.s observed when the stiffnesses
of the columns were doubled. Although part of the increa.se in the infilled frame's stiffness
response, for the double-inertia column mode!, was due to the increa.se in the frame's stiff­
ness, it is believed that part of the increa.se was also due to the more broa.dly distributed
interaction between the infill and the frame.

Varying the aspect ratio of the infilled frame from 1:1.5 to 1:2, and to 1:2.5, resulted in
successive reductions of approximate!y 10 percent in the infilled frames' calcu1a.ted stiffness
responses. The grea.ter the length-to-height ratio, the more i1exible the infilled frame. In
general, normalized values of the contact lengths were proportionate!y greater for the 1:1.5
analyses than for the other cases, but the normalized values of the contact lengths for the
1:2 model were not significantly different from those of 1:2.5 mode!.

The vertical, shear, tensile, and compressive stresses were maximum near the top-left
corner of the single-storey module. This is different from the fully infilled frames previously
studied (Stafford Smith 1967) in which the maximum shear stress and maximum tensile
stress occurred at the centre of the infill.

The stiffnesses of the representative infilled frames with a gap at the top were 3.6 to 1.2
times greater than those of their corresponding bare moment-resisting frames. The effect of
the infill on the frame-member moments wa.s to reduce them by approximate!y 10 percent
or more.
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CHAPTER 17

RESULTING STRESSES IN INFILLS VS. STRENGTH
OF INFILLS

It was deduced in the previous chapter that non-loadbea.ring infill walls attract signif­
icant bracing loads. Therefore, in this chapter the walls are to be checked for possible
excessive stress due to the interaction forces. Three potential modes of fallure for plain hol­
low concrete black walls subjected to in-plane lateralloads are described, and the estimated
strengths of the three modes of fallure for the previously analysed infilled frames are exam­
ined. On the basis of existing theories for the fallure of masonry as a composite anisotropie
material, the ca.lculated strengths of th~ infills are compared with the resulting analytica.l
stresses, and predicted fallure loads are compared with existing experimental evidence.

17.1 Failure Criteria for Blockwork Infills

The possible modes of fallure of an infill subjected to in-plane lateralloads inc1ude shear
failure along the critica.l bed and head joints, tension fallure through the black, mortar and
grout (Hamid and Drysdale 1981), and crushing of a corner of the infill agaïnst a column
(Sta.fford Smith 1966). It has been shown experimentally that the shea.r of in-plane lateraJ1y
loaded infills is a very important fallure criterion, particularly for plain hollow concrete black
walls.

17.1.1 Shear Strength

To study the shea.r strength of masonry, experimental tests on masonry wall mode1s and
full-sca.le walls, in particular plain hollow concrete black walls, subject to in-plane for~es

have demonstrated that fallure is chara.cterized by a step-like diagonal cracking through the
bed and head joints due to debonding between the blacks and the mortar. This is liallle
to occur especially when the joints are subjected to low levels of transverse compre'~sion

(Simms 1964, Scrivener 1969, Fattal 1977, Drysdale et al. 1983, Woodward and Ra.nkin
1985). Tests on masonry assemblages and prisms under combined shear and compression
loading have also indicated shear-slip ÎilHure of the joints at low normal compressive stresses
(Hamiè et al. 1979, Hamid and Drysdale 1980a, Hamid and Drysdale 1980b, Atkinson et .
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al. 1989).

Experiments have been performed elsewhere to study the interface conditions between
an infilled concrete black wall and its surrounding steel frame (Pook and Dawe 1986).
They also studied the effect of a 2Q-mm gap between the wall and the roof beam. Cracks
occurred along the horizontal joints, and there wa.s slight evidence of diagonal cracking
for these specimens. In another study, reverse cyclic in-plane shear tests were performed
on masonry-infilled steel frames with and without a gap at the top. The plain concrete
blockwork infill with a 2 in. (50.8 mm) gap ootween the top of the wall and frame developed
cracks which propa.ga.ted in a step-wise fashion through the mortar joints.

The failure load of the infill for the above described shear mode of failure is related
to the simultaneous combination of shea.r and compressive stresses induced at all positions
in the infill, as a result of the frame lea.ning on it when the structure is subjected to the
externallateralloa.ding. It has been shown experimentally that, it most cases, Coulomb's
theory of internal friction ca.n rea.sonably predict the joint shea.r strength of masonry walls
(Mayes and Clough 1975, Hegemier et al. 1978, Ha.mid et al. 1979, Ha.mid and Drysdale
1981, Drysdale et al. 1983, Woodward 1984, Wan Qinglin and Yi Wenzong 1986, Pook et
al. 1986, Essawy and Drysdale 1986, Atkinson et al. 1989).

Coulomb's theory of internal friction ca.n be expressed as

T = To + JUI"

where T = shear bond strength on the mortar bed joint,
To = pure shear bond strength of the bed joint when no normal compressive

stress is present,
J1 = coefficient of friction between the mortar and the masonry units, and
U" = normal compressive stress on the mortar joints at failure.

11.1.2 Tensile Capacity

(17.1)

Failure criteria for the tensile strength of ungrouted and grouted unreinforced concrete
masonry have been developed by Drysdale and Ha.mid (1984). These criteria account for
the variation in strength due to the anisotropic nature of masonry, and have been shown
to compare well with e::perimental results from splitting tests of ungrouted and grouted
masonry disks. The diagonal tensile strength is described as a function of the strengths
normal and parallel to the bed joints, which in tum are a function of the strength and
geometric characteristics of the black, mortar and grout. Two possible failure modes were
considered in the development of the failure criteria for diagonal cracking. For failure
mode l, which is splitting failure along a plane passing through the hea.d joints and the
blocks' face shells, the strength for ungrouted masonry is given as

..~
<>

(17.2)
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where fttl. = diagonal tensile strength of masonry,

'1vm =ratio of mortared area of head joint to gross area,
'1" = net-to-gross area ratio of black,
O"tbm = tensile bond strength of mortar,
'1v!> = net-to-gross area ratio of black in a vertical cross section crossing

face shells just beside intermediate web, and
O"tbl = splitting tensile strength of black.

For fallure mode II, which for nngrouted masonry accurs at the black-mortar interfaces
by tensile bond fallure along the head joints and shear bond fa.ilure along the bed joints,
the strength (nngrouted) is given as

(17.3)

where 2a = nominallength of black,
b = nominal height of black, and
T = bond shear strength of mortar bed joints.

The minimum of the strengths calculated from the above two equations, 17.2 and 17.3,
governs.

17.1.3 Compressive Strength

For most practical ranges of masonry unit and :œortar strengths, the previously described
'stepping' shear and diagonal cracking fallure modes will normally control. Therefore, the
compressive fa.ilure load will be estimated very roughly by comparing the maximum com­
pressive stress with the ultimate compressive strength of the masonry. It is a crude means
of determining the compressive fallure load, because the ultimate compressive strength of
masonry varies with direction due to its anisotropic nature.

The ultimate compressive strength of masonry, denoted as f:", is tabulated in the Cana.­
dian Standard on "Masonry Design for Buildings" (1984). For hollow concrete blackwork,
the values reported in the most recent edition of this design standard, (1984), are based
on a mortar·bedded area instead of a net area. The mortar-bedded area is defined as the
horizontal area of mortar in a bed joint in full contact with both the masonry unit above .
and the masonry unit below, and includes the horizontal area of the voids in solid units
and grouted voids in hollow units. As expla.ined by Maurenbrecher (1986), since in nearly
all cases mortar is laid on the face shells of the black, the use of the mortar-bedded area
is more conservative and, therefore, more logical b::~'l.use it is often considerably smaller
than the net area of the black. As a result, the ultimate axialload capacity for face-shell
bedded blackwork is significantly reduced. The ultimate compressive strength, f:", for con­
crete blockwork, as given in the most recent edition of the Cana.dian standard on "Masonry
Design for Buildings" (1984), is presented in Table 17.1.
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Compressl•• UlUm.te comprasl•• Ilrenglh 01
Itr.nglh 01 concrete block mlllOnry
block, MP.
(n.t area)" Types M and S morter Type N morter

SoUd and SoUd and
HoUow grouted HoUow grouted

40 plus 22 17 14 10.5
30 17.5 13.5 12 9
20 13 10 10 7.5
15 9.8 7.5 8 6
10 6.5 5 6 4.5

"Unear interpolation is permit/ad.
Note: Requirements for concrete block masonry units are included in CSA
Standards Jl165.1-M and A1S5.3·M.

Table 17.1: CSA Code VaJues of f:" for Concrete Black Masonry (Masonry Design for
Buildings 1984) .
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17.2 Checking Strengths ofthe Representative Infills Against

Analysed Lateral Load Stresses

17.2.1 Checking Shear Strength of Infills Against Shear Failure

To calculate the masonry shear strength, Eq. 17.1, ofthe representative infills, the coefficient
of friction between the mortar and masonry units, and the pure bond shear strength of the
bed joints, when no compressive normal stress is present, are required.

In a paper on the shear strength of concrete masonry joints (Hamid et al. 1979), the
following equation was deduced from experimental tests onungrouted masonry (6 in. (150­
mm) blacks with type S mortar)

T = 76 + 1.070'" (psi)

or T = 0.524 +1.070'" (MPa) (17.4)

Therefore, referring to the expression reported in the Cana.dian Standard on "Masonry
Design for Buildings" (1984), that is,

v = Vm +0.3/""

where v = T = shear bond strength of mortar bed joint,
Vm = To = pure shea.r bond strength of the bed joint when no normal

compressive stress is present,
la = 0'" = normal compressive stress on the mortar joints at failure,

(17.5)

and compa.ring it with Eq. 17.4 for the ungrouted specimens under precompression between
o-200 psi (0 - 1.4 MPa), indicates that a safety factor ranging from 2 to 3 is applied.

In another study by Pook et al. (1986), it wa.s found experimentally that the initial
ultimate shear strength of inasonry joints subjected to compressive stress was

T = 753 +0.70'" (kPa)

and for specimens subjected to cyclic loads, the ultimate shea.r strength was

T = 430 +0.70'" (kPa)

(17.6)

(17.7)

c

The authors also mentioned that the expression stated in the 1978 Cana.dian Standard
on "Masonry Design and Construction for Buildings", which is also repeated in the most
recent edition of the Cana.dian Standard on "Masonry Design for Buildings" (1984), Eq.
17.5, incorporates a safety factor of 3 to 4. The results from this study do not dift'er
significantly from other studies (Hamid et al. 1979, AIya and Hegemier 1982).
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On the basi's of the experimental results reported above, a safety factor of 2 was used
in this study, and was applied to the values of the coefficient of friction and the pure shear
bond strength reported in the Canadian Standard "Masonry Design for Buildings" (1984).
The Code suggests Eq. 17.5 for the design of shear walls with Il,,,, the 'pure shear bond
strength, equal to 0.23 MPa. Therefore, the ultimate shear strength in this study was taken
as

T = 0.46 +0.60'n (MPa) (17.8)

To check the shear stresses in the reprel'entative infills analysed in Chapter 16, the
shear and vertical compressive stresses at ea.::h node of ea.ch element in the infills were
extracted. These were entered in a Lotus (1986) spreadshœt, and the joint shear strength
was calculated using Eq. 17.8 for ea.ch node. The shear stress at ea.ch node was then
checked against the corresponding joint shear strength. Critical regions, that is where the
shear stress exceeded the shear strength, for each of the infilled frames analysed in Chapter
16 were determined, Fig. 17.1. Then, from a drawing of the mesh with the arrangement of
the blacks superimposed, the values for the shear strength and stress along the joints were
obtained by interpolation. This is shawn in Fig. 17.2 for the standard infilled frame a.nalysis
as a.n example. The average shear strength a.nd stress over a black length was then found.
From these, the loads to initiate joint shear fa.ilure were calculated for different critical joint
locations, and a worst load was chosen for each a.nalysis, Table 17.2.

17.2.2 Checking Tensile Strength of Infills Against Tensile Failure

The diagonal tensile strength was calculated using Eqs. 17.2 and 17.3. For the representative
infills analysed, the following property values are appropriate:

1/"", - 1.0

1/h = 0.56 (Table 14.1)
::

1/v6 - 0.61

0'1b! - 1.9 MPa (Drysdale a.nd Hamid 1982)

0'1"'" - 0.59 MPa (Drysdale and Hamid 1984)
a

1=
b

Substituting into Eqs. 17.2, lI.nd 17.3 respectively, and using T = .46 MPa for Eq. 17.3,
the following diagonal tensile strengths are obtained

Failure Mode 1: fla = ~ [Gtl.O) +0.56) 0.59 + ~(O.61)(1.9)]
= 0.80 MPa
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On the basis of the experimental results reported above, a safety factor of 2 was used
in this study, and wa.s applied to the values of the coefficient of friction and the pure shear
bond strength reported in the Cana.dian Standard "Ma.sonry Design for Buildings~ (1984).
The Code suggests Eq. 17.5 for the design of shear walls with Vm , the pure shear bond
strength, equal to 0.23 MPa.. Therefore, the ultimate shear strength in this study was taken
as

T = 0.46 +0.6CTn (MPa) (li.8)

To check the shear stresses in the representative infills analysed in Chapter 16, the
shear and vertical compressive stresses at each node of ea.ch element in the infills were
extracted. These were entered in a Lotus (1986) sprea.dsheet, and the joint shear strength
was calculated using Eq. 17.8 for ea.ch node. The shear stress at each node was then
checked against the corresponding joint shear strength. Critical regions, that is where the
shear stress exceeded the shea.r strength, for each of the infilled frames analysed in Chapter
16 were determined, Fig. 17.1. Then, from a drawing of the mesh with the arrangement of
the blacks superimposed, the values for the shea.r strength and stress along the joints were
obta.ined by interpolation. This is shôwn in Fig. 17.2 for the standard infilled frame analysis
as an exa.mple. The average shea.r strength and stress over a black length was then found.
From these, the loads to initiate joint shear fa.ilure were calculated for different critical joint
locations, and a worst load was chosen for each analysis, Table 17.2.

17.2.2 Checking Tensile Strength of Infills Against Tensile Failure

The diagonal tensile strength wa.s calculated using Eqs. 17.2 and 17.3. For the rcpresentative
infills analysed, the following property values are appropriate:

1)_ = 1.0

1)" = 0.56 (Table 14.1)
-,

1)vb = 0.61

O'lb/ = 1.9 MPa (Drysdale and Hamid 1982)

O'l/>m = 0.59 MPa (Drysdale and Hamid 1984)
a

1=b

Substituting into Eqs. 17.2, and 17.3 respectively, and using T = .46 MPa. for Eq. 17.3,
the following diagonal tensile strengths are obta.ined

~:1m,--
Fa.ilure Mode 1: fld = ~ [G(1.0) +0.56) 0.59 + ~(0.61)(1.9)]

= 0.80 MPa
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(a) standa!"d

-
(e) 2I

c

Note: shading indicates critical regions where shear stress exceeded
shear strengthc
(f) 1:1.5 (g) 1:2.5

Figure 17.1: Regions Where Shear,Stress Exceeded Shear Strength
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ANALYSIS SHEAR FAILURE TEHSILE FAILURE COMPRESSIVE FAILURE
SHEAR SHEAR FAILURE TEHSILE TEHSILE FAILURE COMPRESSIVE COMPRESSIVE FAILURE

STRENGTH STIlF.SS LOAD STRENGTH STRESS LOAD STRENGTII STRESS LOAD
(MPa) (MPa) (kN) (MPa) (MPa) (kN) (MPa) (MPa) (kN)

Standard 0.65 0.96 77.7 0.78 0.68 149 10 6.2 210

1/21b 0.64 1.04 69.5 0.78 1.0 101 10 7.1 183

21b 0.61 0.84 86.7 0.78 0.55 184 10 5.1 255

1/21 0.64 0.99 73.8 0.78 0.73 139 10 6.3 206
c

21 0.59 0.90 77.7 0.78 1.6 63 10, 5.8 224
c , . ,

1: 1.5 0.67 1.05 71.2 0.78 0.80 127 1 10 . " 6.0 217

1:2.5 0.75 1.17 68.0 0.78 1.2 85 10 6.2 210

Table 17.2: Loads to Initiate Failure for Various Modes of Failure



Fallure Mode II: ftd
2=3[(1.0 +0.56)0.59 + (1)(0.56)(0.46)]

=0.78 MPa. (17.10)

,­, ::-

For the representative examples studied, Eqs. 17.2 and li.3 gave similar values. Al­
though failure mode II (debonding fallure), Eq. li.3, is more critical than Mode 1 (splitting
fallure), Eq. 17.2, because of the va.riability of the properties of the materials involved, the
tensile fallure mode for the infills in this study could essentially have been 1 or II.

To determine the loads at which tension fallure would accur in the representative infills,
the diagonal tensile ca.,a.city calculated ir. Eq. li.10 was checked aga.inst the maximum
principal (tensile) stresses.

F:om the contour plots of the maximum principal stresses presented in Chapter 16, it
was observed in all the analyses that high tensile stresses accurred near the boundaries.
Away from the bounda.ries the tensile stresses decreased, to increase agaln slightly near the
centre of the infill. At the bounda.ries very high tensile stresses, ranging from 2.2 to 3.8 MPa.,
occurred. These, however, were disca.rded for comparison purposes, since at the bounda.ries
the concentrated applied loa.ds would tend to ca.use areas of very high stress concentration.
Adjacent to the boundaries, the tensile stresses were also high, but they decreased gra.dually
as the distance from the bounda.ry increased. Therefore, for compa.rison purposes, the stress
at the first nodes in from a bounda.ry was chosen as the maximum tensile stress in the infill.
In all the analyses this accurred near the upper·left bounda.ry. The resulting tension fallure
loa.ds for ea.ch of the analyses are also recorded in Table 17.2.

17.2.3 Checking Compressive Strength of InfiIls Against Compressive
Failure

To determine the ultima.te compressive strength of ma.sonry based on the Cana.dian Standard
for "Masonry Design for Buildings" (1984), from which the relevant table for concrete block
masonry is reproduced in Table 17.1, the compressive strength of a unit black based on
its net area is required. Smith et al. (1979) reported a value for the net-area compressive
strength for regula.r strength blacks, based on studies performed by the Portland Cement
Association, of appraximately 14 MPa. Therefore, the ultimate compressive strength for
the representative hollow concrete black infills assumed in this study is appraximately 10
MPa, Table 17.1.

To determine the loa.ds at which compressive fallure accurred in the representative infills,
the 10 MPa ultimate compressive strength of the ma.sonry was checked agalnst the maximum
compressive stresses in the infills.

It is evident from the contour plots presented in Chapter 16 that, as expected (Stafford
Smith 1966), the maximum compressive stresses accurred along the bo'Jnda.ries of the com·
pressive corners. Similarly to the values a.dopted for the maximum tensile stresses, the
values of maximum compressive stresses at the first nodes in from the boundaries were
used for the strength assessment, beca.use of the high stress concentrations accurring on the
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boundaries. On this basis, the absolute1y maximum compressive stress occurred just next
to the upper-left boundary for a.11 of the analyses. The resulting loa.ds to cause compressive
failure near the top compressive corner are shown in Table 1;.2.

17.2.4 Summary of Results

Referring to Table 1;.2, in a.11 the ana.lyses except one, a joint shear fallure occurred, under
a state of shear-compressive stress. The loads at which this occurred ranged between 68 kN
and 87 kN. It should be noted that the effect ofthe infill weight, which was not included in
the ana.lyses, would have increased the shea.r strength by only two percent. The only case
in which the infill did not fail due to a joint shea.r fa.ilure, was the double-inertia column
ana.lysis. In this case, the failure mode was a tension-s!:lea.r debonding fa.ilure; that is,
tensile bond failure a.long the hea.d joints and shea.r bond fa.ilure a.long the bed joints. The
failure load for the double-inertia column case was 63 kN. From the comparisons of ultimate
strengths with the states of stress obtained from the ana.lyses, in none of the cases' could
compressive failure have occurred, since the loa.ds corresponding to this mode offa.ilure were
much greater than the debonding fa.ilure loads.

The conclusion that the shea.r debonding mode of fa.ilure would occur for a.11 the cases of
the representative infills is supported by experimenta.l studies performed by other researchers
on similar types of infilled frames. In a study in which cyclic in-plane shea.r tests were
performed on a semi-confined steel frame with a concrete black infill, it was observed that
the specimen with a two-inch (50-mm) gap at the top deve10ped cracks which propagated
in a step-wise pattern through mortar joints (Wolde-Tinsa.e and Raj 1986). In another
study (Dawe and Yong 1985) in which the effects of interface conditions between a concrete
blockwork infilled steel frame were studied, crack patterns in experimenta.1 tests of a frame
with a 20-mm gap at the top of the infill showed that a great number of cracks occurred
a.long the horizonta.1 joints, with some diagona.l cracking and a very slight suggestion of
tensile splitting fa.ilure starting in the blacks' face she1ls.

Table 17.3 presents fa.ilure and cracking loa.ds obtained in some experimenta.l inves­
tigations of frames infilled with concrete blockwork ma.sonry. Although the sizes of the
specimens tested were not the same as the infilled frames ana.lysed in this study, a compar­
ison of the failure loa.ds reported in Table 17.3 with those determined for the representative
infills, Table 17.2, demonstrate that the latter are of rea.listic magnitude.

Tests have indicated that even a.fter sustaining severe diagona.l cracking damage, some
masonry wa.11s are capable of ca.rrying increased latera.lloading due to the redirection of the
stress trajectories resulting in a multiple strut action of the infill (Scrivener 1969, Pook et
a.l. 1986, Pook and Dawe 1986, Shing et a.l. 1987).

As a fina.l notE;, it should be mentioned that a.lthough failure loads in masonry are, in
most cases, obtained on the basis of a strength criterion, a serviceability criterion could a.lso
be deterrnined on the basis of an a.11owable interstorey drift.
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Source Wall Mortar Failure Crack
Type Load Load

(kN) (kN)
Simms (1964) 15~mm hollow 1 : 1 : 6· 127·167

cillY block
(t.quare)

FMtal (1977) 200-= hollow Type S
concrete block

h/L = 1 72.5-139.5
h/L =2 77.5-97.1

h/L =0.5 86.1-101.4
Pook &. Da.we 200-mm hollow TypeS

(1986) concrete black
(infilled fnme

with gap)
without col. ties 169

with col. ties 200

* (cement: lime: sand) by volume

Tllble 17.3: Failure or Crack Loa.ds for Hollow Block Specimens
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CHAPTER 18

MODELLING THE INFILL IN THE OVERALL
STRUCTURE ANALYSES

Having established tha' the non-loadbearing blockwork infills, as they are designed in
practice, have a significa.nt stiffening effect, it was necessa.ry to develop simple techniques
to model these in the analyses of the total structure. Severa.! equivalent strut models
were developed and evalua.ted on the basis of their a.ccura.cy in correctly representing the
intera.ctive behaviour of a moment-resisting frame and a masonry infill wall with a gap at
the top.

18.1 Simple, Single-Diagonal Strut Madel

In the simple, single-diagonal strut model, Fig. 18.1, the diagonal bracing strut is assigned
a cross-sectional area to give a horizontal stif!'ness equivalent to the effect of the infill within
the frame. To obta.in the effect of the stiffness of the infill within the frame, the lateral
stiffness of the bare moment-resisting frame was subtra.cted from the lateral stiffness of the
corresponding infilled frame. The a.ccura.cy of this model, and the other models to follcw,
was checked by comparing the interstorey drifts and the frame-member moments obta.ined
from the 1a.teralload analyses of single-storey representations of the modelled frames, with
those obta.ined from the deta.iled lateral load analyses of the single-storey representative
infilled frames.

The horizontal stiffness of a single-diagonal bra.ced frame, ta.king into a.ccount the axial
deformations of the beam, is given as

(18.1)

(

where L = lengih of beam,
d = length of diagonal,
E = modulus of elasticity of frame members,
E. = modulus of elasticity of diagonal (infill),
Ab = cross-sectional a.rea of beam, and
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Figure 18.1: Simple, Single-Diagonal Strut Model
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Ad = cross-sectional ar"a of diagonal.

The stiffening effect of the infill was calculated for each of the case models analysed in
Section 16.4 and the results are presented in Table 16.7. By equating the expression in Eq.
18.1 to the stiffness values for the effect of the infill reported in Table 16.7, and substituting
the appropriate properties of the beam and the diagonal, the sectional area of the diagonal
was obtained for each of the cases, Table 18.!.

As a check, a lateralload analysis was performed on the simple diagonal braced frame
mode! for each representative infilled frame. Th<:l interstorey drifts are presented for each
analysis in Table 18.1. The deviations from the detailed finite e!ement analyses of the
representative infilled frames are also recorded in Table 18.1. The interstorey drifts of the
single-diagonal braced models agree very close!y with those of the detailed analyses, having
an error of approximate!y 1 percent due to rounding oil' the values of the diagonals' sectional
areas.

The resulting frame-member moments are compared with those obtained from the de­
ta.iled infilled frame analysis of the standard mode! in Fig. 18.2. The ma.ximum moments
in the leit column, right column, and beam were grossly underestimated. by as much as
48 percent. Similarly large deviations, of up to -60 percent, occurred in the frame-member
moments of the other models. The errors in the member moments were 0: this magnitu~e

because the mode! does not account for the forces that the infill applies transversely to the
frame members over their lengths of contact with the infill; hence the second action con­
tributing to the distribution of the frame-member moments, which was described in Section
16.1, is neglected in this mode!.

Therefore, the single-diagonal strut mode! gives "correct" interstorey drifts, provided
that a detailed finite e!ement analysis of the infilled frame has been performed first to obta.in
the correct sectional area of the diagonal. It has the advantages of extreme simplicity in
concept and in its use for analysis. It has a major disadvantage, however, in that it does
not produce the correct frame-member moments.

18.2 Column-to-Column Strut Model

The more sophistica.ted column-to-column strut mode!, Fig. 18.3, consists of a diagonal
bracing strut, extending from a point near the top of the left column, a distance ml from
the top left corner, and ending near the bottom of the right column, a distance m2 from
the bottom right corner. By this arrangement, the horizontal component of the force in
the strut acts transverse!y to the columns, causing them to bend similarly to those in the
actual infilled frame.

The infilled frame's interstorey drift and the moments at the ends of the columns,
resulting from a detailed finite e!ement analysis of the infilled frame module, were used in
combination with an energy analysis of the equivalent column-to-column frame model to
obta.in the values of the sectional area of the strut, and its locations ml and m2 on the
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Interstorey Interstorey Deviation of
Analysis Area of Drift !rom Drift !rom Strut Model

Strut Detailed Anal. Strut Model from Detailed
(mm2) (mm) (=) Analysis

STANDARD 62670 1.4239 1.4406 1.2%

1/21b 63521 1.5330 1.5450 0.8%

21b 63972 1.2827 1.3028 1.6%

1/21c 63452 1.4963 1.5097 0.9%

2Ic 64737 1.3290 1.3474 1.4%

1:1.5 64970 1.2467 1.2597 1.0%

1:2.5 67538 1.5348 1.5546 1.3%

Table 18.1: ResuIting Interstorey Drifts for Simple Diagonal Strut Model
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columns. The energy analysis of the mooule, for a given lateral displacement, consisted of
equating the strain energy of the braced frame model to the external work done. Bending
in the columns and the beam, and axial deformations in the diagonal bracing strut and
the beam all contribute to the intemal strain energy of a single-storey representation of the
modelled frame. The bending moment diagrams <'Xe shown for each of the columns and the
beam in Figs. 18.4, 18.5, and 18.6, respectively. The bending moment diagrams for the left
and right columns are presented as the superposition of the bending moment diagram due
to racking of the frame, Figs. 18.% and 18.5a, respectively, and of the bending moment
diagram due to the horizontal component, P, of the force in the bracing strut, Figs. 18.4b
and 18.5b, respectively. The resulting bending moment diagrams are shown for each of
the columns in Figs. 18.4c and 18.5c. The bending moment diagram for the beam, Fig.
18.6, corresponds to that or a typical beam of a multi-storey structure bending in double
curvature, with the moments at each end equal to the sum of the moments at the bottom
anC: top of the corresponding connecting column.

Before the cross-sectionai area of the bracing could be obtained from the energy analysis,
live other unknowns had to be solved: the vertical distances, ml and m2, of the ends of the
strut from the comers, the values of the moments due to racking of the frame for each of
the columns, z and y, and the force in the strut. Four equations cau be written relating the
unknowns to the moments at the ends of the columns (MA, MB, Mc, and MD) resulting
from the detailed finite element analyses of the infilled frames, Figs. 18.4 and 18.5,

(18.2)

(18.3)

(18.4)

(18.5)

The fifth equation represents the equilibrium of the horizontal forceS acting on the free­
body diagram of the strut model shown i::: Fig. 18.7, that is

(18.6)

where Q = external lateralload,
P = horizontal component of the force in the strut,
Vi = shear in left column between location of strut and bottom comer, and
V2 =shear in right column between location of strut and top comer

VI and V2 were calculated from the known moments in the columns.

Solving Eqs. 18.2 and 18.3 simultaneously, the horizontal component, P, of the force in
the strut can be expressed in terms of ml as
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p=(MA-MB)h
ml(h-md

(18.7)

The shear, Vl , in the left column between the location of the strut and the bottom
corner is given by

V
l
=W'+MB

(h-md

Using Eq. 18.7 and referring to Fig. 18.4 gives

Substituting this into Eq. 18.8 yields

Vi = 2MBh - (MA +MB)ml
h(h - ml)

(18.8)

(18.9)

(18.10)

Similarly, an expression for the shear, V2, in the right column hetween the location of
the strut and the bottom corner can be obtained

V2 =2Mch - (Mc +MD)m2
h(h- m2)

Substituting Eqs. 18.7, 18.10, and 1&.11 into Eq. 18.6 gives

(18.11)

Q _1: [2MEml h - (MA +MB)m~ +(MA - MB)h2 +2Mch - (Mc +MD)m2] = 0
h ml(h - ml) (h - m2)

(18.12)

Solving simultaneously Eqs. 18.4, 18.5, and 18.7 yields

(18.13)

Eqs. 18.12 and 18.13 are a function of the unknowns ml and m2. Using these equations,
ml and m2 tan be solved by trial and error.

The total strain energy, U, for the structure can he expressed as
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u = (TlL) + (TlL) + ({ M2dX) +
2EA d;og. 2EA leo.. iL 2EI lef' col.

([ ~>X)~ght~.+([ ~~d:r) leo..
(18.14)

Substituting for the appropriate variables, and equating the strain energy, U, to the
external work, W, the following expression is obtained

p2tJ,3 R
2
L (1) ( 1)

W = 2L2A~Ed + 2EAb + 2Ele (h + 12) + 6Elb (h)

h f (!!!J.) (M2 M _.J •.12) (M~+w'3)(h-",)w ere 1 = 3 A + AW +w- + 3(MB+w') ,

f - (!!!J.) (M2 +MDr + zt2) + (APç+z")(h-..,) and
2 - 3 D 3(Mc+z') ,

(18.15)

In Eq. 18.15, R is the axial force in the beam, vf and r are the moments as defined in
Figs. 18.4 and 18.5, and le and lb are the moments of inertia of the columns and the beam,
respective1y. Rearranging Eq. 18.15 yie1ds the following expression for the sectional area of
the strut

(18.16)

where W = ~Qc5 and c5 =the interstorey drift,

p

R _ Q _ [2Mch-IMp+Mc)..,]- h(h-".l'
_.J _ MRh-IM.+M"I..! d
W - h ,an

z' _ Mch-IMc+Mpl...
- h

c
To summarize, by using the interstorey drift and the moments at the ends of the columns

resulting from the detailed analysis of the infilled frame, ml and ~ are first solved using
Eqs. 18.12 and 18.13, and finally the cross-sectional area of the diagonal strut is obtained
by solving Eq. 18.16.
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The values of ml. m2, and the cross-sectional areas of the equivalent diagonal struts
were computed for each model, Table 18.2. Generally, the stiffer the frame, the larger the
values of ml and m2 except for the cases in which the column stiffnesses were varied. That
is, the greater the moments at the ends of the frame members, the greater are the lengths
ml and m2' In the case of the varying column stiffnesses analyses, however, the frame­
member moments decreased with increasing column stiffnesses, for the reason explained in
Section 16.2, thus ml and m2 decreased as the column stiffnesses increased. The sectional
areas of the struts were not significantly affected by the changes in the stiffnesses of the
frame members and the aspect ratios of the infilled frame, while the values of ml and m2

were.

To check the accuracy of the model, a lateralload analysis was performed on the cclumn·
to-column strut model for each representative infiIled frame. The interstorey drifts are
presented and compared with the results of the detailed fini te element analyses for each
model in Table 18.2. The interstorey drifts of the column-to-column model compare well
with those of the detailed analyses, with deviations of 1.8 to 4.2 percent.

The frame-member moments from the strut model are compared with those obtained
from the detailed finite element analysis of the standard model in Fig. 18.8. The ma.ximum
moment in the left column was closely approximated, while the maximum moments in the
right column and the beam were underestimated by 14 and 20 percent, respectively. For
the other models, the moments in the left column were also closely represented, but the
maximum moments in the right column and the beam were underestimated by 9 to 33
percent. Although this model accounts for the forces that the infill applies transversely to
the lengths of contact between the columns and the infill, it does not account for the force
that the infill applies to the beam; therefore, the moments at the bottom-right corner were
underestimated, in both the beam and the column at that corner.

The column-to-column strut model predicts the interstorey drifts weIl, again provided
that a detailed finite element analysis of a single-storey infilled frame module has been
performed first to obtain the sectional area and position of the diagonal. It also gives a
very good estimate of the moments in the left column, but underestimates the ma.ximum
moments in the right column and the beam by as much as 33 percent.

18.3 Column-to-Beam Strut Madel

The alternative column-to-beam strut model in Fig. 18.9 consists of a diagonal bracing
strut, which extends from near the top of the left column at a distance ml from the top-Ieft
corner, to near the right end of the beam, at a distance m3 from the bottom.right corner.
By this arrangement, the horizontal component of the force in the strut acts on the left
column, and the vertical component on the beam, causing the left column and the beam to
bend similarly to those in the detailed finite element analyses.

The sectional area of the diagonal bracing strut for this model was determined similarly
to that of the column-to-column strut mode! on the basis of a prior detailed finite element
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I.D. from LD.from Deviation of
Analysis ml m2 Areaof Detailed Strut Strut Model

Strut . Analys;s Model from Detailed
(mm) (mm) (mm2) (mm) (mm) Analysis

STANDARD 200.664 181.511 i8306 1.4239 1.3890 -2.5%

1/2Ib 150.260 141.166 i89i9 1.5330 1.4691 -4.2%

2Ib 218.006 241.849 i9856 1.282i 1.2564 -2.0%

1/2Ic 187.841 230.301 77631 1.4963 1.4688 -1.8%

2Ic 93.442 113.611 77693 1.3290 1.2i28 -4.2%

1:1.5 221.451 234.i04 i88i1 1.2467 1.2148 -2.6%

1:2.5 138.0lï 61.596 77796 1.5348 1.5053 -1.9%

Ta.ble 18.2: Resulting Interstorey Drifts for Column-to-Column Strut Model
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analysis of a single infilled frame module. Using a procedure similar to that used in the
development of the column-to-column strut model, m~ and m3 are solved using the following
expressions

(18.18)

Then the cross-sectional area of the strut is given by

(18.19)

91 = (5.) (M2 +M vi + uf2) + IAPa+w")(h-mjJ
3 A A 3(Ms+w'j ,

93 =~[(Mc +MD)2 + (Mc +MD)( +1'2] + 3(J;';:~)+..)[(MA +Ms? +t13
]

The values of m~ and m3 were calculated for the standard model to be 215.886 =
and 267.952 =, respectively. While the cross-sectional area was 79336 mm2• From a
lateral load analysis of the column-to-beam strut model for the representative standard
infilled frame, the interstorey drift was 1.3322 mm, which dcviates by -6.4 percent from the
detailed finite element analysis.

The frame-member moments from the column-to-beam strut model are compared with
those obtained from the detailed finite element analysis of the infilled frame in Fig. 18.10.
The maximum moments in mil of the frame members are underestimated by as much as
30 to 53 percent. This model is arranged to a.ccount for the forces applied by the infill to
the left column and the beam, but does not a.ccount for the force applied by the infill to
the right column, which is evidently of great importance.
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It was concluded that the column-to-beam strut model 'wa.s ilot successf1l1 in correctly
representing the behaviour of the example infilled frame. The interstorey drifts and the
frame-member moments were not as well predicted as they were by the column-to-column
strut model.

18.4 Summary of Results

The simple, single-diagonal strut model, Fig. 18.1, correctly represents the interstorey drifts
of the infilled frames with a gap at the top, but grossly underestimates the frame-member
moments. The column-to-column strut model, Fig. 18.3, predicts well the interstorey drifts
and the moments in the left column and at the left end of the beam, but underestimates
the maximum moments in the right column and in the beam. While the column-to-beam
strut model, Fig. 18.9, estimates reasonably well the interstorey drifts, but does not predict
the frame-member moments as well as the column·to-column strut model.

A model which might better represent the behaviour of the infilled frame with a gap at
the top of the infill is shown in Fig. 18.11. It consists of a. strut, which extends !rom near the
top of the left column, a distance ml from the top-left corner as in the column-to-column
strut model, and has a slope equal to that of the strut for the column-to-column strut model.
At a distance m4 !rom the right oolumn the strut divides into two struts. One strut extends
to the right column, a distance n4 !rom the bottom-right corner, where n4 is greater than
m2 in the column-to-column strut model. The other strut extends to the beam, a distance
m3 !rom the bottom-right corner, where m3 is also probably greater than m3 in the column­
to-beam model. This arrangement should yield a larger moment at the bottom of the right
column and a larger moment at the left end of the beam than in the column-to-beam and
column-to-column strut models. Although with such a proposed model, the behaviour of an
infilled frame with a gap at the top of the infill would probably be better represented, the
large number of variables required to solve it makes it impractical. The Author suggests,
therefore, that the column-to-column strut model he used to obtain the correct interstorey
drifts and moments in the left oolumn, and that the moments obtained at the bottom of the
right column and at the right end of the beam be increased conservatively by 50 percent.
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CHAPTER 19

THE EFFECT OF INFILLS ON THE STATIC WIND
LOAD RESPONSE OF AN EXAMPLE STRUCTURE

The effect of the non-loadbearing infills on the static wind load response of a modified
version of the moment-resisting frame structure described in Part 1 was investigated. The
effects of the infills in the overall structure were simulated by using the column-to-column
equivalent strut mode! described in the previous chapter. To use the equivalent strut, a
detailed finite e!ement analysis of a typical intermediate storey of the infilled frame in the
example structure was required first. Having determined the size of the equivalent strut,
static wind load analyses of the moment-resisting structure, with and without the equivalent
diagonal struts, that is, with and without the effects of the infills, were performed and the
results compared.

19.1 Modelling the Example Structure

The modified moment-resisting frame structure, Fig. 19.1, differs from the representative
moment-resisting frame structure ofPart 1 in the locations, number, and sizes orthe columns
around the core, and in the beam on which the blockwork infills rest. The core is constructed
of 200X200X400 mm blockwork infill wal1s, with a 25-mm gap at the top of the infill, similar
to those of the representative infilled frames analysed in the previous chapters.

To study the building's static response, a three-dimensional analysis of the example
moment-resisting frame structure was required. Because the blockwork infills between the
corner columns of the core, that is, along axes 4 and 6, were represented by equivalent
struts, a half-plan mode!, rather than a quarter-plan mode! as in Part l, subjected to half
the loading, was analysed. A plan view of the computer mode! is shown in Fig. 19.2. The
columns were represented by beam-type e!ements. They were assigned their corresponding
f1exural inertias ".!'.d sectional areas. The rigid joint zone of the columns on the exterior faces
of the building were represented by rigid arms. The slabs were replaced by equivalent beams
with effective widths determined from the equations deve!oped by Coull and Wong (1981).
On the basis of these effective widths and the thickness of the slab, a horizontal axis of
inertia and a sectional area were evaluated and assigned to the beams. A realistic value for
the sectional area of the beams was important since the axial deformations of the beam were
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significant in the analyses of the representative infilled frames. To establish the conditions of
symmetry required for use of the half-plan model of the structure, the horizontal translation
of ail the nodes in the plane perpe::.:l.icular to the direction of the loading was restrained,
and the ends of the columns on the line of symmetry were restrained against rotation about
the axis of loading. The uniformly distributed lateralload of 1.268 kN/m2 simulating the
wind load was applied as equivalent concentrated loads, Fig. 19.2, at the floor levels.

19.2 Modelling the Infills

The blockwork wails between the columns at the corners of the core were modelled by the
column-to-column diagonal bracing struts described in Section 18.2. However, the infill and
the frame in the example structure did not have exactly the same dimensions and member
properties as any of the representative infilled frames aIready analysed. Therefore, to assign
a size to the equivalent strut for the infill in the example structure, it was necessary to first
perform a detailed analysis of a single-storey infilled frame using the particular infill size
and frame members of the example frame structure.

19.2.1 Detailed Analysis of Example Single-Storey Infilled Frame

The mathematical mode1 of the infilled frame for the detailed finite e1ement analysis is shown
zr. Fig. 19.3. The height-to-Iength ratio for the infill was 1:2.5, and it was represented by a
mesh of 836 membrane plane stress e1ements, as was the representative 1:2.5 mode1 analysed
in Chapter 16. The thickness and modulus of e1asticity assigned to the e1ements were those
of the concrete blockwork wall, that is, 200 mm and 10 kN/mm2 (10000 MPa), respectively.
The column elements were assigned the full flexural inertia, since there were no infills in the
adjacent bays, that is, 3.6X109 mm4• To eliminate axial deformations in the columns, the
column e1ements were assigned very large sectional areas. The beam e1ements were assigned
the full :fIexural inertia and axial area of the storey beam, that is, 2.0833X109 mm4 and
100000 mm2, respective1y. At the top, a link with an axial area equal to that of the storey
beam joined the tops of the columns. The frame members were assigned a modulus of
elasticity of 20 kN/mm2 (20000MPa). .

The structure, Fig. 19.3, was analysed for a 130 kN lateralload, as were the represen­
tative infilled frames in Chapter 16. Identica1 results were obtained at the 12th and 14th

iterations. That is, equilibrium must exist at some intermediate position between cycles
12 and 13. The interstorey drifts for cycles 12 and 13 were 1.8229 mm and 1.1830 mm,
respectively. The contact regions between the infill and the frame are presented for cycles
12 and 13 in Fig. 19.4, and the de:flected shape is shown for the most :flexible cycle of the
two-cycle interval in Fig. 19.5. The frame-member moments are shown in the diagram in
Fig. 19.6.

Digressing brie:fly, the results obtained from the above analysis will be discussed. The
analysis differs from the representative 1:2.5 model analysed in Chapter 16 in that it has
a smailer storey height, increased column stiffnesses and reduced beam stiffness. Although
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the number of membrane e!ements used in this analysis was identical to that of the repre·
sentative 1:2.5 model analysed in Chapter 16, the sma.ller storey·height caused the mesh to
be compa.ra.tive!y more refined. It was for this reason that the analysis stabilized around
two iterations rather than four as in the representative 1:2.5 mode!. The interstorey drift
from this analysis, for the most flexible iteration of the two-cycle interval, is 19 percent
greater than that of the representa.:ive 1:2.5 model. The combination of the differences
of this mode! from the representative 1:2.5 mode! caused the former to be a more flexible
structure. Consequently, in this analysis the frame-member moments were less than and
the infill stresses greater than those in the representative 1:2.5 mode!.

19.2.2 Equivalent Strut Model

To include the effect of the infills in the three-dimensional analysis of the example moment·
resisting frame structure, the column-to-column strut mode! was chosen.

Substituting the properties of the infilled frame and the frame-member moments ob.
tained from the detailed finite e!ement analysis into Eqs. 18.12 and 18.13, the values of ml
and m2 were calculated to be 58.757 mm and 20.431 mm, respectively. Using the resulting
interstorey drift from the detailed analysis also, the cross-sectional area of the diagonal
strut, was computed as 68791 mm2, Eq. 18.16. As a check, a lateral load analysis of the
single-storey representation of the modelled frame, Fig. 19.7, was performed, and the re·
sults compared witi1 ,tose of the detailed finite e!ement analysis. The interstorey drift for
the strut mode! was 5.5 percent less than that of the detailed analysis. The frame-member
moments were predicted within 2.5 percent in the left column and at the left end of the
bea.m, but were underestimated by approximate!y 35 percent in the right column and at
the right end of the bea.m.

To summarize, at every storey the infill extending between columns D6 and F6 in the
one-half structure mode! was represented by a diagonal strut beginning at one column. at
a distance of 58.757 mm from the floor above and ending at the other column at a distance
of 20.431 mm from the floor be!ow. The diagonal struts were assigned a sectional area of
68791 mm2•

19.3 Analyses and Results

The moment-resisting frame structure was analysed first without infills, that is without the
equivalent diagonal struts. The resulting top deflection of 84.98 mm, gave a drift inde"
of 1/598 which is well within the acceptable lituit. The overa.ll displaced shape of the
structure, Fig. 19.8, depicts the predominantly shear mode of displacement present in a
moment-resisting frame, and the sma.ll flexural component of displacement due to the axial
deformations in the columns and to their moment fucity at the base.

The structure with infills, that is including the equivalent diagonal struts, was then
analysed. The resulting top displacement was 63.58 mm, corresponding to a drift inde" of
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Figure 19.8: Deflected Sha.pes of the Modified Example Moment-Resisting Frame Structure
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1/799. The effect of the infills in one bay of the ha.lf-plan model of the structure was to
decrease the top displacement of the structure without infills by 25 percent. The stiffening
effect of the non-loadbea.ring infills in this example structure wa.s not as grea.t as that of the
cladding panels in Chapter 7. In the half-plan of the structure with the cladding panels,
however, two bays were 'braced' in the direction of the wind loading, while in that with the
infills, only one bay was 'braced'.

The defiected shape of the moment-resisting frame structure with the infills is also
illustrated in Fig. 19.8. This structure a.Iso exhibited a predominantly shear behaviour with
some fiexural behaviour. To better understand the modes of deformations of the structures
with and without the infills' effect, the resulting deformations are separated inta their
components in Figs. 19.9 and 19.10. The defiected shape of the example moment-resisting
structure without bra.cing consisted of a very small fiexural component and a larger shear
component, giving a predomînantly shea.r configuration, Fig. 19.9. The defiected shape
of the example moment-resisting frame structure with bra.cing, however, wa.s composed
of a larger fiexural component and a smaller shea.r component, but still resulting in a
predomînantly shear behaviour. Fig. 19.11, in which the displaced shape of the structure
without infills is normalized to have a top defiection equal to that of the structure with
infills, supports the conclusion that the structure with the effect of the infills included had
relatively greater flexural deformations than without the infills. By adding the struts, the
shear rigidity of the frame structure wa.s increa.sed, while its overall flexural rigidity wa.s
reduced. This reduction wa.s due to the significa.ntly increa.sed axial deformations in the
columns adjacent to the infill a.rising from the vertical components of the forces in the struts.
Fig. 19.12 shows the distribution of the axial stresses in the columns along axis 6 of the
bottom storey for the analyses of the exa.mple structure with and without infills. In the case
without the infills, the outer bays tended to act as independent frames because the bea.m
of the middle bay was significa.ntly more flexible than those of the outer bays. When the
struts were added to represent the infills, the middle infilled bay was significa.ntly stiffened
in shear, making it act almosdy independently of the outer bays. The effect of the struts
was to significa.ntly increa.se the axial stresses and strains in the middle-bay columns.

The effect of the infills wa.s also to reduce the moments in all the columns and beams
in the bottom stories of the structure by appraximately 25 to 30 percent. These values,
however, neglect the recommended conserva.tive increa.se of 50 percent in the moments of
the column and bea.m in the lower compressive corner of the infill to allow for their usual
underestimate by the analysis. .

19.4 Checking Capacity of Infills to Withstand Interaction
Forces

Having analysed the overa.ll moment-resisting frame structure for wind loading, with the
effect of the infills included, it wa.s of concern to check the interaction forces induced in the
infills and compare these with the infills' strengths. The shea.r ea.rried by the infilled bay
at every storey was taken as the sum of the shears in the columns adjacent to the infill just
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above the top of the infill. The maximum shear carried by the infilled frame occurred at the
third f100r Jeve! and was equal to 357.1 kN. The total external shear at the third storey was
767.9 kN; therefore, the infi1led bay attracted more than 50 percent of the total external
Joad due to its great stiffness.

As a crude approximation, the Joad carried by the infilled. bay in the third storey was
compared with the load calculated to cause fallure of the infi1l in the representative 1:2.5
mode!, Chapter 17. In Table 17.2, the externalload required to initiate (cracking) failure of
the infi1l in the representative 1:2.5 mode! was 68.0 kN, which corresponded to a joint shear
fallure. Comparing the fallure load (68.0 kN) determined in Chapter 17 with the maximum
shear (357.1 kN) carried by the infi1led frame, it is obvious that at the magnitude ofloading
analysed, the infi1ls would not he able to withstand the loads whicb they attract. Only
the infills in storeys 16 and above would he capable of carrying the induced loads. On this
basis, cracks in non-loadhearing infi1ls should often he found, but in practice the buildings
in Montreal are rareiy, ifever, subjected to as great a wind load as used in design and in this
study. In addition, building structures usualij include multi-bay infilled frames and other
non-structural e!ements that would participate in the lateralload resisting system of the
structure, as a result the infills would he subjected to smaller loads than those computed in
this analysis. As mentioned in Chapter 17, tests have also shown (Scrivener 1969, Pook et
al. 1986, Pvok and Dawe 1986, Shing et al. 1987) that even after sustalning severe diagonal
cracking damage, a masonry wall is capable of carrying an even larger in-plane latera1load
due to the redirection of the stress trajectories resÙlting in a multiple strut action of the
infi1l.
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CHAPTER20

THE EFFECT OF INFILLS ON THE SEISMIC
RESPONSE OF THE EXAMPLE STRUCTURE

The effect of the infills on the seismic response of the example moment-resisting frame
structure described in Chapter 19 was investigated. A condensed description of the back­
ground required and the approa.ch used for the seismic analyses is presented in Chapter 9.
Eigenvalue analyses and linear elastic response spectrum analyses of the example structure,
with and without the effects of the infills, were performed and the results compared. It
should be emphasized that the purpose of these dyna.mic analyses was to make a com­
parison between the resulting dyna.mic properties and design quantities of the exa.mple
structure, with and without the stiffening effect of the infills, rather than an investigation
of their absolute values. As in the static wind load analysis, the infills were modelled by
column-to-column bra.cing struts with appropriate properties.

20.1 The Influence of Infills on the Dynamic Properties

Using the same mathematical model as for the case of the static wind load analysis, except
having mass values assigned at every tloor level, the natura! periods of vibration and mode
shapes for the example moment-resisting frame structure, with and without the stiffening
effect of the infills, were obtained from an eigenvalue analysis using the SAP80 program. At
a typical tloor, a mass was assigned to the translational degree of freedom in the direction
of the seismic loading, corresponding to the mass of one-half of the structure at that level
(without the mass ofpreea.st concrete cladding panels), that is, 0.1994 kN ·s2/mm. At the
top, the mass wa.s assigned a value of only one-half of the mass of the slab, that is, 0.1789
kN .s2/mm. -

The first four translational mode shapes are presented in Fig. 20.1 for the cases with and
without the stiffening effect of the infills, as represented by bra.cing struts. The difference
between the two cases is DOt very significant. ln the case without bra.cing, the first mode
shape verifies the predominantly shear mode of deformation of the moment-resisting frame
structure; while, in the case with the bra.cing, the first mode shape depicts a greater tlexural
profile in the lower part of the structure with a reduced shea.r profile in the upper part. ln
adding the struts, as was explained for tiù static wind load analysis, the shear rigidity of
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the moment-resisting frame structure was increased, its fiexural rigidity was simultaneously
reduced due to the increased axial deformations in the columns of the bra.ced bay, arising
from the vertical components of the forces in the struts. In bath cases, the first mode shape
is comparable to the defiected shape obta.ined from the static analysis. The second, third.
and fourth mode shapes changed only slightly when the effect of the infills was added. The
nodes and anti-nodes occur at similar locations and have approximately the same values for
both cases.

The natural periods of vibration for the two models are presented and compared in
Table 20.1. The natural periods reduced by 15 to 18 percent when the stiffening effect
of the infills was added. The fundamental period for the case with the bra.cing was 2.94
sec, or 15 percent smaller than the fundamental period of 3.44 sec for the case without the
bracing. The deviation was due to the increase in stiffness, since the mass was constant
for bath cases. The higher modes showed a slightly grea.ter variation; that is, a greater
stiffening effect, with the largest difference resulting in the third mode. The infills had a
significa.nt stiffening effect on the example structure, but not as great as the effect of the
cladding panels, as described in Chapter 9, since the panels were included in twice the
number of bays that were infilled.

20.2 The Influence of Infills on the Response Quantities

To determine the effect of the infills on the overall design forces and displa.cements result­
ing from seismic excitation, response spectrum analyses were performed on the example
moment-resisting frame structure, with and without the stiffening effect of the infills. Simi­
lariy to Part l, Chapter 9, the Newmark response spectrum, for 5 percent damping, scaled to
0.04g, was used as the earthqua.ke motion. The cumulative effective modal mass percentages
for the example structure, with and without the bra.cing struts, are shown in Table 20.2.
For ea.ch model, the SRSS (Square-Root-of-the-Sum-of-the-Squa.res) combination of four
analytica1 modes, which a.ccount for approximately 94 percent of the total effective mass,
was used to ca1culate the peak storey shears, peak storey overturning moments, peak storey
defiections, and peak interstorey drifts.

The peak storey shears for the example moment-resisting frame structure, with and
without the stiffening effect of the infills, are presented in Fig. 20.2a.. The shape of the
shea.r envelope is similar for both cases. However, as the lateral stiffness was increased
by including the effect of the infills, and the mass was kept constant, the natural periods
decreased. This produced la.rger spectral a.ccelerations, since for the exa.mple structure the
modes lay in the region of increasing a.cceleration with decreasing periods of the Newmark
response spectrum. The larger inertial forces resulted in 1a.r3er storey forces. The value
of base shear for the moment-resisting frame structure (half-structure) without struts was
574.5 kN. When the effect of the infills was added, the resulting base shear was 704.7 kN,
representing a significa.nt increase of 23 percent over the model without the stiffening effect
of the infills.

The peak storey overturning moments for the models with and without bra.cing struts
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Period Period
Mode Without Efi'ect With Efi'ect Deviation
Shape of InfilIs of InfilIs

(5) (5)

1 3.4363 2.9364 -15%

2 1.1263 0.9437 -16%

3 0.6381 0.5241 -18%

4 0.4336 0.3587 -17%

Table 20.1: Natural Periods of Vibration for the Example Frame Structure

No. of Without Efi'ect With Efi'ect
Modes of Infills of Infills

1 77.62% 72.80%

2 87.92% 88.28%

3 91.74% 92.28%

4 93.82% 94.26%

Table 20.2: Effective Modal Mass for the Example Frame Structure
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are shown in Fig. 20.2b. The overturning moments exhibited trends similar to those for the
storey shears, because of the increased spectral acce!era.tions due to the decreased natura!
periods of vibration. The base overturning moment for the ca.se in which the stiffening effect
of the infills was not included was 17491 kN-m, while for the ca.se in which the stiffening
effect of the infills was included it was 21406 kN-m, representing an increase of 22 percent.

In Fig. 20.3a., the peak storey deflections for the exa.mple moment-resisting frame
structure, with and without the stiffening effect of the infills, are presented. As expected,
smaller deflections resulted with the stiffer, but constant mass, mode!. As wa.s noted in the
funda.mental mode shape response, the deflected shape of the structure without the struts
representing the infills exhibited primarily a shear mode configuration, while the deflected
shape of the structure with the bra.cing struts illustrated a slightly grea.ter overall flexural
response with a shear response in the upper part of the structure. The first mode shape
contributed significantly to the overaJl combined response, since the deflected profile of the
structure close!y resembles the funda.mental mode shape. The top displacement for the
mode! with the stiffening effect of the infills included wa.s 60.2 mm, which is 8 percent less
than the top displacement of 65.5 mm for the mode! without the infills. The deflections
were not as significa.ntly a.ffected by the stiffening influence of the infills as the design forces
were.

The peak interstorey drift response is shown in Fig. 20.3b. When the stiffness of
the infills was neglected, the interstorey drift increased with increasing height until thc
seventh storey, indicating a. flexural response due to the fixity of the ba.se and to some
axial deforma.tions in the columns. From the seventh storey to the top of the structure,
the interstorey drift decreased with increasing height, due to shea.r deforma.tions. For the
structure with the stiffening effect of the infills included, the change in slope occurred a.t
approxima.te!y the sa.me leve!. This indica.tes tha.t the increa.se in flexural response due
to the stiffening influence of the infills was not significa.nt enough to ra.ise the point of
contra.flexure. The maximum interstorey drift for the structure with tlie bra.cing struts was
4.03 mm; tha.t is, 15 percent less tha.n the interstorey drift of 4../3 mm for the structure
without the bra.cing struts. In bath ca.ses, the maximum intertltorey drifts occurred a.t the
sixth floor.

The interstorey drift in the top two stories wa.s grea.ter f(lr the structure with the infills
than for the structure without the infills. A pure!y shea.r-deforming fixed-ba.se structure
subjected to a. distributed la.teralloa.ding is chara.cterized by a. small interstorey drift a.t the
top. When the effect of the infills was included, however, an a.dditional flexural component
was a.dded to the deflected sha.pe of the structure, thus increasing the interstorey drift in
the top part of the structure. Since the deflected sha.pe of the structure without the infills
alrea.dy ha.d a. small flexural component due to the axial deformations in the columns, this
effect was limited to only the very top floors.
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20.3 The Relative Influence of Various Modes of Vibration
on the Seismic Response

To illustrate the relative inlluence of the various modes on the total combined response,
the modal contributions of the first four modes to the total response (twenty modes) are
shown in Fig. 20.4 for the structure without the stiffening effect of the infills, and in
Fig. 20.5 for the structure with the effect of the infills. At any storey level, the relative
contribution is represented as the square of the individual modal contribution divided by the
total sum of the squares of all twenty modal contributions, as explained in Chapter 9. The
modal contribution ratios for the forces at the base, the top dellections, and the maximum
interstorey drifts are also recorded for the structures without and with the bracing struts
in Table!: 20.3 and 20.4, respectively.

The effect of the infills did not significantly affect the relative inlluence of the various
modes on the total combined response, as can be seen from Figs. 20.4 and 20.5, and
Tables 20.3 and 20.4. The figures indicate that the higher, second, third, and fourth,
translational modes contributed relatively more to the peak storey shears and the peak
storey overturning moments in the upper six stories of the building. Near the building's
mid-height, the peak shear response was dominated by the fundamental mode, but the peak
overturning moment still had a significant contribution from the second mode, 25 percent.
At the base, the second mode contributed 16 and 14 percent to the total sum of the squares
of the base shear values for the structures with and without bracing struts, respectively,
Tables 20.3 and 20.4. The first mode dominated the base peak overturning moment, with
its contribution being 99 percent. The higher modes generally contributed negligibly to
the peak storey dellections except near the base, where the second mode contributed 15
and 13 percent to the total sum of the squares of the dellections, for the structures with
and without the stiffening effect of the infills, respectively. The modal contributions to
the interstorey drifts resembled those to the shear response except that for the interstorey
drifts the fundamental mode contributed more than each of the higher modes. Similar to
the shear response, the greatest influence of the higher modes was near the top and the
base of the structure.

20.4 Qualitative Comments on the Seismic Capacity of In­
fUIs

Considering that the above dynamic analyses were performed to obtain a comparlson be­
tween the responses of the example structure with and without the stiffening effect of the
infills, it would not he meaningful to compare the resulting dynamic forces in the struts with
the strength capacity of the infills. However, a qualitative conclusion can be drawn with
regard to the infills' capacity to withstand the lateral forces based on the behaviour of an
infilled frame with a gap at the top and the calculated dynamic response. Non-Ioadbearing
infills as they are constructed today will inevitably participate in the lateralload resisting
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Response Modal Contribution Ratios
Quantity Mode 1 Mode 2 Mode 3 Mode 4 Higher Total

Modes

Base Shear .771 .139 .055 .020 .015 1.000
Base Q.M. .993 .003 .003 .000 .001 1.000
Top Defi. .982 .016 .002 .000 .000 1.000
Max. iD. .949 .038 .001 .007 .005 1.000

Q.M. = Qverturning Moment
Defi. = Defiection
LD. = Interstorey Drift

Table 20.:<; Modal Contribution Ratios for the Example Frame Structure Without Effect
of Infills

Response Modal Contribution Ratios
Quantity Mode 1 Mode 2 Mode 3 Mode 4 Higher Total

Modes

Base Shear .765 .164 .050 .012 .009 1.000
Base Q.M. .995 .002 .003 .000 .000 1.000
Top Dell. .984 .015 .001 .000 .000 1.000
Max. I.D. .954 .036 .002 .005 .003 1.000

Table 20.4: Modal Contribution Ratios for the Example Frame Structure With Effect of
Infills
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system of a building structure; therefore, their design for strength and ductility must be
considered so that they ca.n contribute in resisting the induced ea.rthquake loads.
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CHAPTER21

THE STIFFENING EFFECT OF NON-LOADBEARING
INFILLS: CONCLUSIONS AND RECOMMENDATIONS

21.1 Conclusions

As a result of the investigation performed on moment-resisting frames infilled with non·
loa.dbea.ring masonry walls having a gap at the top of the infill, the following conclusions
are drawn. As in the conclusions of the first part, specific percenta.ges or fa.ctors given
for the effects of the non-Ioa.dbea.ring concrete blockwork infills should be rega.rded as an
indica.tion of the importance in a.ccounting for the infills.

1. By writing a short program to pre- and post-process results given by a commercial
finite e1ement program, such as SAP80, the iterative analysis of an infilled frame with
a gap at the top of the infill ca.n be performed. A properly conceived mathematical
mode1 of a single-storey module of an infilled frame, representing the behaviour of the
frame, the infill, and the intera.ction between them realistically is required.

2. The effect of induding the weight of the infill in the mathematica.l model of the single­
storey module is negligible. Its inclusion is not a.dvisable sinee it would prevent the
deflections and stresses being sca.led for different values of lateralloa.ds.

3. It is deduced from the results of analyses ofrepresentative infilled fra.Il;les that the effect
of an infill, with a gap at the top, on the structural response of a moment-resisting
frame is to increase the ra.cking stiffness of the frame by approximately 300 to 800
percent, and to reduce the frame-member moments by approximate1y 70 percent or
more.

4. The difference in the calculated stiffness response of the infilled frame as a result of
va.rying the beam stiffness, from -10 to +10 tiercent for bea.m stiffness variations of
50 and 200 percent, respective1y, is believed to be due to the change in the frame's
f1exibility. The lengths of conta.ct between the infill and the frame, and therefore the
stiffness of the infill's equivalent strut, were not significa.ntly a.ffected by the change
in beam stiffness.
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5. There is evidence that doubling the column stiffnesses of the infilled frame increases
the length of ccntact between the infill and the column near the top end of the
compression diagonal This causes a more broa.dly distributed interaction between
the infill and the frame, resulting in an increase in the stiffness of the equivalent strut
and in the overall stiffness response.

6. The length-to-height ratio affects the behaviour of the infilled frame. The grea.ter the
ratio, the more flexible the infilled frame. This is due to the more flexible frame, the
proportionate!y shorter contact lengths between the frame and infill giving greater
strains in the compressive regions, and the grea.ter axial deformations in the beam
and the equivalent strut for a given sectional area. of the strut.

7. The vertical, shear, tensile and compressive stresses resulting in the infills are maxi­
mum near the top loaded corner of the infilled frame.

8. The lateral stiffness of an infilled frame with a gap at the top is significa.ntly less than
that of a fully infilled frame due to the reduced regions of contact between the infill
and the frame in the former case, and the biaxial compressive state of stress of the
upper compressive corner in the latter case.

9. In general, cracking in the infills is initiated by a bed joint shea.r failure which ca.n be
reasonably predicted by Coulomb's theory of intemal friction.

10. The best mode! to represent the interaction between the infill and the frame includes
a three-member strut as shown in Fig. 18.11. However, beea.use of its impra.cticality
for analysis, the simpler column-to-column strut mode!, Fig. 18.3, is recommended as
giving a reasonably fair and accurate representation of the infill's effect on the frame
stiffness and member moments.

11. The effect on the static wind load response of two-bays of non-loadbearing infills per
storey of an example moment-resisting frame structure, is to reduce the top deflection
of the structure without infills by 25 percent, and to reduce the moments in the
structure's columns and bea.ms in the lower stories by 25 to 30 percent.

12. 'l'he overall fiexural mode of deformation of a moment-resisting frame structure in­
crea.ses when the effect of the infills is incorporated in the structure. 'l'his is a result
of the increased axial deformations in the columns adjacent to the infill arising from
the vertica.l components of the infills' diagonal bra.cing action.

13. AB a result of the forces induced in the non-loadbearing masonry walls of the example
moment-resisting frame structure, the infills would need to be strengthened if they
were to be designed ta brace the building against wind loa.ding.

14. 'l'he addition of bra.cing struts, representing the infills, did not significa.ntly affect
the mode shapes of the example moment-resisting frame structure, but the natural
periods of vibration were 15 ta 18 percent smaller than those of the structure without
the struts. The base shea.r and overturning moment were increased by appraximate!y

3i9



-

.;~>
.;g;.'

23 percent when the stiffening effect of the infills was added. The deflections were not
as significantly affected.

15. It Ci!Jl be stated as a qualitative deduction that non·loadhearing infills should be
strengthened and their ductility improved if they are to be used to resist seismic
loads.

21.2 Procedure for Analysis of Building Structures Braced
by Non-Loadbearing Infills

On the basis of the study described in Part n of this thesis, a pra.ctica.l procedure for the
analysis of building structures bra.ced by "non-Ioadbea.ring" infills is developed. This also
ineludes a brief description of how to evaluate the loads induced in the infills and in the
moment-resisting frame. Consequently, the engineer can design the frame and the infills of
the building to ensure the adequacy of its lateral stiffness and strength.

The analysis procedure is summa.rized as foUows:

1. A deta.iled finite element analysis of a single-storey module representing a typica.l
storey of the building's infilled frame subjected to a lateral load is performed. The
single-storey model must he carefully devised, as described in Section 15.2, to obta.in
a proper representation of the behaviour of the infilled frame with a gap at the top of
the infill.

2. From the results of :he deta.iled analysis, the vertica.l, shear, and maximum tensile
and compressive stresst.:,in the infill are extra.cted. The loads to initiate fa.ilure are
ca.lculated as expla.ined in Chapter 17.

3. The section and pla.cement of the equivalent column·to-column strut, which is used
to represent the infills in the overall structure analyses, is determined using the inter­
storey drift and the moments at the ends of the columns that result from the deta.iled
analysis. A description of the equivalent strut is given in Section 18.2.

4. The equivalent column-to-column struts representing the infills are then incorporated
in the mathematical model of the building structure to allow its structural analysis.
The building modela with the bra.cing struts:..m be easily analysed for wind and
ea.rthqua.ke loa.dings. Examples are given in Chapters 19 and 20.

5. The forces shown to he induced in the infills by the overall structure's wind or earth·
qua.ke analysis are checked aga.inst their strengths. The shear ca.rried by the infilled
frame in ea.ch storey is ta.ken as the sum of the shea.rs in the columns adja.cent to and
immediately above the top of the infill. The ca.lculated load ea.rried by the infilled
frame is then compared with the load to initiate fa.ilure of the infill determined in
Step 2. This is demonstrated by an exa.mple in Section 19.4. The columns and heams

320



(

c

at the bottom-right corner of the infilled frame may require to be designed to carry
greater shea.r and moment imposed on them.

21.3 Further Recommendations

1. A more extensive study should be made of the relationship between the stiffness
response of an infilled frame with a gap at the top of the infill and the frame member's
stiffnesses, and the infilled frame's aspect ratio.

2. It would be of value to test models, a few storeys high, of infilled frames with gaps at
the top of the infill subjected to lateralloa.ds to experimentally confirm the predicted
behaviour of a typical storey of the infilled frame.

3. The effect of adjacent-bay infills on the behaviour of an infilled frame with a gap at
the top of the infill should be investigated.

4. In considering ma.sonry infills as bra.cing components, engineers and constructors
should respect the requirement in the Cana.dian Standard on Ma.sonry Design for
Buildings (1984) that ma.sonry walls should be reinforced in seismic zones 2 and
grea.ter.

5. As an extension to this initial study on the effects of infilled frames with gaps at the
top of the infills, a program of experimental testing for the reverse cyclic degra.dation
of the infJl's strength should be performed, and the tests results compa.red with the
results from nonlinea.r analyses.
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CHAPTER22

GENERAL CONCLUSIONS

This study of the latftal stiffening contributed to building structures by non-structural
components, and in particular by precast concrete cladding panels and non-loadbearing
masonry infill walls, has made a number of original contributions to structural engineering
knowledge. In general terms, as opposed to the more specific conclusions in Part 1 and 2,
these may be described as follows.

A new understanding has been gained of the interaction between the non-structural
elements studied and the primary structure.

The nature and magnitude of the forces induced in the components by their interaction
with the frame have been determined.

New, practically useful, modelling techniques for representing the non-structural ele­
ments in total building structures have been developed.

The effects of the non-structural components on the static wind load and seismic re­
sponses of representative types of tall building structures have been revealed.

Procedures for analysing the total building structures braced by the non-structural ele­
ments have been proposed.

In closing, it is necessary for the author to co=ent that, beyond this contribution
to the knowledge in this field, much further work remains to be done to obtain a full
understanding of the interaction of cladding panels and non-loadbearing infill walls with
their supporting frames. The influences of the many concerned parameters must be more
extensively pursued, while the prospect of investigating non·linear behaviour and reverse
cyclic loading effects may weil involve a study of an order greater in magnitude.
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APPENDIXA

THE FLEXIBILITY OF THE PANEL-CLAD FRAME'S
ANALOGOUS SPRING MODEL IN ALGEBRAIC

TERMS

In this appendix, the analogous spring model described in Chapter 5, Section 5.2, is
used to develop an expression for the fiexibility of th"! complete panel-dad frame module in
algebra.ic terms, as a function of the fiexural inertias of the frame members, the fiexibilities
of the panel and its connections, the storey height, and the relative distance of the bearing
connections from the column·beam joint to the length of the beam. Using this algebra.ic
expression, the sensitivity of the structure's lateral fiexibility to the fiexibilities of the frame,
panel and connections can be deduced.

AE, was expla.ined in Section 5.2, the fiexibilities representing the behaviour of the beam,
lb!> fb2 and 1b3, are unknown; therefore, three equations are required to solve for these.
Consider first the fiexibility of the beam bending in 'forward' double curvature. This is
equivalent to finding the lateral fiexibility of the frame in Fig. A.I, which consists of a
flexible beam with a fiexural rigidity of Elb, very rigid columns, and a rigid link at the top
to constra.in the tops of the columns to translate identically. From Fig. A.I, the flexibility
of the beam bending in 'forward' double curvature is given as

(A.I)

(A.2)

In terms of the analogons spring model, the fiexibility of the beam bending in 'forward'
double curvature was given in Eq. 5.3. Substituting the left side of Eq. 5.3 into Eq. A.I
yields

h2L
Ibl +1b3 = 12Elb

Eq. A.2 is valid for a beam of length L, fiexural inertia lb, and no rigid beam-ends.

Consider next the flexibility of the beam bending in 'backward' double curvature. This
is equivalent to finding the lateral fiexibility of the frame in Fig. A.2, which consists of a
rigid frame supported by a flexible beam. Referring to Fig. A.2, the fiexibility of the beam
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bending in 'ba.ckward' double curvature is given by

,0.2 (h - s)2m 2

Ci = 3ElbL
(A.3)

In terms of the analogous spring model, the flexibility of the bea.m bending in 'ba.ckward'
double curvature was given in Eq. 5.5. Substituting the left side of Eq. 5.5 into Eq. A.3
gives

(A.4)

Having found Eqs. A.2 and A.4, a third equation is required to solve for the three
unknowns. Consider the lateral flexibility of the structure shown in Fig. A.3, consisting of
a flexible bea.m, rigid columns, and a rigid panel with rigid connecitons. Referring to Fig.
A.3, the rotation at A is given by

8 = ,O..
h

and the deflection of the bea.m at B is

(L_m)~2 h-s

(A.5)

(A.6)

The behaviour of the bea.m ABC tan be considered as a superposition of the bea.m fixed
at A, and subjected to a vertical force, P, resuIting in the bearing connection at B, Fig.
A.4a. and of the beam subjected to a moment M2 to allow for the rotation 8, Fig. A.4b.

The extemallateralload, Q, is shared between the panel and its connections, QI> and
the columns, Q2, that is, -

(A.7)

Therefore, the force in the bearing connections is given by

(

Referring to Fig. A.4a, the followinl: expressions are obtained

Pm (~- m) (L - m)
Ml = 2

2 (~)

and
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3(L )2Pm 2"-m (2L-m)
61 = 3

12Elb (t)
Substituting Eq. A.8 into Eqs. A.9 and A.10 yields

and

(A.lO)

(A.11)

(A.12)

Referring to Fig. A.4b, and using the moment area method, the following expressions
are found

(A.13)

(A.14)

(A.15)

(1..16)

By taking the sum of the defiections of the bea.m at B from Figs. A.4a and A.4b, that
is, Eqs. A.12 and A.14, the total dellection of the beam at B in Fig. A.3, Eq. A.6, is
determined ta be

61 _ Ô2 = (L _m)~
2 h-s

Ql(h - s)m3(2L - m) M2m(L - m) ât
24E1b (tt 6Elb (t) = h - s

The moment at the end of the beam in the complete structure, Fig. A.3, is given by the
superposition of the moments in Figs. A.4a and A.4b, that is,

Ql(h - s)m(L - m) M _ Q2h

4 (tr + 2 - 2

By equating Eq. A.5 to Eq. A.13. and rearranging, an expression for M2 in terms of
the lateral fiexibility of the structure in Fig. A.3 is found
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(A.11)

Solving Eqs. A.7, A.15, A.16, and A.17 simultaneously, the following expression for the
latera! f1exibility of the structure in Fig. A.3 is obtained

6.4 m3 (h - s)2(2L - m)

Q = 3ElbL {p +4 (!T) mL -4m2(!T) (1- (hj;')]}
(A.18)

Denoting the f1exibility of the heam bending in 'forwar(~.' double curvature, Eq. A.2, by
A, that is,

and setting

and

h-s
--=a

h

m
-={3
L

(A.19)

(A.20)

(A.21)

the f1exibility of the heam bending in 'backward' double curvature, Eq. A.4, can be
rewritten as

(A.22)

(A.23)

(A.24)

­>-.: i.;

and the lateraI f1exibility of the structure in Fig. A.3, Eq. A.18, can he taken as

6.4 _ 4{33(2 - {3)a2 . A
Q - [1 + 4a{3 - 4{32a (1- a)]

In terms of the ana!ogous spring mode!, the lateraI f1exibility of the structure in Fig.
A.3, can he obtained by assiguing a zero f1exibility ta the springs le, lhe, 11" and Ive in Eq.
5.11, that is

6.4 Ibl(fb2 +1b3)+ Ib2fb3
Q = (fbl +1b3) + (fb2 +1b3) +2/b3

.; Substituting Eqs. A.19, A.22, and A.23 into Eq. A.24 yie!ds the following equation for

1b3
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Jb3 = [Jk2 - k(l + 40:2,82) + 40:2,82 - k]. A

= p·A

where

and

p = Jk2 - /:(1 + 40:2,82) +40:2,82 - k

Substituting Eqs. A.19, A.22, and A.25 into Eq. 5.11, and setting

Jiu: + J'P + Ive = J'PC

(A.25)

(A.26)

(A.27)

(A.28)

an expression for the flexibility of the complete panel-clad frame module is determined
to be

6.3 J""/e + (J"" +40:2,82Je)A + (40:2,82 - r)A
Q = Je + J"" + (1 +40:2,82 +2p)A

(A.29)

(

Note that the above equations are valid only for a bea.m which does not have rigid arms
at its ends.
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APPENDIX B

STIFFENING EFFECT OF THE PANEL AND
CONNECTIONS ON A RIGID BEAM AND ON A

FLEXffiLE FRAME

In Chapter 6, the cross-sectional a.reas of the diagonal bracing struts in mode!s 2 through
4 were obtained by equating the bracing strut(s) horizontal stiffness(es) to the lateral stiff­
ness of the panel and connections supported by a rigid beam. That is, it was assumed that
the stiffening effect of the panel and its connections on a rigid bea.m is equal to the stiffening
effect of the panel and its connections within a flexible frame. This results, as was explained
in Chapter 6, beca.use the lateral stiffening effect of the panel and its connections, thus the
stiffness of the diagonal strut, is dependent on the la.tera! displacement of the panel, and
on the vertical forces in the bea.ring connections. Therefore, provided that the diagonal
strut(s) has the correct axial a.rea to give the correct latera! displacement, by equilibrium
the vertical forces acting tra.nsverse1y to the beam will be the same whether the beam is
rigid or flexible. An analytical proof of the above statement follows.

First consider the panel rigidly supported and laterally loa.ded in its plane. This is
analogous to representing the panel by a pin-jointed frame and rigidly supporting it at the
same locations of the panel connections, Fig. B.l. The pin support at 1 represents the
vertical and horizontal restraint provided by the windwa.rd bea.ring connection, the roller at
5 represents the vertical restra.int provided by the leewa.rd bearing connection, the lateral
restraint at 3 represents that provided by the tie-ba.ck connection neu the bottom of the
panel, and the lateralloa.d is transferred at the locations of the top tie-back connections,
2 and 4. The frame was analysed by computer, since the structure was statically indeter­
minate, for the loa.ding and frame member properties shown in Fig. B.l. The resulting
relative lateral.displacement between the top and bottom of the frame was determined to
be 64.9264 units, giving a corresponding lateral stiffness for the structure of O.iiO 1.

In order to cla.im that the stiffening effect of the panel and its connections on a rigid beam
is identical to the stiffening effect of the panel and its connections within a flexible frame.
the diagonal stiffness of the panel's analogous frame, Fig. B.2, converted to a horizontal
stiffness must be identical to that computed above from Fig. B.l. Using the method of
virtual work, the diagonal stiffness of the frame, Fig. B.2, was found to be 0.9626. The
lateral stiffness is equal to the product of the diagonal stiffness and cos2 8, Eq. 6.1, where
8 is the angle of the diagonal to the horizontal. Therefore, for the frame in Fig. B.2,
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­~;. t_~:- 9 = 26.565·, and the resulting lateral stiffness is computed to he 0.7701, which is identical
to that obtained for the rigidly supported frame in Fig. B.l.
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APPENDIX C

THE EFFECT OF PRECAST CONCRETE CLADDING
PANELS ON A LOW-RISE MOMENT-RESISTING

FRAME STRUCTURE

The influence of the precast concrete cladding panels on the lateral stiffness of a five­
storey moment-resisting frame structure was studied. The representative building used for
the five-storey structure is similar to the example twenty-storey moment-resisting frame
building presented in Chapter 4, except that it is five stories high, and has column sections
that do not change throughout the height oi the structure. The sizes of the columns are
the same as those of the middle region of the twenty-storey structure. The cladding panels
were modelled by the improved singie-diagonal bracing struts, with the same axial stiffness
as in the case of the example twenty-storey structures. Static wind load analyses as weil
as eigenvalue analj'ses of the structure, with and without the efi'ects of the cladding panels,
were performed and the results compared.

It was decided to study the stiffening effect of the cladding panels on a low-rise structure,
rather than on a structure taller than the twenty-storey structures already explored, because
a taller structure would behave similarly to the twenty-storey buildings except that the
dominant flexural component of the deflected shape, due to the columns' axial deformations,
would be even more dominant. A low-rise structure, on the other hand, behaves differently,
since the axial deformations of the columns are negligible and the moment-resisting frame. .

structure deforms primarily in a shear mode.

C.l The Eff'ect of Panels on the Static Wind Load Analysis
of a Low-Rise Structure

Initially, the example five-storey structure was analysed without the cladding panels, that
is without the equivalent diagonal struts. The resulting top displacement was 4.011 mm
corresponding to a drift index of 1/3166. The overall deflected shape of the structure, Fig.
C.l, is typical of a low-rise moment-resisting frame structure, that is, with a predominantly
shear profile, and a very small flexural component in the lowest region due to the fixity of
the base. The structure witll cladding panels, that is including the diagonal bracing struts,
was then analysed. The resulting deflection at the top of the structure was 0.824 mm giving
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a drift index of 1/15400, which wa.s 79 percent less than that of the structure without
cla.dding panels. The panels evidently ha.d a very significa.nt stiffening influence on the
latera.! stiffness of the five-storey moment-resisting frame structure. The effect was grea.ter
than for the twenty-storey structu;:e of Chapter 7. This ca.n be expla.ined by the fa.ct that
in a ta.ller frame there is a component of deflection due to the overa.ll bending of the frame
resulting from the axia.! deformations of the columns, while in a low-rise moment-resisting
frame structure the overa.ll flexura.! component is negligible. Therefore, even though the
amount of pull-back on the ra.cking of the frames is appraximately the same for both the
low-rise and high-rise frames, beca.use of the negligible magnitude of the bending component
in the deflection of the low-rise frame a proportionately grea.ter reduction in deflection is
caused by the panels.

The deflected shape of the five-storey structure with cla.dding panels is a.!so shown in
Fig. C.l. The shea.r mode of deformation is evident. To obta.in a better compa.rison of
the deflected shapes of the structures with and without the panels, the deflected shape of
the five-storey structure without struts is norma.lized to have a top displa.cement equa.! to
that of the structure with struts, Fig. C.2. It ca.n be observed that relatively grea.ter shea.r
deformation is present in the structure with the bra.cing. This can be attributed to the fa.ct
that the stiffness of the bottom storey in the bra.ced structure relative to the tota.! stiffness
of the bra.ced structure was sma.ller than the ratio of the stiffness of the bottom storey in the
unbra.ced structure to the tota.! stiffness of the unbra.ced structure. Therefore, relative to
the displa.cements in the other storeys, the displa.cement in the first storey wa.s grea.ter for
the bra.ced structure than for the unbra.ced structure. This corresponded with the greater
shea.r configuration of the cla.d structure.

As for the twenty-storey structure, the frame-member moments in the Iower storeys
of the cla.d five-storey structure, except for the bea.m supporting the cla.dding panel, were
approximately 50 to 70 percent Iess than those of the uncla.d five-storey structure.

From the results obta.ined in the previous ana.!ysis it wa.s found that the Ia.rgest diagona.!
force occurred in the second sto=ey. However, its va.lue wa.s only 19 percent of that obta.ined
from the ana.!ysis of the twenty-storey moment-resisting frame structure. Therefore, the
resulting forces in the connections of the panel and the resulting stresses in the panel
were a.!so 19 percent of those obta.ined for the twenty-storey structure, which is within
the capa.cities of a.ll the connections, except the unfa.ctored shea.r resistance in the boIt of
the worst Ioa.ded tie-ba.ck connection, and the a.llowa.ble stresses of the panel computed in
Chapter 8.

C.2 The EfFect of Panels on the Fundamental P~"âod of
Vibration

As for the case of the twenty-storey structures, the fundamenta.! periods of vibration for the
five-storey structure, with and without the effect of the cladding panels, were found from
an eigenva.lue ana.!ysis. The values of the mass per floor used for the five-storey structures
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were identica1 to those used for the twenty-storey building structures. The fundamental
period of vibration obtained for the structure without the stiffening effect of the panels, but
including their mass, wa.s 0.814 sec, while that of the structure a.ccounting for the panels
wa,s 0.375 sec. The fundamental period for the latter case was 46 percent of that for the
former; hence, indicating a significant influence of the cladding on the lateral stiffness of
the five-storey structure.
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APPENDIX D

UPDATE PROGRAM TO ALLOW ANALYSIS OF
INFILLED FRAMES

The update program was written to remove constra.ints at the infill-frame interfaces when
tensile stresses develop on the infill bounda.ries and when shear forces exceed friction forces,
and to reassign constra.ints (i.e reatta.ch the boundary) in the case of the infill subsequently
overlapping the frame and when the shear forces reduce to less than the friction forces.
This version of the program applies only to the analysis of infilled-frames with gaps at
the top of the infill. For the analysis, the infill must be represented by a mesh of shell
elements (membrane type) and must lie in the x-y plane, whiie the frame members may
be represented by any type of element. The program has been successfully checked for a
number oflateralload analyses of single-storey infilled frame modules.

For the program to run successfully, the data must be prepared a.ccording to the !ollowing
instructions:

1. Prepare a SAP80 input file, ca.lled INFILL, for the infilled frame as usual, except for
the following:

(a) the first !ine of the file must be blank

(b) the second !ineof the file must be the filename, INFILL

(c) in the constra.ints black first present the constra.int data for the boundary nodes
that will be considered for separation in the following manner:

• supply one constra.int condition per !ine per node,
• node numbers must be written in '13' format in ascending order,
• only one blank spa.ce must follow the constra.ined node number,
• supply two constra.int conditions for ea.ch boundary node, first the x-constra.int,

then the y-constra.int,

e.g. constra.ints
1 c=26,0,0,0,0,0
1 c=0,26,0,0,0,0
2 c=21,0,0,0,0,0
2 c=0,21,0,0,0,0
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3 c=28,O,O,O,O,O
3 c=O,28,O,O,O,O
4 c=29,O,O,O,O,O
4 c=O,29,O,O,O,O

• if the user does not wish to constra.in a boundary node in a particular direc­
tion, constra.int data must still he supplied for it. For example, if node 1 is
to be constra.ined ooly in the y-direction, supply data as follows for node 1:

1 c=O,O,O,O,O,O
1 c=O,26,O,O,O,O

(d) other constra.int data may follow

2. Prepare a data file called INFILL.DAT whicb will conta.in data for the nodes to be
considered for separation. The data should he prepared in the following manner:

(a) the first line conta.ins the number of nodes whicb will be considered for separation
at the start of the analysis (MJ), the total numher of shell e1ements on the
boundaries (MK), and the coefficient of friction using the following format:

Format: 213,F4.2

(b) the subsequent MJ Unes should eacb conta.in a boundary node number, a fiag,
and the frame node number to whicb the infill node is constra.ined.

fiag = 1 if nodes are along horizontal boundary,
= 2 if nodes are along the left vertical boundary,
= 3 if node is at the bottom left corner,
=4 if nodes are along the right vertical boundary, and
= 5 if node is at the bottom right corner.

The node numbers must be in ascending order, and the corresponding frame
nodes must also be in ascending order; therefore, node numbering should be
carefully cbosen.

Format: 313

(c) the subsequent MK Unes should eacb contain a boundary e1ement number. Ele­
ment numbers must also be in ascending order.

Format: 13

The program will create an output file called INFILL.OUT in which the average stresses
at the boundary nodes, and statements indicating whicb nodes ha,·.. been unconstra.ined or
reattacbed, are presented. The program will also state the number of constra.ints which
were removed in the iteration.

Once the data file and the SAP80 input file have been prepared, the user should prepare
a batcb file for the iterative analysis of the infilled frame. This batcb file should contain
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the statements to allow SAP80 to perform the analysis and calculate the stresses. and
UPDATE5 to remove constraints where tensile stresses have developed or to reattach nodes.
These two steps are repeated over again for the successive constraint conditions. for as many
iterations as desired. After each iteration only the necessary files, under different filenames.
should be retained.

The listing of the update program is provided below:
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PROGRAM UPOATES
DOUBLE PRECISION S'T,S2T,S3T.CF,DIV,DX,DY,XX,Yl
INTEGER NMJ('20,3),IONO(900),IOEl(900)
DOUBLE PRECISION S"(900,2),S22(900,2l,S'2(900,2),SUM(3),

S SIGMA('20,3),DI('20,2),OF('20,2)
CHARACTER-SO LINE,LINE9,LINE3.LINE4
CHARACTER-4 KeY.KEY2
CHARACTER-6 KEY3

C

C'" INITIAllZE
C

NTM=O

NI1="
NIZ-1Z
NOT::z6

N13-13
N14-14

NJS-1S

C
~ITE (NTM,1000)

1000 FORMAT (/,
S' i " /.

S' PROGRAM TO REMOVE CQlSTIlAINTS 011 INFlll )' ,/ ,
S' BOUNOARIES ~HEN TENSllE STRESSES DEVElOP l' ,/,
S' ANO ~HEN SHEAR STRESSES EXCEEO FRICTlOll ), ,/ ,
S' 1) Ex'ra" S", SZZ , S'Z frai SAPSO l' ,/,
S' sheL l elements resuL ts 1. c:allPrte ), ,1,

S' average at the nodes 1',1,
S' 2) Extra" displ, frai SAPSO ......1ts )' ,/,
S' 3) Check for tensile streaHI Il ahnr 1',1,
S' stres... exceeding friction 1.~ )' ,1.
S' ,onstrainu frai SAPSO fl1'Ut flle 1',/.
S' (c:hec:k displ. for overlap' reettech)",I.
S' )',/,
S' ...RRENT CAPACITY: !',I,
S' 900 NOCES, 900 ElEII., '20 IlOlJII)ART NOCES ), ,1.
l' )' ./.
S' BT REGINA GAIOTTI (MARCK '4, '989) 1',/,
S' THAMKS TO PROF. lEGER l' ,/,
S' I l , f)

C
OPEN (NJ1,FILE.'!NFILL.DAT',STArus-'QLD',FORM-'FOIMATTED')
RE~IIID NI'
OPEN (NI2,FILE.'INFILL.F4F',STATUSa'QLD',FORM-'FORMATTED')
REI/INIl NIZ
OPEN (NOT,FILEa'INFILL.OUTI,STATUS-'NEW',FORM-'FORMATTED')
OPEN (N13,FILE-'INFILL',STATUS·'OLD')
RE~INO NI3
OPEN (NI4,FILE·'INFILLUP',STATUS- 'NEW' )
OPEN (NIS,FILe.'INFILL.SOL',STATUS··OLD',FCRMa'FORMATTED')
~',~IND NIS

C
C··· PUT IDENTIFIER IN OUTPUT FllE •••
C

~ITE (NOT,901)
~ITE (NT",9O')

901 FORMAT (/,
SI SUMMARY OF DATA FILES:',/,
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S' 1./.

s' SAPBO INPUT FILE NAME -> INFILL 1,/.
~

s' DATA FOR BOONOARY NODES FILE NAME -> INFILL.DAT'./ •.....
s' SAPBO SHELL FORCES FILE IWCE IMFILL.F4F',I,->

s' SAPBO OISPLACEHENTS FILE NAME -> INFILL.SOl ' ./.
S' RESULTS FROM UPOATE5 FILE NAME -> INflLL-.CIJT' ,Il

C

C'" READ DATA FILE NAME AND INITIALIZE
C

C
C PHASE 1 • EXTUCT BOUIIOARY STRESSES

C

C

IlRITE (NTM.31)
FORMAT (l,' READING SAPBO SHELL FORCES FILE ••• PLEASE lIAIT' ./Il

CONTINUE

10-0

LoeP OVER ELEMENTS •••

\/RITE (NTM, '1)
\/RITE (NOT, 111

11 FORMAT (//,' - PIlASE 1 . roUCT BCUlDARY STRESSES -',Il
DO 1 111:1,900

10NO(I)-0

00 Z J-1,Z
S1HJ,J)zO.O

SZZCl,Jl=O.O
512(1,J)=O.O

Z CONTINUE
1 CONTINUE

003 K=1,1Z0
004 L=1,2

DI(IC:,L)·O.O

OFCK,Ll=O.O
4 CONTINUE

3 CONTINUE
0010 1'1,900

10 10ELCI)-0

DO 611 Ma' 1 120

00 61Z N-1,3

SICMA(M.Nl-O.O
NMJ(M,N)·O

CONTINUE

CONTINUE

\/RITE CNTH,1Zl

FORKAT CI,' READING THE INFILL.OAT FILE',lll

REAC (NI1.1010l MJ.MK.CF

FORKAT CZI3.F4.Zl

DO 20 t-',MJ
REAC (NI1.Z010l NMJ(I.1l.NMJ(I.Zl.NMJCI.3l
FOIlIIAT (313l

NN_JO.1l

10NOCNNl-l

CONTINUE

0030 1-1.MK
READ CNI1,1030l NEL

FORMIIT <l3l

10ELCNELl=1

61Z

611

1Z

1010

Z010

ZO

'030
30

C

~~.
C'"

4- C

31

35

C
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C··· FINe ELEMENT ID .,.
C

4D READ CNIZ,41l LINE
41 FORMAT CABOl

READ CLINE,4Zl (ET
4Z FOR.....T CA4l

IF (~EY.ED.· ELE'l READ CLINE,ZOZO) ID
ZOZD FOR.....T ("X,16)
C

IF CIDELCID).NE.l) GO TO 40
WRITE CNTM,1040) ID

1040 FORMAT ('.PROCESSING ELEMENT NO. :',15)
C

C··· PlJLL ClJT S11, S22 An S'Z AllO PUT IN A TABLE
C

DO 60 I-',Z
60 READ CNIZ.65)
65 FOR.....T CA')
C

DO 70 1-1,4
READ CNIZ.75) IDN.S'T,S2T.S3T

75 FOR.....T Cl6,3F1Z.0)
IF CIDNOCIDN).EQ.O) GO TC 70
IC-IDNOClDNl
s1le ION. Je)-sn
SZZC IDN.ICl-SZT
S'ZClDN,ICl=S3T
IDNOCIDNl-IDNOCIDNl+l

70 CONTINUE
C

C··· CHEC~ FOR LAST ELEMENT TO PllOCESS •••

C

IF CID.LT.NEL) GO TO 35
C

C··· PRINT RESULTS '"
C

LOOP OVER 1lCIJN0ARY HalES '"

3000
C

C···
C

IIUTE CNOT ,3000)

FORMAT C' NCllE

DO 600 1-1,MJ
NJ-NMJCI,1)

S'HA) S22CA) S1ZCA)')

C

C"" e-uTE AVERAGE YALUE •••
C

DIVoZ.
IF CDAlISCS"CNI.Z».LE.'.D·Q5 .AMO.

S DABSCS22CNI,Z».LE.l.D·Q5 .AMO.
S DABSCS'ZCNI.Zll.LE.• l.D·Q5) DIY-l.

DO 610 '-1,3
6'0 SUMC~)-O.O

DO 6Z0 ~-'.Z

SUM(1)-SUMC1)+S11CNI.~)

SUMCZl-SUMCZ)+S22CNI.K)
SUM(3)-SUMC3)+S1ZCNI.K)

6Z0 CONTI NUE

DO 625 ~-1,3

625 SIGMACI.K)-SUMCK)/DIY
C
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WRITE (NOT,3010) NI,(SIGMA(I,C),C'1,3)
3010 FORMAT (14,3X,E14.7,ZX,E14.7,ZX,E14.7)
C

60D COIITINUE
C
C .,..- .....,

C 1 PHASE Il - EXTRACT IlllUNOARY OISPlACEMENTS
C

C

WRITE (NTM,Z1)
WRlTE (NOT ,Z1)

Z1 FORMAT (II,' - PHASE II - EXTRACT B<IJIIDARY OISPLACBlEllTS _, ,Il
WRITE (NTM,ZZ)

ZZ FORMAT (/,' READING SAPBD OISPLACEME~Ts FILE ••• PUAS!: WAlT',II)
C

ICIC-'
61 READ (NI5,41) llNE3

READ (lINE3,43) ŒY3
43 FORMAT (A6)

IF (CEY3.NE.' JO l') GO TO 61
D059L1.',4

59 READ (NI5,65)
C

DO 6Z 1-1,51
READ (NI5,63) JJ,OX,OY

63 FORMAT 1I6,ZFIZ.0)
IF (JJ.GT.NMJ(MJ,3» GO TO 46

IF (NMJ(CC,1).NE.JJ .AND. NMJ(CC,3).NE.JJ) GO TO 6Z
IF (NMJ(KC,3).ED.JJ) GO TO 64

Dl (CC, 1)oQX
OIlCC,Z)oQY
o:;:-a·,
IF (CC.GT.MJ) CC'1
GO TO 6Z

64 OF(CC,lloQX
OF(CC,Z)oQY
CC_·1

6Z COIITlIIUE

IF (CC.lE.MJ) GO TO 61
C

46 WRlTE (NOT, 4000)
4000 FORMAT (' l'NODE l'O(X)

S'F'O(X) F-O(Y) ')
C

I-O(Y) F-NODE

DO 57 Il'1,MJ
WRITE (NOT,4010) IMJ(ll,1),OI(ll,1),OI(ll,Z),MMJ(ll,3),OF(ll,1),

S OF(J',2>
4010 FORMAT (16,3X,E14.6,ZX,E14.6,ZX,16,3X,E14.6,ZX,E14.6)
ST COIIT IlIUE
C

WRITE (NTM,3030) CF
WRITE (NOT,3030) CF
FORMAT (/,' THE COEFFICIENT OF FRICTION IS ',F4.Z).­•

3030
C

C

C

C

C

C

C

1 PHASE III

1
1
1

• SCAN FOR TENSI LE STIESSl:S, ClIECI: SlIEAIl STRESSES 1
AND REMOVE _IATE CDNSTRAINTS FIOM SAPBD 1
INPUT FILE (CHECI: OiSPLACSlENTS IN CAU OF MI' 1
LAP AND REATTACH) 1
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c

C

WRIlE (NTM.701)
"ilE (NOT. 701)

701 FORfUT (II,' - PHASE 111 - SCAtlNING FCR TEIISILE mESSES,' ,l,
S' CHECXING SHEAR STRESSES AND REMOVING',/.
S' CONSTRAINTS FRCIt SAP80 INPUT FILE, ALSO',/,-
s' CHED:ING 015l'LAœMENTS AND RUllACHING' ./1)

C

C··· FiNe CONSTRAINTS OATA BLDo: IN SAPBC INPUT FILE -_.
C
502 READ (NIJ.500) LINE
500 FORMAT (ABC)

WRITE (NI4.500) LINE
READ (LINE.501) KET

SOl FORMAT (A4)
IF «(ET.NE.'cons') GO TO 502

C
C··· LOOP MR _ART NODES -'.
C

ICQJNT-O
C

DO 80 1=1,MJ
IF (NMJ(I.2).ED.J .OR. NMJ(I.2).ED.5) GO TO 85
IF (NMJ(I.2).ED.2 .OR. NMJ(I.2).ED.4) GO TO &6

C
C··· IF NODE IS ALONG A HORIZONTAL BOUNDART _o,

C
TY-DF(I.2)·01(1.2)
IF (YY.GE.l.0·06) GO TO 230

C
IF (SIGMA(I.2).LE.l.0-OS) GO TO 79

C
C··· RENOVE VERTICAL CONSTRAINT ANa HORIZONTAL ODNSTRAINT _••
C

CALL RMVKV (NIJ.NI4.NOT,NMJ(I.l).ICOUIT)
C

GO TO BO

C
C··· IF NODE IS ALONG A VERTICAL BOUNDART -_.
C
86 IF (NMJ(I,Z).ED.Z) XXsDF(I,1)-01(I.l)

IF (NMJ(I.Z).ED.4) XXsDl(l.l)·OF(I,1)
IF (XX.GE.l.0·06) GO TO 230

C

IF (SIGMA(I,1).LE.l.0-D5) GO TO 7!
C
C-" RENOVE HORIZONTAL ODNSTRAINT ANa VERTICAL ODNSTRAINT -_.
C

CALL RMVKV (NIJ,NI4.NOT,NMJ(I.l),ICOUNT)
C

GO TO BC
c
C··· 1F NODE IS AT A CORNER
C

85 IF (NMJ(I.Z).ED.J) XXOOF(I.l)·01(I,1)
IF (NMJ(I,Z).ED.5) XXOOl(I,1)-OF(I.1)
TTOOF(I,Z)'OI(I,Z)
IF (XX.GE.l.0-06 .OR. TT.GE.l.0-06) GO TO 230

C
IF (SIGMA(I,1).LE.l.0-D5 .AND. SIGMA(I,Z).LE.l.0·D5) GO TO BQ
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IF CSICMACI,1l.LE.1.D-D5 .OR_ SIGMAC1.2l.LE.1.D·D5l GD TD 77
t
t-·- REIlOVE HORIZOIITAL AIID VERTICAL CCIISTRAINTS '"
t

CAll RMVHV CNI3.N:4.~OT.NMJ(I.1).IOOUNT)

t
GD TO 80

t
79 FRltT10NaCF"DASSCS1GMAC1,2ll

IF CDABSCS1CMACI.3".GT.FR1CTION' GO TO 9001
CALL CHECX2 CNI3,NI4.NMJCI,1l.Ll
CALL CHECK' (NI3,N14,NMJel,1>,M'
IF CL.ED.1 .AND. N.ED.Ol GD TO 230
GD TO 80

C

t--- REIlllVE HORIZONTAL CCIISTRAINT ONLY
C
oorl CALL RKVH (N13,N14,NOT.~~(l. 1),lCOUNT)
t

GD TO 80
t
78 FRICTIONaCF"DABSCSIGMA(I,1ll

IF (OASSCS1CMACI.3ll.GT.FRICTIONi GO TO 9002
CALL CHEtK2 (N13,NI4,NNJ(I,1),M)
CAll CHECK1 CNI3.NI4.NMJCI.1l.ll
IF Cl.ED.1 .AIID. M.ED.Ol GD TO 230
GD TO 80

C
t-·- REMOVE VERTICAL CCIISTRAINT ONlY
t
9002 CAll RMVV (NI3.NI4,NDT.NMJ(I.1l.ICOUNTl
t

GD TO 80
t
77 IF (SICMACI.ll.lE.l.D-D5l GD TO 76

CAll CHECKl CNI3.NI4.NMJCI.ll,ll
IF Cl.ED.ll GD TO 311
FRICTION-CF"DABSCSIGMAC1.2ll
IFCDASSCSICMACI.3ll.LE.FRICTIONl GD TD 80

C
t __ • REMOVE HORIZONTAL CCIISTRAINT ONlY --­
t
311 CAll RMVH CNI3.NI4,NDT.NMJCI.ll.ICOUNTl
C

GD TD 80
t
76 CAll eNECX2 CNI3.NI4.NMJCI.1l.ll

IF Cl.ED.ll GD TO 312
FRICTION-CF*DABSCSIGMACI.lll
IF CDABSCSICMACl.3".lE.FRICTI0N' GD TD 80

t
t-·· REMOVE VERTICAL CONSTRAINT ONlY --­
t
312 CAll RMVV CNI3,NI4.NDT,NMJCI,ll.1COUNTl
t

GD TD 80
t
t·-- REATTACH NODE
t
230 REAC CN13,41l llNE4
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~lTE CNI4,'1) LINE4
READ (LINE4,235l NNI

235 FOIlIIAT 113l
IF (Nll.NE.NOU(I,Ill GO TO 230
BAlXSPAŒ NI4
WRITE (NI4,238l NNI,NMJ(I,3l

238 FORMAT C13. 1 ca ',13.'.O.C.O.O.OI)
~ITE (NI4,239l NNI,NMJ(I,3l

239 FORMAT (13.' c-O. I ,13,',O,O,O,O')
REAC (N13,65l
~ITE (NOT,237l NNI

237 FORMAT (t NOOE NO. ',13,' MAS BEE" REATTACHED',n

c
GO TO 80

c
Ba COIITI NUE
C
C'" PRINT NUMBER OF COIISTRAINTS REMOYEO IN THIS ITERATION ._­
C

WRITE (NTM,509l ICOUNT
~ITE (NOT ,509l IcaJNT

509 FORMAT lIl,' THE II1JM8ER OF COIISTRAINTS REIIOVEIl IN THIS'
SI ITERATION 15 1,13)

C

002221 0 1,100
REAC (NI3,500,ENOo990l LINE9
~ITE CN14,500) LINE9

222 COIIT1NUE
990 CLOSE t~14)

END
C

C

SUBRCUTINE RMVHV (NI3,NI4,NOT,NKJ,ICOUNT)
C

C The followll'lll aù:>routlllll Mi Il ..- tIle horlzontlll end wrtical
C constr.inta of • boundIry node.
C

CHARACTER-8O LINEZ,LINE2I
CHARACTER-17 COIIS,CHK1,CMK18
DATA CONS/' c-o,O,O,O,O,O Il

C

505 READ (NI3,5OO) LINEZ
WRITE (NI4,500) LINEZ

500 _T (AllO)
tEAD (LIIEZ,650) NNN,CHKI

650 FORNAT (13,AI7)
IF (NNN.IE.NMJ) GO TO 505
IF (CHK1,EQ,COIIS) GO TO 605
BAaSPAŒ NI4
WRITE (NI4,700) NNN,COIIS

700 FORMAT 113,Aln
C

605 READ (NI3,5OO) LINEZB
WRITE (NI4,5OO) LINE2I
READ (LINE2B,6S0) NNN2,CHKIB
IF (NNNZ.NE,NMJ) GO TO 605
IF (CHKI8.EQ,CONS .AND, CHK1,EQ.CONS) GO TO al
IF (CHKla,EQ.CONS ,AND. CHK1.NE.COIIS) GO TO B2
BAlXSPACE Nl4 .
WRITE (NI4,700) NNNZ,COIIS
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IF (CHK'.EQ.CONS) GO TO 83
C

lCOJNT-ICOJNT+2
WRITE (NOT,507) NMJ

S07 FORMAT (1 THE VERT~ & HORIZ. CONSTRAJNTS FCIt II(1)~ ',13,' HAVEl

S' BEE" REMOVED'./)
GO TO 8'

c
82 ICOUNT=ICOUNT+'

WRITE (NOT,508) NMJ
• 508 FORMAT (' THE HeRIZ. CCIISTRAINT FOR MCl)E ' ,13, 1 KAS IEEMl

SI REMOVED 1 .1>
GO TO 8'

C
53 rCOUNT-IOOUNT+'

WRITE (NOT,509) NMJ
509 FORMAT (1 THE VERT. COIISTRAINT FOR NCDE ',13,' KAS IEEJII

SI REMOVED l ,Il
81 RETURN

ENI)

c
c

SUBROUTINE RMY" (N13,NI4,NOT,NMJ,100UNT)
C
C The followin; S\broutine will CI'1ly r~ the horizontal
c constraint of a boundary node.

c
CKARACTER+SO LINE2,LINE2S
CHARACTER+17 CONS,CMK'
DATA CONS/' caO,O,O,O,O,O "

505 READ (N13,500) LINEZ
WRITE (NI4,500) LINEZ ­

500 FORMAT (ABOl
READ (LIME2,650l NNN,ClICl

650 FORMAT (I3,Al7>
1F (NNN.NE.IIMJl GO TO 505
1F (C1IJ(l.EQ.CONSl GO TO 81
SAClCSPACE NI4
WRITE (N14,7OOl NNN,CONS

700 FORMAT (13,A'7l
C

READ (NI3,500l LINE2S
WRITE (NI4,500) LINE2I

C

ICCUfT-ICCUrlT+'
WRITE (NOT ,507> IIlJ

507 FORMAT (' THE HORIZ. CONSTRAINT FOR DE ',13,' MAS IEEN'
S ' REMOVED', /)

81 RETURN
END

C

C

-

..----.---.-- :::.:.::::;..-_.~-_ .. -

C

C

C

C

SUBROUTINE RMVV (NI3,NI4,NOT,IIMJ,ICOUNTl

Th. followil'l\l slbroutine will only ..- the wrtlCOll
constraint of • bcM.n::SIIry node.

CHARACTER+SO LINE2,LINE28
CKARACTER+'7 CONS,CIIC'
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C-!: 505

500

650

REAC (NI3.500) LINEZ
WlITE (NI4.500) LI~EZ

FœMAT (A8Q)

REAC (LINE2,650) NNN
FœMAT (13,A17)
IF (NNN.NE.NMJ) GO TO 505
REAC (NI3.500) LINE2B
~ITE (NI4.5OO) LINE2B
REAC (LINE2B.650) NNN2,CN'1
IF (CN'1.EQ.CONS) GO TO 81
8ACKSPACE NI4
WlITE (NI4.7OO) NNN2.CONS

700 FOIlMAT C13,A17)
C

ICClJIrITaICCUNT+'
WlITE (NOT.son 1lII!

507 FœMAT (' THE VERT. CONSTIlAINT FOR lICIlE •• 13.' lIAS 1IEEIl'
$' REMOYEI)',I>

81 RETUlIN
END

C

C

SUBROUTINE CHECKl (NI3,NI4.IlIIJ.L)
C

C The following subrouth. will check if the vertical ecnatraint
C has been reflOYed.
C

ClIARACTER*80 LIHE2.L1NE2B
CHAllACTERo17 CONS.CHKl
DATA CONS/' ewD,D,O,O,O,O "

C
LoO

505 REAC (NI3.5OO) LINEZ
WlITE (NI4.500) LINE2

500 F~T (A8I!)

REAl) (LINE2,650) NIIII
650 F_T C13.A17)

IF (NIN.IIE.IIIJ) GO TO 505
READ (113.500) LIIE2B
WlITE (114.500) LINEZI
REAl) (L111E21.650) NlIII2,CllICl
IF (CllIC1.EQ.COHS) L.l
IACICSHCI! 113
_ACE NI3
IAClCSPACE 114
_ACE NI4
IfTUlI
EIID

C
C

SU8ROUTINE CHECK2 (NI3,NI4,NMJ,L)
C

C
C

C

The foLlowing Il.Oroutlno will check If the horizontal conatralnt
h.. boon r_.
ClIARACTERo80 LINEZ
ClIARACTERo17 CONS,CHel
DATA COIS" caD,a,O,O,o,O '1
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,~~..'

C

L-O
505 REAO (.13,500) LINE2

WRITE (.14.500) LI.E2
500 FORMAT (ASO)

REAO (LI.E2,650) •••• CHKl
650 FORMAT (13,A17)

IF (N••••E•••J) GO TO 505
IF (CHK1.EQ.CONS) L=1
BACll:SPACE N13
BACll:SPACE .14
RETUR.
ENa
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