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Abstract: This paper presents a benchmark exercise for the seismic assessment of unreinforced
masonry (URM) buildings as a follow-up of a blind prediction test organized in the context of the
European Conference of Earthquake Engineering Series. The blind prediction exercise was aimed
at better defining the open issues in current procedures for modeling and performing seismic
analysis of URM buildings, by highlighting the uncertainty that can influence the results. This work
presents an overview of the approaches used by different research teams and the scope of
predictions. The benchmark structure was a three-story building with traditional European
architecture from which two cases were considered: A) stone masonry walls and flexible horizontal
diaphragms and B) brick masonry walls and rigid horizontal diaphragms. A wide range of
approaches was used by the participating teams concerning modeling strategies, methods of
analysis and criteria for the attainment of limit states, which are here addressed as potential
sources for the dispersion of predictions. The results were compared in terms of capacity curves,
predicted failure mechanisms compatible with the fulfillment of limit states of near collapse and
damage limitation, and related minimum values of peak ground acceleration (PGA). The results
show an overall good agreement for damage patterns and collapse mechanisms in both
benchmark structures, presenting some differences in the type of failure mode and its extent.
However, the scatter of predicted capacity curves and critical PGAs is very high, especially for the
case with brick masonry and rigid diaphragms, indicating that clearer procedures in the building
codes are required for professionals.
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1 Introduction

The safety assessment of existing structures is a process requiring understanding at structural and
material levels, including collecting data about geometrical configuration, construction process and
details, as well as about mechanical properties of materials. In existing buildings, data collection is
not always viable or economically affordable, at least in depth, and it is characterized by important
uncertainty meaning that suitable assumptions are required to perform the assessment. This issue
is more evident for non-engineered structures, such as many URM buildings, because of high
nonlinearity and variability of material properties, phased construction, uncertainty in connection
between elements and lack of capacity design principles [1]. Despite this context, attempts have
been made to standardize such a process and consequently limiting the arbitrariness of
assumptions [2]. Still, the process may result in very different evaluations even when starting from
the same initial information, because it is much dependent on modeling assumptions and methods
of analysis, which require the judgment and experience of the professionals involved. After
obtaining the structural response, the dispersion is likely to increase due to different criteria in
defining the attainment of limit states conceptually outlined by standards (such as the Near
Collapse - NC - and Damage Limitation - DL - proposed in Eurocode 8 Part 3 [3]). Seismic
vulnerability predictions can be scattered even for code-based designed modern URM buildings,
depending on the method of analysis, as shown in [4], [5], in great extent due to the fact that the
nonlinearity of the response needs to be taken into account.

A comprehensive and reliable prediction of the seismic capacity of existing URM structures should
consider the behavior at both global and local levels, which means including the different failure
mechanisms that may occur. As known, these mechanisms depend on factors such as the type of
masonry and its quality, the flexibility of horizontal diaphragms and the effectiveness of structural
connections (wall-to-wall, wall-to-floor and wall-to-roof), whose knowledge drives both the modeling
assumptions and the choice of analysis methods. Past interventions and existing damage should
be taken into account as well. The seismic capacity of URM structures is usually assessed through
nonlinear analysis, as stated above due to the intrinsic inelastic behavior of masonry (limited
capacity in tension and nonlinear response even for low or moderate stress levels) [6]. Both
nonlinear static and dynamic analysis procedures can be applied, leading to large variability of
results because of different modeling approaches, representations of the seismic action and
calculation of its effects. Moreover, these procedures are strictly user-dependent, even with regard
to ways of interpreting results and to requirements to be met, e.g. [7].

The modeling approaches for URM structures can be established at different scales depending on
masonry quality, potential failure mechanisms and type of analysis [6]. Micro and meso models
have been mostly used for analysis at element scale, especially for research purposes. These can
be based on the finite element (FE) method or on the discrete element method [8] which is mostly
suitable for regular masonry fabric [9]. Contrarily, macro modeling strategies based on application
of the FE method (with plasticity or damage constitutive laws, see [10] and [11] respectively) or
equivalent frame element and discrete methods (see [12]-[16]) are commonly used for seismic
assessment at building scale. These strategies require less input data and lower computational
effort, in particular at the analysis stage, but user expertise is still needed to obtain reliable results.
Moreover, the application of any of these models in practice presents issues related to the
representation of the geometry and structural details, the discretization of elements and the
modeling of their mechanical behavior, as well as the definition of material properties, which are
not significantly addressed in design codes, e.g. [17]-[20].

However, for any possible approach, the attainment of an adequate knowledge level is highly
stressed in available codes for seismic safety assessment of existing buildings, especially URM
ones. It can be erroneously assumed that for code-based designed modern buildings, the main
epistemic uncertainties are only related to modeling the actions and their effects (material
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variability is somehow limited by quality systems during construction), while for existing buildings
these uncertainties mostly refer to structural modeling. Indeed, this is true only to some extent
because there are specific issues in the structural modeling of URM modern buildings which are
still not addressed by standard codes resulting in the same uncertainties of existing structures, e.g.
the flange effect of orthogonal walls; see [21]. Epistemic uncertainties are also involved in the
application of algorithms for generating the numerical models and in the arbitrary use of the
software packages. For more advanced simulation approaches, the number of input parameters is
normally higher and so the uncertainties are larger. In addition, despite the fact that these
advanced numerical models are usually calibrated by inverse fitting against experimental data, e.g.
from ambient modal identification, the corresponding results may be inaccurate as well. Indeed this
calibration is based on the dynamic properties of a structure in its elastic range, but numerical
predictions are usually made at ultimate state so the modification of those properties with
increasing damage generates additional uncertainties [22].

This paper presents the results of the seismic assessment of two benchmark URM buildings
obtained from a blind prediction test carried out by teams from different universities: Ecole
Polytechnique Fédérale de Lausanne - EPFL; Middle East Technical University - METU; University
of Catania; University of Chieti-Pescara; Delft University of Technology; University of Genova;
University of Napoli; University of Pavia; and Yeditepe and Bogazici Universities. The exercise was
made within the context of the Special Session “Seismic modeling of masonry buildings: present
knowledge and open challenges for research and practice” during the 16" European Conference of
Earthquake Engineering in Thessaloniki, Greece [23].

The case studies were two building configurations with different characteristics at material,
structural element and global scales. The provided data are aimed at replicating the knowledge
level in engineering practice for existing URM structures. The seismic capacity of the two building
configurations was requested in terms of minimum values of PGA compatible with the attainment
of the limit states of NC and DL, namely PGAxc and PGAp, as well as the associated failure
mechanisms. The participating teams were able to freely define the limit states to obtain the PGA
values, to adopt code procedures applicable in their countries or to use more refined methods. A
brief description of the adopted modeling strategies and methods of analysis was asked in addition
to the indication of the design codes taken as reference. The aim of the exercise was to compare
the adopted modeling strategies, the assumptions made about geometrical, structural and
mechanical characteristics, the applied methods of analysis in the blind prediction test, as well as
to evaluate the PGA dispersion resulting from all these factors influencing the seismic safety
assessment. Despite the wide range of strategies used by the participant teams which reflects the
few restrictions given in the instructions, not all the possible approaches for analyzing URM
buildings are covered in the comparison made. Even if the set of analyzed tools and methods is
not exhaustive, they reflect what is nowadays available to professionals and researchers at
international level. This paper aims at providing an overview of the scatter observed in the blind
prediction test, and at further addressing the open issues in seismic assessment procedures. The
differences between the blind predictions made by the several teams are also given, but the
estimation of weights of the adopted assumptions on these differences was not addressed,
because it was out of the scope of the exercise.

2 Brief overview on other benchmarking studies available in literature

Since the early methods in the 1970s for the seismic assessment of URM buildings, increasingly
complex approaches have been proposed. These are being incorporated in design codes and
professional software. The benchmarking of practitioner-oriented software is an important task,
either with regard to the identification of pros and cons for their application or with regard to the
implementation of different numerical formulations.



Several studies [24]-[28], even when reducing the possible sources of dispersion, have
demonstrated an excessively large difference between software predictions due to the arbitrariness
in the modeling and analysis phases, as well as because of the adopted material models. In these
works, different numerical approaches were adopted resorting to general purpose and to masonry-
specific software, as well as to the implementation of a specific nonlinear algorithm in a MATLAB
tool [29]. In the case of general purpose software, CDSWin-OpenSEES [30], MIDAS Gen [31],
SAP2000 [32], DIANA FEA [33], and ANSYS [34] were used. In the case of masonry-specific
software, 3Muri [12], [35], Aedes.PCM [36], ANDILWall [37] and 3DMacro [13], [38] were used. In a
few cases, the predictions were validated against the results of the corresponding experimental
tests, namely the ones carried out at the Portuguese Laboratory of Civil Engineering (LNEC) [39],
at CNR-ENEA within the TREMA Project [40], and at Georgia Tech [41]. These were respectively
considered as benchmark results by Asikoglu et al. [24], by Betti et al. [26], and by Marques and
Lourenco [27]. The load bearing walls of the structure tested at University of Pavia [42] were
assumed as reference in Cattari et al. [25] for the external walls of an idealized building, varying its
opening layout and structural details for the additional configurations.

The referred benchmarking studies were in general performed with reference to isolated two-story
buildings with rigid or flexible horizontal diaphragms, particularly the prototypes in [39]-[42].
Masonry walls were considered to be made, according to the benchmark tests, of hollow concrete
blocks in [24], [28], irregular calcareous tuff stones in [26], and clay bricks in [25], [27]. In each
study, the modeling assumptions were defined by the authors as similar as possible for the
different numerical approaches and computer codes, particularly in terms of geometrical
discretization, to limit the variation of results and try to address their causes. The seismic capacity
predictions, based on a simplified macro model by Galano and Selleri [29] in [26] and on a force-
based method (proposed as an extension of RAN method by Augenti [43]) in [27], were cross-
validated against the results from more complex approaches. The estimations were compared in
terms of damage patterns, failure mechanisms and capacity curves for each URM structure.

The predictions from different structural component models by Marques and Lourenco [27], [28]
were consistent in terms of global collapse mechanisms, although some differences in the damage
patterns and capacity curves were obtained. The capacity curves in [27] denote a different
estimation of initial stiffness and base shear capacity (variation around 40%), but comparable
values of yielding and ultimate displacement were predicted. In Betti et al. [26], the damage
distributions, collapse mechanisms and capacity curves from a FE model were comparable to
those from the experimental campaign at CNR-ENEA [40]. Contrarily, when adopting the macro
element by Galano and Selleri [29], limitations were observed in capturing the evolution of damage
and stiffness degradation of the tested prototype, thus the failure mode was not accurately
predicted due to the simplified assumption of rigid floors and spandrels. In Cattari et al. [25], the
same structure was analyzed using different commercial software packages thanks to the
collaboration of several research teams and by adopting, when possible, the same modeling
assumptions in order to reduce the scatter of results. These results highlighted a difference in
terms of base shear capacity around 30% for a structural configuration with weak spandrels and
strong piers, and around 10% for shear type models (rigid horizontal diaphragms and spandrels
with infinite stiffness and strength). The comparison in Asikoglu et al. [24] demonstrated again the
large variability of results with respect to base shear capacity and ultimate displacement. The
numerical damage predictions were in reasonable agreement with the simulated experimental
damage patterns, despite the first predictions were obtained from pushover analysis and the
second ones from bidirectional dynamic tests. Moreover, the adopted spring-based macro model
by Calio et al. [13] showed a dependency from the meshing of walls, in presence of a softening
behavior, which increased the difference in predictions from the reference FE model.

In the present paper, after describing briefly the benchmark structures, a detailed overview of the
results from the blind prediction test in [23] is presented. This overview highlights the numerical
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approaches and main assumptions made by each participant team. Again, a comparison between
damage patterns, failure mechanisms associated to the minimum PGAs at both limit states of NC
and DL, and capacity curves is made. Specifically, the seismic capacity is compared adopting as
reference the PGA value representing the average of the minimum PGAs predicted for each limit
state by the several teams. Moreover, the interpretation of in-plane (IP) and out-of-plane (OOP)
failure modes predicted by each model is also given to provide a qualitative reliability measure of
the modeling strategies and methods of analysis. Despite the fact that experimental testing of a
building model would allow a more effective conclusion on the reliability of the numerical
predictions, one can assume that the set of different approaches provides a range of predictions
which define lower and upper bounds of the true response.

3 Description of the case studies proposed for the blind prediction

The benchmark URM buildings for the blind prediction test are briefly presented next, in terms of
geometrical and structural configurations, as well as of masonry mechanical properties.
Complementary input data are presented in the original document made available to the
participants in the special session, which is included as supplementary material to make possible
to other researchers to reproduce the same exercise.

The case studies are three-story buildings corresponding to two structural configurations with
different types of masonry walls and of horizontal diaphragms:

Case A) stone masonry and flexible diaphragms, comparable to a traditional non-engineered

building;

Case B) brick masonry and rigid diaphragms, comparable to a modern code-based structure.
The geometrical and typological data, as well as the material mechanical properties, were defined
to emphasize the main issues leading to arbitrariness in the seismic vulnerability assessment of
existing URM constructions, such as:

i. the prediction of potential failure mechanisms, either IP, OOP or their combination
(IP+OO0P), which may influence the choice of analysis method at local and global levels;
ii. the modeling of structural elements such as piers, spandrels, stairs and diaphragms, as
well as their connections and interactions;
iii. the assumptions on material properties;
iv.  the distribution of gravity loads;
v. the representation of the seismic action;
vi.  the definition of limit states attainment criteria and the criteria adopted for the interpretation
of results.
The geometrical layout of the buildings is rectangular in plan with dimensions of 8.5 m x 10.0 m,
and with 11.3 m in elevation (Figure 1). For the sake of simplicity, the longitudinal direction refers
to the shorter dimension in plan corresponding to Facade 1, while the transversal direction refers to
the larger dimension in plan corresponding to Fagade 2. External walls have regular openings
vertically aligned with a maximum percentage of voids in Facade 1 (15.1%), a minimum
percentage of voids in Facades 2 and 3 (4.2%), and a low percentage of voids (5.4%) in Facade 4
(Figure 1). The inter-story height varies from 3 m at the ground and 1° floors, up to 3.35 m at the
2" floor. A section view of the buildings is presented in the supplementary material.



- " 55
=
1
e 06

as NS s

— ms e "o m 76

% —

%
= -
7s i

i | ] M
s
ol 2%
.

aw

]

0 O &0
=
]

- :

1eas

FAQXDE 1 = " e
Ground floor Facade 1 Facades 2 and 3 Facade 4
Figure 1 Plan views of the case study buildings and the corresponding facades (wall thickness
refers to Case A).

The idealized geometrical layout is representative of existing URM building units in historical
centers of Mediterranean and Central European countries, based on typological studies [44].
Although the building plan is regular in elevation, it presents some irregularities with respect to the
mass and stiffness distribution. External walls have regular but not symmetric openings to highlight
the role of wall discretization in existing structures, e.g. Figure 2a. Despite considering an isolated
building, the architectural layout can also be representative of units in semi-detached buildings or
aggregates in historical centers (Figure 2b), once the case study buildings present a main front
(Facade 1), stairs at the back, and a few openings in the remaining facades. This last characteristic
stresses the frame-like assumption, thus allowing to discuss the range of applicability of equivalent
frame based models for regular and irregular URM walls, e.g. [45].

The representativeness of the case studies relates also to the typical failure mechanisms,
especially OOP, which may occur during seismic events in both isolated and aggregated buildings.
The collapse of gables and main fagcades is likely to happen due to ineffectiveness of structural
connections, pounding of ridge beams or lateral thrusts from inclined roofs, as demonstrated in the
post-earthquake scenario of the 2009 L’Aquila earthquake (Figure 3a-b). Moreover, the two studied
structures present floor types usually observed in existing buildings, e.g. [44], and their structural
details rise additional issues related to their equivalent or explicit modeling, and related to the
distribution of dead loads.

UNITS OF ROW BUILDINGS WITH OR
WITHOUT INTERNAL WALLS IN R
ViLLA SANT'ANGELO, 3
L’AQuiLa, ITaLy

/

(b)
Figure 2 Isolated building damaged by Amatrice-Norcia 2016/2017 earthquake in (a) and
representative units in a building block of Villa Sant’Angelo (L’Aquila, Italy) in (b) [44].
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Figure 3 Typical OOP failure mechanisms in the 2009 L’Aquila earthquake with collapses of
(a) gables and (b) main facades.

Regarding the masonry arrangement, the following types are considered in correspondence with
the two structural configurations:

Case A) double-leaf walls consisting of cut stones arranged regularly and bonded with lime

mortar, presenting through stones in the wall thickness;

Case B) English bond walls made with solid clay bricks and lime mortar.
The geometrical layout of Cases A and B is the same, except for the thickness of masonry walls
which in any case decreases in elevation, with the exception of the internal walls (0.45 m for Case
A and 0.25 m for Case B). For Case A, the thickness of the facade walls decreases from 0.55 m at
the ground and 1% floors to 0.45 m at the 2™ floor, while in Case B from 0.38 m to 0.25 m. Details
are given in the supplementary material to the paper.

The masonry spandrels include wooden lintels for Case A, and reinforced concrete (RC) beams for
Case B. Moreover, in Case A, tie rods are applied at the 2" floor, while in Case B the presence of
RC slabs suggests an implicit connection to the walls through RC ring beams. This information has
implications concerning the assumption of modeling the spandrels as coupling beams [17] and,
consequently, in considering their IP failure mechanisms. For more information about cross-section
dimensions and structural details, see the supplementary material to the paper.

The horizontal diaphragms have different IP stiffness (corresponding to flexible diaphragms with
timber joists and single straight timber planks for Case A, and to rigid diaphragms with a RC slab
for Case B) and deadweight (1.0 kN/m? for A and 3.5 kN/m? for B). Effective wall-to-floor
connections and the same floor directions are assumed in both Cases A and B. One-way spanning
floors are supported on all the internal and external walls, except Facade 1. Although the floor
mass contribution is very limited in masonry buildings when compared to the mass of the walls,
especially for configurations as Case A, an unloaded wall is likely to be more vulnerable to OOP
mechanisms. A live load of 2.0 kN/m? is applied on each floor resulting from the residential use of
the building (the quasi-permanent value of the live load is 0.6 kN/m?).

The roofing system is a double slope type consisting of a timber structure with rafters supported by
joists (dimensions and details in the supplementary material). These joists are parallel to Facade 1
and rest on a beam (sill plate) above the internal longitudinal wall and on the two side Facades 2
and 3 (ending with a gable). The roofing system has an assumed dead load of 1.25 kN/m2. The
upper walls of Facades 1 and 4, as well as the gables of Facades 2 and 3 are potentially
vulnerable to OOP failures, i.e. overturning, since they have limited vertical load.

Stairs are defined accordingly to the floor type: timber staircase and RC staircase with dead loads

of 1.5 kN/m? and 3.5 kN/m?, respectively for Cases A and B. The live load on the stairs is 4.0

kN/m? for both Cases (the quasi-permanent value of the live load is 1.2 kN/m?). The seismic

response depends also on potential interactions with other structures and soil-foundations, but, in
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this case, they are both neglected, considering the buildings are isolated structures, with no
basement and fixed at the base.

The mechanical properties for both masonry types are presented in Table 1. Input data are
representative of those obtained from in situ tests and are consistent with the mechanical
properties given as reference in building codes, namely the Italian ones [18], [46]. The provided
values are mostly within the range prescribed in [46], corresponding to “cut stones with good
texture” for Case A and “solid brick masonry with lime mortar” for Case B. No mechanical
properties were provided for timber elements, concrete, steel reinforcement and tie rods, in order
to reproduce a limited knowledge level for materials, resulting in additional requirements for
assumptions and experience of the professional involved.

Table 1. Mechanical properties of masonry for building Cases A and B.

Case E G w fm To fom K fmt fvo
MPa MPa kN/m3 MPa MPa MPa MPa MPa

A 1750 550 21 3.2 0.065 - - - -

B 1500 500 18 7.5 - 14 0.6 0.12 0.2

E: elastic modulus, G: shear modulus, w: specific weight, fm: masonry compressive strength, 7o: shear strength, fom: brick
compressive strength, W: mortar joint friction coefficient, fm: mortar joint tensile strength, fv: mortar joint initial shear
strength. E and G refer to uncracked condition. All values are deterministic and representative of the mean value.

4 Modeling strategies and assumptions made by participant teams

As introduced in Section 1, the available modeling strategies for existing URM buildings vary in
describing the structural behavior, from different scales in material constitutive models to macro
elements, as well as in terms of type of discretization for representation of elements and damage.
The decision on their use is usually supported by the characteristics of the building, particularly the
connections between structural elements and the masonry quality, and so on the potential failure
modes (IP, OOP, and IP+OOP). Ideally, this will determine the scale of analysis to perform (global
and/or local). Moreover, this choice is influenced in engineering practice by the importance of the
structure, the feasibility of the approach with respect to the available data and computational
burden, as well as the required results, the budget available for the study and the user expertise.

The seismic response of the two building configurations was simulated by the participating teams
using both complex and simplified numerical models, for which a general overview is reported in
this section focusing on the main hypotheses and assumptions, which are likely to influence the
results. Open issues in the modeling of existing URM buildings are also addressed, even though
within the range of computations performed by the participating teams. The modeling strategies
adopted by the teams in the blind prediction test are grouped in the following relevant classes,
based on the classification by Lagomarsino and Cattari [1]:

- Discrete Interface Models (DIM) for discrete schematization at material scale;

- Continuous Constitutive Law Models (CCLM) for continuous discretization at material level;

- Macro-Block Models (MBM) for discrete schematization at structural element scale;

- Structural Element Models (SEM) for continuous discretization at structural element level.

The different software packages used to simulate the seismic behavior of the building
configurations are illustrated in Figure 4, namely: 3DEC [47] whose formulation is based on the
discrete element method for discontinuous materials; ELS — Extreme Loading for Structures [48],
which is based on the applied element method for masonry structures; LUSAS [49], DIANA FEA
[33], SAP2000 [32] and MIDAS Gen [31], which are multi-purpose computer codes based on the
FE method; Aedes.PCM [36], ANDILWall [50] (currently PRO_SAM), 3Muri [35] and 3DMacro [38],
whose application is masonry oriented and in which the structures are represented mostly
according to the equivalent frame method or similar representations; OpenSEES [30], which is an
open-source computational platform for research in performance-based earthquake engineering.
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Figure 4 Software packages adopted by participating teams.

The identification of teams according to the above classification, together with the considered
failure mode (IP, OOP, IP+O0P), is made in Figure 5a-b, with RG-#, where # indicates the number
of the participating team. An additional number follows the RG tag if the team considers more than
one numerical model. The modeling strategies were diverse for both Cases A and B, even though
some teams (3 out of 9) only modeled Case B. Indeed, the characteristics of a code-based existing
building make the modeling assumptions more straightforward than those for Case A. SEM based
approaches were adopted by most teams (8 out of 9) in combination with DIM (RG-8_2 for Case A)
or MBM (RG-9_2 for Case A and RG-8_3 for Case B) to check local OOP mechanisms, or as a
simplified strategy complementary to a CCLM based approach (RG-1_2).
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Figure 5 Modeling strategies adopted by participating teams with related failure mode: (a) Case A
and (b) Case B.
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In a few cases (2 out of 9) the participants only considered IP mechanisms, thus the resulting
predictions may be non-conservative, if OOP collapses occur. Approaches based on combined
failure modes (IP+OOP) were used by 4 out of 9 teams using different strategies such as DIM
(RG-2_1), CCLM (RG-1_2, RG-5) and SEM (RG-1_1, RG-4). The selection of such approaches
potentially increases the dispersion of results, not only because of different modeling assumptions,
but also due to the arbitrariness in defining the attainment of limit states for combined failures.

RG-2 team used also an elastic FE model (CCLM) to validate the modal parameters of DIM (RG-
2_1), and a hybrid strategy between CCLM and SEM for a 2D analysis of Facade 1 (RG-2_3) for
Case B. A reverse approach was applied by RG-6 team for Cases A and B, which consisted on
using an elastic FE model only to verify the a priori hypotheses about the most critical structural
elements with respect to IP and OOP mechanisms.

The main assumptions in terms of geometry, material properties and load distribution for each
modeling strategy are briefly reported and discussed in the following subsections.

4.1 Discrete Interface Models (DIM)

The approach is characterized by modeling the material as an assemblage of distinct elements
interacting along their boundaries. This approach is particularly suitable for blocky masonry, but its
application can be extended to any kind of masonry by performing a homogenization procedure
resulting in simplified discretizations that may affect the response [9].

Only one team (RG-2) modeled the whole building (Case B) using this strategy based on the
discrete element method, but a similar approach based on the applied element method by Meguro
and Tagel-Din [51] was also adopted by RG-8 team to assess the OOP vulnerability of Facade 1 in
Case A. This approach has been tested for other URM case studies as described in [52]. In both
cases, masonry units were considered as rigid elements and deformations were lumped at
interfaces that have zero thickness. In the model of Case B by RG-2 team (RG-2_1), this last
assumption resulted in some differences of geometrical dimensions for the case study. Regarding
the horizontal diaphragms, RC slabs were modeled as rigid and the members of timber roof were
also considered as rigid elements. Inclined rigid blocks were also used for the stairs. The numerical
model of Facade 1 in Case A by RG-8 team (RG-8_2) matches the given geometry, although the
masonry arrangement was simplified by adopting regular blocks. Tie rods were modeled at the 2"
floor, since their contribution influences the OOP response.

The nonlinear behavior of springs connecting the rigid units and representing the mortar joints was
considered by RG-2 team according to a Coulomb slip model by setting the normal and shear
stiffness, cohesion, tensile strength and friction angle (RG-2_1). In turn, RG-8 team considered a
composite interface cap model with a Mohr-Coulomb criterion and a tension cut-off (RG-8_2). In
this last case, the normal and shear stiffness values of the mortar joints were defined according to
the homogenized elastic masonry properties.

4.2 Continuous Constitutive Law Models (CCLM)

In FE based models, masonry is represented as a homogeneous material and its nonlinear
behavior is described by means of specific constitutive laws whose properties may require
additional assumptions, thus potentially increasing the dispersion of results. In this case,
arbitrariness is also related to the choice of element type, meshing algorithm, element size and
mesh quality parameters (many of these being user-dependent). There is some consensus that
element size should be defined according to preliminary numerical sensitivity analysis, but there is
less consensus on using linear vs. quadratic FEs, on using shells vs. volume FEs, or on the usage
of through thickness integration in shell FEs, just to name a few.

For the CCLM models, the discretization of the buildings was made by RG-1 team using a
combination of solid FEs for walls and shell FEs for diaphragms (RG-1_2), and by RG-5 and RG-2
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teams adopting shell FEs for both walls and diaphragms (RG-5 and RG-2_2, respectively).
However, RG-2 team performed the seismic assessment by considering a simplified 2D model of
Facade 1 (RG-2_3), as previously mentioned.

The modeling assumptions in terms of FE discretization for approaches based on CCLM are listed
in Table 2. The horizontal diaphragms were in general modeled using elastic shell FEs with
equivalent properties assumed according to the structural details proposed for Cases A and B. An
explicit modeling approach was considered by RG-5 team for the roof members and for the RC
lintels by using elastic beams perfectly connected at their ends to side walls. Effective connections
between structural elements were assumed by all teams, but stairs were not connected to side
walls in the shell FE model by RG-5 team, resulting in a reduction of wall restraints due to the
physical gap that influenced the OOP behavior.

Table 2 Modeling assumption for approaches based on CCLM.

Approach Case Walls Lintels Floors Roof Connections Stairs
W-W  W-F W-R
. reduced- reduced-
nonlinear . stiffness stiffness
RG-1 2 A and B . - shell . * * * .
— solid FE FE elastic elastic
shell FE shell FE
linear elastic  elastic elastic . . . elastic
RG-2_2 B shellFE  Peam  shell o iFe shell FE
FE FE
nonlinear elastic  elastic expligit elastic
RG-5 B shell EE beam shell elastic * * * shell EE
FE FE beam FE

The connections refer to W-W: Wall-to-Wall, W-F: Wall-to-Floor, W-R: Wall-to-Roof.
* effective connection.

Variability of the results is likely to be increased when defining the input data for masonry material
models, such as the fracture energy in compression and tension for the engineering masonry
model [53] in DIANA FEA software by RG-5 team. Additional dispersion is likely to occur due to the
definition of material properties for timber or RC, and also due to the homogenization process to
determine the equivalent characteristics of horizontal diaphragms. RG-2 team assumed a C20/25
concrete class to define the equivalent properties of RC diaphragms, while RG-5 team considered
just the stiffness properties for timber and RC materials according to classes C30 in [54] and
C16/20 in [55], respectively (Table 3).

Table 3 Mechanical properties of materials assumed by RG-5 team.

Case Masonry Timber Concrete
Ex Gre Grt E v E v
MPa N/mm N/mm MPa MPa
B 750 18.02 0.009 12000 0.3 29000 0.2

The values refer to E: elastic modulus, Ex: elastic modulus in direction parallel to bed joints, Gi: compressive fracture
energy, G tensile fracture energy, v: Poisson’s ratio.

The fracture energy values in compression and tension were calculated based on the following formulas, given in [56]:
Gre =15+ 043 - f, —0.0036 - f2 1)
Gre = 0.025- (2 f)*7 )

Arbitrariness is also related to the distribution of floor gravity loads to side walls. In particular, RG-5
team considered a small sharing of load from floors to the unloaded side walls. The load applied
over strips of 1.0 m from the border was assigned to those longitudinal side walls, although floors
are one-way spanning; see supplementary materialErro! A origem da referéncia néo foi
encontrada.. This assumption is discussed in more detail in the following subsection.
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4.3 Structural Element Models (SEM)

SEM based approaches consider a macroscopic description of the behavior of each structural
component according to homogenized material properties [1]. The application of these approaches
is widespread in engineering practice, although the arbitrariness in its application is still large, as
reported in [57].

Almost all teams (8 out of 9) adopted structural element models, but their assumptions in terms of
geometry of structural components, material properties and load distribution were very different, as
demonstrated by the following subsections. However, most teams (4 out of 8) considered only IP
failure modes according to the box-like behavior hypothesis, by assuming good masonry quality,
sufficiently stiff diaphragms and effective wall-to-wall and wall-to-floor connections. Other modeling
strategies were applied in combination with SEM to check OOP failure modes; see Subsections
4.1 and 4.4.

4.3.1 Discretization of structural components

This subsection addresses the geometrical and structural assumptions made by each team for
modeling the walls, diaphragms and their connections. These assumptions are reported in brief in
Table 4 and discussed to clarify their influence on the seismic assessment.

Table 4 Modeling assumption for approaches based on SEM.

Team Case Effectiv.  Spandrel Floors Roof Connection Stairs
e Height S s
of Piers w w W
- -F -R
W
Finite No
stiffness diaphragm
RG-1 A elastic s (RG- Comp!etel
. y flexible
Coupling orthotropic 1.1)
- beams shell FE Zero- * F F
stiffness Finite
- elastic stiffness
B Rigid shell FE shell FE elastic
(RG-1_2) shell FE
Full . - . -
RG-2 B Rigid Coupling Flnlte F|n|te . F F F|n|te
beams stiffness stiffness stiffness
Offset
RG-3 A Flnlte Expllc_:lt
, . stiffness modeling
Dolce’s  Coupling : Not
with * F F
method beams - . modeled
B Rigid elastic
beams
Finite Finite
stiffness . stiffness
RG-4 A Full . orthotropic I_:|n|te orthotropic
- Coupling stiffness
Rigid membrane G /) F  membrane
beams orthotropic o
Offset - . Rigid
Rigid elastic  membrane X
B shell EE elastic
shell FE
- Finite -
. . Rigid . Rigid
RG-7 B 3Muri's Coupling orthotropic stlffness_ > F  orthotropic
method beams orthotropic
membrane membrane
membrane
Finite * Finite
RG-8 A , . stiffness . *x stiffness
Dolce’s  Coupling L Finite
method beams R|g|d with stiffness k k -
B different * Rigid
classes of
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reinforcement
S
Modified No

- *
RG-9 A Full Trusses diaphragms . No Not
B Rigid Trusses Rigid dlaphsragm F modeled
Offset 9

The connections refer to W-W: Wall-to-Wall, W-F: Wall-to-Floor, W-R: Wall-to-Roof.

Type of connections W-W: * partial connection, ** effective connection with L or T sections, *** connection by zero-
length elements

Type of connections W-F or W-R: |- effective connection, // connection by interfaces

Since many SEM based approaches are based on the equivalent frame method, namely through
discretizing masonry walls as an assemblage of deformable (piers and spandrels) and rigid
(nodes) parts, the first source of dispersion is the definition of the effective height of piers. Teams
RG-2 and RG-4 applied the Full Rigid Offset method in [20], while RG-9 team defined the piers
using a modified approach of this last method, i.e. considering the deformable height as the one of
the adjacent openings for confined piers and adding half height of the node for unconfined piers.
The method by Dolce [58] was assumed by RG-3 and RG-8 teams, while RG-7 team used the
criterion implemented in 3Muri software [12]. The discrete macro element approach by Calio et al.
[13] adopted by RG-1 team is hybrid between CCLM and SEM strategies because each structural
component can be discretized either as one single panel or with several discrete elements
simulating the combined IP and OOP behavior of masonry walls. This approach considers all the
structural components as deformable and the wall discretization resulted from the openings layout.
In global analysis with SEM, the OOP stiffness of masonry walls orthogonal to the seismic action is
usually neglected [57], due to its small contribution. However, RG-8 team analyzed Case B either
considering or neglecting this contribution to determine its influence on the global response.

Spandrels were considered as equivalent coupling beams [17] by most of teams for both
configurations, although in Case A this assumption only applies to those at the 1% floor due to the
presence of tie rods. However, this coupling behavior was neglected by RG-9 team, which
modeled all spandrels for Case A and B as trusses just to couple the horizontal displacements
between piers at floor level.

Regarding horizontal diaphragm modeling, a large variation was observed again, especially in
Case A, due to the arbitrariness in their consideration, ranging from the lack of floors to finite
stiffness diaphragms. RG-3 team considered diaphragms with limited IP stiffness, which were
modeled using elastic shell FEs. Teams RG-1, RG-4 and RG-7 adopted orthotropic elastic
membrane FEs, for which a reduced stiffness was estimated in the weak direction; see Table 4.
The predicted response of the buildings is likely to be influenced by the different approaches, since
floors play a fundamental role in distributing seismic forces to masonry walls. RC slabs in Case B
were in general modeled using elastic shell FEs. RG-8 team performed numerical sensitivity
analysis varying the class of steel reinforcements for the RC slabs (FeB22k and B450C according
to [18]) to estimate their influence on the global response.

The vertical load distribution was in general based on the tributary area of each wall, thus resulting
in point masses lumped at structural nodes of the walls. Some teams (RG-1, RG-2, RG-3, RG-4
and RG-7) strictly considered the floor spanning directions, Erro! A origem da referéncia néo foi
encontrada.while others (RG-8 and RG-9, as well as RG-5 for CCLM) shared a percentage of
vertical loads to walls parallel to floor directions. This assumption is justified if the shared load
corresponds to limited strips with dimensions comparable to the spacing of timber joists (0.5 m) for
Case A, and of RC ribs between hollow blocks incorporated into the slab thickness for Case B. In
addition to the floor aspect ratio and its structural details, the presence of concrete overlay in Case
B, and the compatibility of displacements results in the same load migration.

For example, RG-9 team considered a small sharing to these walls calculated for strips of 0.5 m
and 1.0 m for Cases A and B, respectively. RG-8 team studied the influence of the vertical load
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distribution on the global response with reference to two different load proportions for Case B, in
the main and orthogonal directions, respectively: (1) 80% and 20%, and (2) 90% and 10%.

The dispersion related to modeling timber diaphragms is even higher for the roofing system. RG-3
team modeled explicitly the components of the roof (ridge beam and sill plates above side and
internal walls in the supplementary materialErro! A origem da referéncia néo foi encontrada.)
as elastic beam elements in RG-3_2 model, while the remaining teams considered an equivalent
diaphragm. In case of an equivalent diaphragm, the choices vary from zero-stiffness FE
diaphragms (RG-1_2) to finite stiffness membrane elements (RG-2, RG-4, RG-7 and RG-8 teams);
see Table 4. In the models by teams RG-9 and RG-1 (RG-1_1) there is no roof, consistently with
the lack of floors.

Although the stairs have influence on the dynamic behavior of the structure, they were not always
modeled (RG-3 and RG-9 teams), for simplification. The remaining teams represented the stairs
using the same approach adopted for the timber diaphragms.

The arbitrariness was further increased when considering different assumptions for wall
connections. A numerical sensitivity analysis was performed by RG-8 team concerning this aspect
for Case A, considering full connections with T/L shapes at the wall intersections and corners or
partial connections with related piers presenting rectangular cross-sections coupled by means of
rigid or finite stiffness beams at floor level. This last assumption results in a variation of the normal
load and stiffness, but the wall resistance is still calculated based on the uncoupled section. A
different approach was used by RG-4 team that connected orthogonal piers with zero-length
elements considering a possible failure in tension; see Table 4.

Wall-to-floor connections were considered always effective, according to the information provided
to participants, with the exception of RG-4 team that modeled an interface with perfectly plastic
frictional behavior and a maximum slip (0.2 m). The friction coefficient between mortar and timber
was set to 0.4 for Case A, while the one between masonry and concrete was set to 0.7 for Case B.

4.3.2 In-plane response of structural components

SEM approaches were traditionally developed based on evidence of damage during seismic
events. This is because their occurrence is assumed in particular sections of piers and spandrels
[9]. In these sections, the structural behavior is modeled through nonlinear elements whose
constitutive laws describe the lateral IP response of the component in terms of global stiffness,
ultimate strength and either drift or rotation capacity. An overview of the assumptions on modeling
this IP response is presented here.

The selection of specific elements with nonlinear constitutive laws depends on the potential failure
mechanisms and the related ductile or brittle behavior as observed in experimental tests [59], [60].
Based on the type of masonry, different IP failure mechanisms may be expected, such as flexural
or horizontal sliding at the ends of each element, and diagonal cracking or sliding at its mid part.
Flexural and diagonal cracks are likely to occur if the masonry pattern is irregular (Case A), while
flexural, horizontal and diagonal stair-step cracks may occur for regular ones (Case B). These
mechanisms were considered for piers and also for spandrels if modeled as coupling beams. The
shear capacity of these elements is usually derived based on strength criteria aimed to correlate
the material properties to the overall response of structural components [61], [62].

Different constitutive laws related to the identified mechanisms were considered, i.e. elastic—
perfectly plastic (RG-3, RG-7, RG-8 and RG-9 teams), bilinear with softening (RG-2 team), elastic—
plastic brittle with residual strength (RG-8 team) and multilinear (RG-2 team); see Figure 6Erro! A
origem da referéncia ndo foi encontrada.a-d. The dispersion further increases due to the
different drift or rotation thresholds assumed by each team, highlighting again the large
arbitrariness in practice; see Table 5. These threshold values were defined consistently with the
reference design codes, [3], [63], for RG-4 (Case B) and RG-3 teams, slightly modified from the
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same codes (RG-7, RG-8 and RG-9 teams), or taken from recommendations in the literature. RG-4
team assumed for Case A these thresholds based on a dataset of the drift capacity of stone
masonry walls by Vanin et al. [64], while the strain ductility values recommended by Knox [65]
were considered by RG-2 team for Case B. The scatter is further increased if the change of axial
load (N) on piers is considered for their lateral resistance by coupling axial load with the bending
moment (M), defining a N-M envelope for the plastic hinge (RG-2 and RG-9 teams for Case B).
The change of N mainly occurs if piers are coupled by effective spandrels [17], otherwise a flexural
plastic hinge can be adopted (RG-9 team for Case A).

MV M/ M/
Yy Y, Yy
Y,
xy xu 8/6 xy xu 9/6 Xy xr Xu 8/6
(@) Type 1 (b) Type 2 (c) Type 3 (d) Type 4

Figure 6 Schematic constitutive laws: (a) elastic—perfectly plastic, (b) bilinear with softening, (c)
elastic—plastic brittle with residual strength and (d) multilinear.

Anyway, the behavior of piers and spandrels can also be modeled by using structural elements
with both IP and OOP degrees of freedom. RG-4 team developed a macro element in OpenSEES
software as an assemblage of two blocks which are deformable in shear and can rock for IP and
OOP over the three interfaces at the ends and mid-point [66]. The envelope of the cyclic response
of this macro element (Figure 7) can be assumed as elastic—perfectly plastic for flexure (Type 1,
see Figure 6a), and bilinear with softening for shear (Type 2, see Figure 6b). Regarding the OOP
flexure, the lateral resistance approaches the rigid body rocking solution since second-order effects
are considered (Type 2, see Figure 6c).
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Figure 7 Macro element cyclic response in (a) flexure, (b) shear and (b) OOP rocking, by RG-4 team.
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RG-1 team utilized the discrete macro element developed by Calio et al. [13], which is incorporated
in 3DMacro software [38]. In this case, masonry walls are discretized by means of quadrilateral
elements with rigid edges connected among opposite corners by diagonal nonlinear springs. Each
element interacts to the adjacent ones by means of zero-thickness interfaces with distributed
nonlinear (flexural and shear) links along each side of the element. Orthogonal springs simulating
the flexural behavior present an elastic—perfectly plastic constitutive law (Figure 6a) with a given
rotation based on the maximum compressive and tensile strains [13]. Transversal springs modeling
the sliding shear follow a rigid-plastic constitutive law governed by a Mohr-Coulomb vyielding
criterion. The response of the diagonal springs simulating the diagonal shear can be based either
on the Turndek and Cadovi¢ [67] or Mohr-Coulomb strength criteria, and with the ultimate shear
displacement directly related to a limiting drift defined in design codes, e.g. [3], [63], or obtained
from experimental tests, e.g. [62].
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Table 5 Modeling assumption for approaches based on SEM.

Team Approach Pier Spandrel
Failure mode Description Failure mode Description
Type 1 with max drift of Type 1 with max drift
Flexural 0.6% Flexural of 0.6%
RG-1 HY Diagonal rigid-plastic constitutive Diagonal rlglq-pl'astlc
: T : L constitutive law
cracking/sliding law (Mohr-Coulomb cracking/sliding
o (Mohr-Coulomb
for Aand B criterion) for Aand B L
criterion)
N-M - Type 4 with max M - Type 1 with max
Flexural rotation of 2% Flexural rotation of 1.5%
i . L - Type 2 with
RG-2 LP . L _Type 2 with plastic branch from
Diagonal softening at 0.008% . - .
2 . ; Diagonal sliding  0.009% to 0.8% drift
sliding drift and max drift of d dri
1% and max drift of
1.6%
Type 1 with max drift of Type 1 with max drift
Flexural 0.8% Flexural of 0.8%
RG-3 LP Diagonal . . Diagonal : :
cracking/sliding Type 1 Wgh4$ax drift of cracking/sliding Type lo\]/cvghgcr;ax drift
for Aand B 0 for Aand B o7
max drift is 1% (A) and e
Flexural 0.8% (B) Flexural no drift limits
RG-4 - Diagonal s o Diagonal
cracking/sliding maxaggfglzg'zlg/; A) cracking/sliding no drift limits
for Aand B 0 for Aand B
Type 1 with max drift of Type 1 with max drift
Flexural 1% Flexural of 1%
RG-7 LP : Type 1 with max drift of Type 1 with max drift
Diagonal 0.5% . -
S Diagonal sliding of 0.5% (Mohr-
sliding (Mohr-Coulomb o
o Coulomb criterion)
criterion)
Type 1 with max chord Type 1 with max
Flexural rotation of 1% Flexural chord rotation at 2%
Type 3 with a 40%
i . . strength degradation
RG-8 LP D'?‘QO”?". Type 1 with max chord Dlggonal_ at 0.5% chord
cracking/sliding . cracking/sliding .
rotation of 0.5% rotation and a
for Aand B for Aand B .
maximum chord
rotation of 1.5%
M (A), N-M (B) - Type M - Type 1 with max
Flexural 4 \yith max drift of 0.6 T exural drift of 0.6%
RG-9 LP i i
D'?‘QO”‘?". M - Type 1 with max D'?‘QO”?". M - Type 1 with max
cracking/sliding . cracking/sliding ;
drift of 0.4% drift of 0.4%
for Aand B for Aand B

The acronyms stand for A: stone masonry structure, B: brick masonry structure.
LP: Lumped Plasticity, HY: hybrid discrete macro model.
N—M: plastic hinge coupling bending moment and axial load, M: flexural plastic hinge, L: link elements.

4.4 Macro-Block Models (MBM)

MBM approaches are usually applied to existing URM structures without box-like behavior, by
considering an assemblage of rigid blocks for portions of the structure (usually walls or parts of
walls) [9]. These blocks are defined based on evidence of damage to buildings during seismic
events, which simulate the observed failure modes, e.g. [68]. This modeling approach considers
the potential collapse mechanisms of macro blocks according to a limit analysis under the
conditions by Heyman [69] originally proposed for the behavior of masonry arches (zero tensile
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strength, no sliding between blocks and infinite compressive strength), then extended to URM
buildings.

Although this strategy could have been used to assess potential local mechanisms in Case A,
namely overturning or vertical arching, especially for Facades 1 and 4, it was only applied by one
team. These OOP mechanisms are strictly related to the structural characteristics of the buildings.
Indeed, the double slope roofing system can result in lateral thrusts not resisted by side walls due
to the lack of tying elements at the upper level of the building, in both Cases A and B. For Case B,
these thrusts can be avoided by the presence of a RC tie beam, but no information was provided in
this respect (thus, the assumption on the most probable behavior was to be determined by the
research teams). Moreover, in Case A, the presence of tie rods at the 2" floor can lead to potential
vertical arching mechanisms of the lower part of Facade 1 or overturning mechanisms of its central
wall, since it is unloaded and may not be sufficiently restrained by floors, even though effective
connections wall-to-floor were stated in the data sheets; see Section 3. Similar vulnerabilities can
be identified for Facade 4, in which the restraint of timber stairs is limited and the facade span is
not reduced by any transversal internal wall.

The OOP vulnerability of the central wall of Fagade 1 for Case A was assessed only by RG-9 team
considering no restraint of tie rods and ineffective wall-to-floor and wall-to-wall connections. RG-8
team adopted MBM in Case B to assess the overturning mechanism of gables. This is consistent
with the fact that existing URM buildings are highly vulnerable to this type of OOP mechanism as
observed in post-earthquake scenarios, e.g. 2009 L’Aquila earthquake (see Figure 3). The
activation of the mentioned mechanism largely depends on the structural connection between the
gable walls and timber struts that may cause the expulsion of the external leaf of the wall, or more
severe damages.

5 Methods of analysis

The seismic vulnerability assessment can be performed by means of global or local analyses
based on the initial assumptions about potential failure mechanisms. Global analysis ensures
reliable results for structures with a prevailing IP behavior of walls, effective wall-to-wall, wall-to-
floor and wall-to-roof connections, and sufficiently stiff diaphragms, while local analysis should be
performed if existing structures do not evince these features. The scale of analysis can consider
sequentially global and local effects, or vice-versa, once the structural elements most likely to be
damaged are identified. Methods of analysis also vary in terms of description of structural behavior,
from linear to nonlinear, and in terms of calculation of seismic effects by solving equilibrium
equations statically or dynamically, meaning different representations of seismic actions.

An overview of the methods of analysis used by the participating teams is presented in Figure 8.
Again, after the identification of each team and modeling strategy, an additional letter follows this
tag if the team considered more than one analysis, e.g. RG-2_2a. In most cases, nonlinear static
(pushover) and dynamic (time-history) analyses (NLSA and NLDA respectively) were performed
since linear analysis has limited application for masonry [5]. However, RG-6 team performed linear
static analysis (LSA) in combination with linear kinematic limit analysis (LKLA) for the analysis of
OOP mechanisms for Cases A and B.

RG-8 team used LKLA and nonlinear kinematic limit analysis (NLKLA) to study the local OOP
behavior for Case B. For Case A, LKLA was also applied by RG-9 to assess the OOP vulnerability
of Facade 1. Such limit analysis methods can assess only NC conditions since they are based on
the upper bound theorem of plasticity. RG-2 team performed eigenvalue analysis (LDA) of a shell
FE model (RG-2_2) to compare the resulting modal parameters with those from the discrete
interface model in 3DEC (RG-2_1) before performing NLDA. Moreover, LSA was carried out using
a hybrid shell-frame model (RG-2_2) to calculate the axial load on the piers of Facade 1. Finally,
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NLSA and incremental NLDA were applied to an 2D equivalent frame-based model (RG-2_3) with
lumped plasticity at element ends.

Structural Behavior Structural Behavior
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Figure 8 Overview of methods of analysis adopted by the participating teams: (a) Case A and (b)
Case B.

The main assumptions in terms of representation of the seismic action, definition of control points
and additional input for nonlinear analyses, are briefly reported and discussed in the following, as
well as the requirements to be met for the adopted criteria at both limit states of NC and DL.

5.1 Assumptions regarding nonlinear analysis procedures

The arbitrariness in the application of nonlinear analysis methods can be large, as well as in the
choice of the appropriate engineering demand parameter to define the attainment of limit states.
For nonlinear static analysis, the global response of a building corresponds to the relation between
base shear force and displacement at a control node selected by the user. This response is
representative of two building configurations: undamaged structure, which is usually obtained by
applying a load pattern distribution proportional to the shape of its fundamental mode, and
extensively damaged structure with a mass proportional distribution. Other load distributions may
be chosen, e.g. a triangular shape may be used as a simplification of the first mode proportional.
The verification procedure consists of comparing demand against capacity, which are both referred
to an equivalent SDOF system whose properties consider the nonlinear behavior of masonry.
Since the seismic response of a building is implicitly considered in nonlinear dynamic analysis, the
arbitrariness relates to the representation of seismic action and to the interpretation of results in the
post-processing phase.

As expected, the variability for Case A was larger than the one for Case B, because in the first
configuration, the assumptions resulting from the box-like behavior do not apply. The provided data
limits the arbitrariness, specifying the seismic action according to Eurocode 8 Part 1 [17], but still
the range of variation of its representation among the teams was quite large. Type 1 elastic
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response spectrum was assumed to describe the seismic action, considering soil class B and the
corresponding parameters as given in the supplementary material.

Therefore, the seismic action for NLDA was represented with a sufficiently large set (3+7) of
recorded or synthetic accelerograms by RG-4 and RG-5 teams, and by RG-2 and RG-8 teams,
respectively. The accelerograms were scaled or generated to match the assumed shape of the
response spectrum (Figure 9a-b). Numerical dynamic analyses were performed combining the
effects of horizontal components of the seismic action as recommended in [17], except in those by
RG-8 and RG-2 teams. For RG-8 team, the seismic action was only applied in the transversal
direction to investigate the OOP behavior of Facade 1 for Case A (RG-8_2), while for RG-2 team,
the action was only considered in the longitudinal direction of the building for Case B (RG-2_1) and
parallel to Facade 1 to estimate its IP response (RG-2_3b); see

Table 6. However, no research team considered the combined effects of horizontal components of
the ground motion with the vertical one. Indeed, there are not many studies on the topic in
literature, and especially for nonlinear static analysis it is still not clear how to combine the seismic-
induced vertical and horizontal loads. Concerning the dynamic response, the simultaneous
application of horizontal components and the vertical one may result in instantaneous
amplifications or reductions of the building seismic response. However, the few studies available in
literature are still inconclusive whether the results obtained by neglecting the vertical component
are conservative or unsafe (e.g. see [70], [71]). Also the Codes are not unanimous about this
effect: the New Zealand guidelines for seismic assessment of buildings [19] state that the vertical
acceleration may be neglected when assessing the stability of masonry walls, while other Codes
(e.g. EN 1998-1 2004 [17] or the Italian Building Code [18]) indicate specific situations in which it
should be considered although they are valid for all the structural typologies and not specifically
masonry oriented (e.g. in presence of large spans or horizontal pre-stressed components, just to
name a few).

In NLDA, the choice of a damping model and the related parameters influence again the results,
but their definition was reported just in two cases. RG-2 team adopted a mass proportional
damping with 4% damping ratio for the brick masonry structure (Case B), while RG-4 team used
Rayleigh damping, mass and initial stiffness proportional, with 3% damping ratio for the first mode
and three times the value corresponding to this mode for both building configurations (Cases A and
B). In this last case, there is some consensus in estimating the lower bound frequency for the
calculation of Rayleigh damping parameters, but the selection of the higher bound frequency is
less consensual, so resulting in additional variability.
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Figure 9 Acceleration spectra of the selected accelerograms by teams (a) RG-4 and (b) RG-5,
compared to Type 1 elastic response spectrum in Eurocode 8 Part 1 [17].

Table 6 Assumptions for nonlinear dynamic time-history analysis.

Approach Cases Combination of the effects of .Tlme-h'lstory Reprgsentatlv
: input signals e point(s) of
the horizontal components of the building
the seismic action as in [17] response
RG-2 1 B i 7 synthetic top nodes at
- accelerograms the 4 corners
7 synthetic Facade 1
RG-2_3b B (Facade 1) - accelerograms central upper
node
RG-4 Aand B ) 7 natural Facades upper
accelerograms nodes
top nodes of
3 natural gables
RG-5 B v accelerograms (Facades 2 and
3)
. Facade 1
RG-8 2 A (Facade 1) - ac?:;)é rr](t)rz;erg(r:ns lateral upper
node

The arbitrary definition of the representative point(s) of the building response was a source for
higher dispersion of results, especially for Case A (with flexible horizontal diaphragms), in which
different nodes were selected; see

Table 6 and Table 7. Considering the displacement of a single node or the average value from
multiple points can further increase the arbitrariness. Since RG-9 team modeled the structure of
Case A without floors, the resulting pushover curves are closely related to the response of each
pier of the building measured at the corresponding control node at top level; see Table 7.
Moreover, in dynamic analysis the maximum displacement may not occur for the maximum base
shear force, thus different approaches were defined, such as considering maximum or mean
values (RG-2 team).

Regarding NLSA, the seismic action was generally applied in both main horizontal directions and
positive/negative sign to consider its spatial variation [17], except for one case related to Facade 1
(RG-2 team). The lateral load distribution was in general assumed (by RG-2, RG-3, RG-7, RG-8
and RG-9 teams) with both “uniform”, i.e. mass proportional, and “modal’, i.e. proportional to 1%
mode, patterns according to [17], while RG-1 team considered only the “uniform” pattern (Table 7).
RG-7 and RG-9 teams have also performed the analysis considering the accidental eccentricity in
both main directions.

Table 7 Assumptions for nonlinear static pushover analysis.

Team Cases Seismic Lateral load pattern Accidental Representativ
actions eccentricity e point(s) of
the building
response
+long and top nodes of
RG-1 Aand B +transv uniform - gables in
directions Facades 2 and
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3 (A), centroid
of top level (B)

B (Facade +long uniform and modal (1% Facade 1
RG-2 C ! - central top
1) direction mode proportional) node
+long and nodes of walls
+ . .
RG-3 Aand B +ransy uniform and qual (1s i at top Ie\{el
e mode proportional) (A), centroid of
directions
top level (B)
RG-7 B ilft?gnzcd uniform and qual (st v nodes of walls
directi mode proportional) at top level
irections
uniform and modal (1%t nodes of walls
+long and  mode proportional for at top level
RG-8 Aand B +transv A and B, plus linearly v A) ceﬂtroid of
directions increasing along the ’ level
height for B) top level (B)
nodes of walls
RG-9 Aand B +x and £ty  uniform and modal (1% i at top level (A)
directions mode proportional) centroid of top

level (B)

5.2 Definition of limit state criteria

The differences in predictions of the seismic capacity of existing URM buildings can increase due
to the definition of limit state criteria. In the blind prediction test, the minimum PGAxc and PGApL
were requested as engineering demand parameters; see supplementary material. However, no
criteria to define the attainment of these limit states was specified in the data provided to
participants. Indeed, such definition may depend on the method of analysis and it results in
different criteria according to the adopted design code (e.g. [3], [63]) and/or the user judgment.

The proposed classification of criteria adopted by teams to define the attainment of NC limit state
considering both IP and OOP mechanisms is presented in Table 8. Criterion 1 (Cnca) is related to
the reduction of the maximum base shear force from the pushover analysis. Cnc2 defines the
attainment of NC limit state as the first failure of one macro element, e.g. pier or facade wall. Cncs
is associated to convergence issues in the numerical simulation, which is hardly a sound criterion
as it is also user or software dependent. NC condition for OOP mechanisms corresponds to the
loss of static equilibrium according to Cnc1 and Cnce2 criteria.

Table 8 Classification of criteria for NC limit state.

Limit state Chci1 Chez Chncs
reduction of base shear
NC capacity and loss of
equilibrium

failure of one macro element

g lack of convergence
and loss of equilibrium 9

A more detailed definition of each NC attainment criterion considered by the different teams is
given in Table 9, in which this choice is also associated to the methods of analysis. It can be
observed that, in the case of NLSA, Cnci global criterion is the most frequent (RG-1, RG-3, RG-7
and RG-8 teams), while for NLDA local drift checks are performed at structural element level (Cncz)
by RG-2 and RG-4 teams.

Table 9 Criteria for defining NC limit state for each team.

Team Failure modes Criterion  Analysis method
IP OOP
S - -
RG-1 20% reduction of base shear capacity / lack of Chneci, NLSA
convergence Cncs
RG-2 Facade 1 becomes unstable Cnez, NLSA and NLDA

(SEM) and lack of convergence Cncs
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(DIM)
20% reduction of base shear

RG-3 . Cnec1 NLSA
capacity
one pier reaches the drift limits of
1.0% for flexure and 0.7% for loss of static
RG-4 shear (Case A), and 0.8% and equilibrium Cnez NLDA
0.4% for Case B
RG-5 lack of convergence Cncs NLDA
loss of static
RG-6 failure of all piers in Facade 1 equilibrium of gables Cne2 LSA and LKLA

in Facades 2 and 3

0 .
RG-7 50% reduction of base shear Cret NLSA

capacity
NLSA and NLDA

RG-8 20% reduction of base shear loss of static Cret (A)
capacity equilibrium NLSA and
L/NLKLA (B)
one pier reaches the drift limits of loss of static NLSA and LKLA
RG-9 0.6% for flexure and 0.4% for equilibrium Cne2 (A)
shear NLSA (B)

The definition of each criterion for the attainment of DL limit state adopted by the few teams
providing predictions is given in Table 10. Most teams (RG-1, RG-4 and RG-8) relate the DL
attainment to inter-story drift limits, but RG-6 team assumed the limit state once one pier of Facade
1 was damaged. In the column of OOP failure modes, the star refers to analysis considering only
IP failure modes, while the hyphen states a combined approach (IP+OOP) in which a DL limit state
criterion for OOP response is not available.

Table 10 Criteria for defining DL limit state for each team.

Team Failure modes
IP OOP
RG-1 inter-story drift of 0.3% -
RG-4 inter-story drift of 0.2% crack width reaches 2 mm
RG-6 failure of one pier in Facade 1 *
RG-8 inter-story drift of 0.3% *

- combined approach (IP+OO0P) with OOP criterion not available.
* only IP approaches.

6 Results of the predictions

Each participant team reported the minimum value of PGAnc and the associated failure
mechanism, in addition to the adopted approaches for modeling and analysis. The following
optional results were also requested, if available: range of variation of PGAnc obtained from
different failure modes associated to IP and/or OOP responses, and value of PGAp.. This section
presents an overview of the obtained outcomes for Cases A and B, which will be compared to
assess the dispersion resulting from the different choices as regards the modeling strategies and
methods of analysis.

After the blind exercise, 11 and 16 predictions related to NC were collected from the involved
teams for Cases A and B, respectively, while only 5 predictions related to DLs were received for
Cases A and B; see Figure 10. The total number of predictions differs for Cases A and B, and for
NC and DL limit states, because the modeling of the two buildings and the consideration of the two
limit states was constrained by the tools available to the different teams and/or by their numerical
approaches. As stated, Case A represents a non-engineered existing building and the predictions
at DL limit state may require additional checks, particularly regarding the OOP mechanisms, thus
resulting in a lower number of predictions. Regarding the lower number of DL predictions, it is
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worth mentioning that only the ultimate states (i.e. NC or the life safety conditions) are mandatory
in some codes, e.g. [46]. Most teams (7 out of 9) provided predictions associated to both IP and
OOP responses, resulting from combined or sequential approaches (see Sections 4 and 5), with
the exceptions of RG-3 team for Case A, and the RG-3, RG-7 and RG-9 teams for Case B. For this
last case (B), some teams neglected the OOP mechanisms because of given structural details, i.e.
presence of systematic RC tie beams and rigid floors, which allow to assume the box-type
behavior, also applicable in design of new buildings.
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Figure 10 Number of predictions provided by teams for the considered case studies and limit states.

6.1 Case A: Comparison of failure modes and capacity curves

The building configuration for this case presents intrinsic vulnerabilities potentially leading to both
IP and OOP failure mechanisms, which are strictly governed by the modeling assumptions; see
Section 4. Indeed, the seismic behavior of this building is highly influenced by the type of horizontal
diaphragms and the lack of tie rods; see Section 3. In the following, the predicted failure modes are
briefly reported and compared to evaluate their consistency, as well as the capacity curves
available from pushover analysis.

The reported failure mechanisms were classified according to the related IP or OOP modes of
specific structural components (Figure 11). Reference is made to the modeling strategy, method of
analysis and failure modes, even if the corresponding picture is not available. Most predictions
showed significant damage in the unloaded Facades 1 and 4, as well as in the gables of Facades
2 and 3. In patrticular, predicted damage of Facade 1 included: diagonal cracking for all piers at the
ground floor (RG-6); diagonal cracking and rocking mechanisms of piers at the ground and 1%
levels (RG-1_1); widespread rocking of piers at the building base and of spandrels at each level
(RG-8_1). These mechanisms were grouped into the class of IP failure modes of Facade 1 at
ground floor. When the predicted IP mechanisms refer to rocking of piers/spandrels at the 2™ level,
they fall into class IP failure modes of Facade 1 at 2" floor, namely for both models by RG-3 team
with flexural and shear mechanisms respectively shown at the left and right sides of Figure 11.
Contrarily, RG-9 team foresaw the longitudinal internal wall as the critical one, with rocking
developed at the base of each pier. This was included into a specific class in Figure 11.
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The lack of tying elements at the top level resulted in predictions of overturning of the upper wall of
Facade 1 (RG-4 and RG8_2) or Facade 4 (RG-1_2), in which also a mixed mechanism with
overturning and horizontal arching was foreseen by RG-1 team; see Figure 11. Neglecting the
restraint of tie rods, orthogonal walls and floors by RG-9 team resulted in the overturning of the
central wall of Facade 1. The overturning of gables in Fagades 2 and 3 is likely to occur due to the
pounding of timber struts, as confirmed by the prediction of several teams (RG-1, RG-4 and RG-6).
In general, OOP mechanisms activate first than IP ones for Case A if a combined approach
(IP+OO0P) or a sequential one (firstly IP, then OOP, or vice-versa) is considered; see Figure 11.
Moreover, the assumption of the most critical elements (i.e. base piers of Fagade 1 and gable walls
in Fagades 2 and 3) by RG-6 team is consistent with the predictions of other teams.

IP ooP IP+OOP M
IAATAIRITOD |
SEM - NLSA .‘ \
W m R 1 j
= SEM - NLSA LSA L Img SEM -'NLSI-:
g | o [RG-1_11¢8 [RG-6] ot I = [RG-9_110

IP failure modes of Fagade 1 and longitudinal internal wall at ground floor

[] " SEM-NLSA . "7 SEM-NLSA
[RG-3_1] 1 [RG-3_2]

IP failure modes of Facade 1 at 2" floor

£ X

r SEM - NLDA DIM - NLDA SEM - NLSA CCLM - NLSA
[RG-4] 8 [RG-8_2]1 [RG-1_11 [RG-1_2]1 1
OOP failure modes of Fagade 1 and Facade 4 at 2" floor

SEM - NLSA CCLM - NLSA LKLA SEM - NLDA

[RG-1_1] M [RG-1_21 1 [RG-6] [RG-41
OOP failure mode of gable walls of Facades 2 and 3

Figure 11 Classification of predicted failure modes for Case A.

The capacity curves provided by the participating teams that performed pushover analysis have

been compared to evaluate their differences in terms of initial stiffness, maximum value of base

shear force (V;,,4,) and displacement capacity, which are presented in Figure 12 for the longitudinal

and transversal directions. Each prediction is labeled with an aleatory number and the

corresponding load pattern to avoid any reference to teams and software used by them. Since no

information about weight of the building and height of control points was provided, the results are
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not presented in terms of load factor and drift ratio. In any case, the set of capacity curves
evidences a huge scatter.

The arbitrariness in modeling the effect of cracking can result in different initial stiffness values of
the predicted capacity curves, which are given in

Table 11. The reported values were calculated as the secant stiffness at 15% of 1;,,,, and, when
considering both the positive and negative senses, an average stiffness is computed if |V, | #
|—Vnax|- The dispersion is given as percentage difference from the mean stiffness in the
longitudinal or transversal directions, kiy.g case a OF keransvcase 4, F€Qardless of the adopted load pattern.
If specific constitutive laws with stiffness degradation are not adopted, the elastic modulus should
be reduced to account for this phenomenon, typically 50% of the stiffness of uncracked elements
[17]. Although this information was not reported by each team, it may be implicitly assumed (except
by RG-2 team) for all the predictions considering Eurocode 8 Part 1 [17] or NTC 2008 [63] as
reference building codes. A comparable initial stiffness is observed, especially between curves 3, 4
and 5 for a same load pattern in Figure 12a and

Table 11. The variation reduces for these curves in the transversal direction (Figure 12b), but the
differences in V,,,, are significant (up to 120% when using the average value as reference). The
structure presents lower stiffness and force capacity in the longitudinal direction and for modal load
pattern, mainly because of the lower wall density and limited floor weight on piers. The lowest
capacity in terms of force is for curve 5 in Figure 12, mostly due to the modeling assumption of
spandrels with brittle behavior. Curves 1 and 2 in Figure 12a, which were obtained from a
combined IP+OOP approach, denote a base shear capacity similar or even lower than those
resulting from IP approaches, because OOP mechanisms limit the global capacity. However, the
differences in the initial stiffness associated to these curves are significantly high (up to 150% of
Kiong,case 4), POSSibly due to different assumptions in the conventional coefficients assumed to
simulate the stiffness degradation phenomena associated to the damage for flexural and shear
behavior. As mentioned before, these coefficients correspond to the reduction of 50% of the
stiffness related to both flexural and shear contributions in uncracked structural elements.
However, in some cases, only the stiffness reduction for shear damage is considered, so assuming
that the degradation associated to the flexural behavior may be captured directly by the model (e.g.
when a fiber approach or other more refined solution is adopted).

Since the displacement capacity is usually determined based on the 20% reduction of base shear
strength [17], it cannot be calculated from all curves because the softening branches are not fully
developed due to missing convergence or the fact the curves were reported only until this point.
Still, the difference in maximum displacement is significant among the curves. Yielding occurs
around 5 mm for curves 1, 2 and 5, and 10 mm for curves 3 and 4 in both directions (Figure 12). A
sudden vertical drop of V},,, is observed especially for curves 3 and 4. The differences are also
due to the selection of control points whose definition was not similar among teams, since Case A
presents flexible timber diaphragms; see Section 3.
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Figure 12 Capacity curves in (a) longitudinal and (b) transversal directions for Case A.

Table 11. Initial stiffness of pushover curves for Case A.

Curve tag Load pattern
Uniform Modal

klong ktransv klong ktransv

kN/m kN/m kN/m KN/m
1 487645 (150%) 650193 (108%) - -
2 389146 (100%) 650193 (108%) - -
3 170575 (-12%) 258425 (-17%) 141037 (-28%) 214298 (-31%)
4 177219 (-9%) 291383 (-7%) 142825 (-27%) 238764 (-24%)
5 108680 (-44%) 259268 (-17%) 87273 (-55%) 188675 (-40%)

Mean values: kiong case 4 = 194672 kN /m; Keransycase 4 = 312839 kN /m

6.2 Case B: Comparison of failure modes and capacity curves

The building structure for this case is expected to exhibit more global behavior than the one of
Case A due to the good bond of its brick masonry, the presence of RC horizontal diaphragms and
RC tie beams and effective connections. These features ensure that the IP response of walls will
be mobilized, even if OOP mechanisms can still potentially occur in the upper parts of the external
facades. The consideration of these mechanisms in the numerical models depends on the
assumptions for the wall-to-roof connection. The results for Case B are presented consistently with
the organization of the previous section for Case A, in terms of predicted failure modes and
capacity curves.

Although there are some differences in terms of predicted failure modes and their extent between
the two configurations, these modes are still classified according to the classes defined for Case A
in Subsection 6.1. Two additional classes were considered, i.e. IP failure mode of Facade 1 related
to rocking of piers at the building base and diagonal sliding of upper spandrels, and IP
mechanisms of Facade 2/3 at ground floor. Many predictions for Case B show the sliding shear
failure of piers as the most likely damage scenario for Facade 1, rather than flexural failures. While
in Case A it was in general predicted that Facades 2 and 3 would not be heavily damaged, in Case
B it was foreseen that they would present severe horizontal and diagonal sliding mechanisms at
the ground floor.
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OOP collapses of the upper parts of Facades 1 and 4 were predicted just in two cases (by RG-1
and RG-4 teams), while, for Case A, they were always foreseen when using a combined IP+OOP
approach. The global behavior in Case B is also demonstrated by the damage pattern of all walls
in the longitudinal direction, which is compatible with a global rocking mechanism of the building,
as exemplified in Figure 13, according to the prediction by RG-1 team.

(b) (c)
Figure 13 Damage predictions by RG-1 team in the longitudinal direction: (a) Facade 1, (b) internal
wall and (c) Facade 4.

The IP failure mechanisms are also in this case diagonal sliding of piers in Facade 1 at the ground
floor as predicted by RG-4, RG-6 and RG-7 teams. This diagonal sliding is combined with rocking
of piers in the predictions of RG-2 and RG-3 teams; see Figure 14. However, the estimation by
RG-9 team showed the longitudinal internal wall as the most critical in the building, with rocking of
each pier at the ground floor as in Case A; see Subsection 6.1. The same wall presents, according
to the prediction of RG-1 team, damage by diagonal sliding combined with rocking (Figure 13b).
RG-4 team foreseen also large deformations at upper elements together with gable overturning in
Facades 2 and 3.

Based on incremental nonlinear time-history analyses, RG-2 team predicted horizontal sliding of
the upper piers and diffused diagonal sliding of spandrels, together with rocking of the base piers
of Facade 1. The damage of spandrels was foreseen by RG-5 team as well; see Figure 14.
According to the predictions of RG-1 and RG-8 teams, Facades 2 and 3 show diagonal sliding
shear of the long pier at the ground floor. This failure mode was also predicted by RG-3 team,
combined with rocking of the small pier at the ground and 1% floors, and with diagonal sliding of the
transversal internal wall at ground level. RG-9 team reported the rocking failure of both walls at the
base of Fagades 2 and 3.

OOP mechanisms are still possible with overturning of the upper part of Facade 1 or Fagade 4, as
predicted by RG-4 and RG-1 teams, respectively, or overturning of the gables of Facades 2 and 3
according to RG-1, RG-4 and RG-8 teams. A mixed vertical and horizontal arching mechanism of
the upper part of Facade 4 was also predicted by RG-5 team because of the presence of a
physical gap between stairs and side walls; see Subsection 4.2 and Figure 14. This was still
classified in the same class, although the OOP mechanism is a combination between horizontal
and vertical arching.
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Figure 14 Classification of predicted failure modes for Case B.

The same comparison made in Subsection 6.1 between capacity curves is made for Case B in
Figure 15a-b for the longitudinal and transversal directions, respectively, and in Table 12 for the
corresponding initial stiffness, again with unacceptable scatter. The building still presents lower
stiffness and V},,,, in the longitudinal direction and for modal loading (1% mode proportional), but
the differences in terms of initial stiffness and 1;,,, are larger than in Case A. These results were
unexpected since Case B represents a code-based existing building, with its seismic response
mainly controlled by the IP behavior of masonry walls. This is true especially when assuming floors
as rigid diaphragms and a good wall-to-wall connection, able to activate the flange effect. Both
aspects may alter in a significant way the load redistribution among walls in the linear and
nonlinear field. This is why the modeling of heavy and stiff floors and the coupling among walls with
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different approaches may result in a not negligible dispersion of predictions. Indeed, the global
response of the building depends on the capacities of the masonry panels, which are much
affected by the axial load acting on them.

The largest differences are for curves 1 and 2 corresponding to uniform loading, i.e. up to 180% of
kiong,case - WhiCh were obtained considering a combined IP+OOP approach. The range of variation
significantly reduces if only curves 3—7 are compared against the absolute differences of V.,
(127% when considering the average value as reference) and of initial stiffness (up to 78% of
kiong,case ) SiMilar to those of Case A (120% and 55%, respectively). The lower initial stiffness of
curve 6 in Table 12 is related to the assumption of larger effective height of unconfined external
piers, so smaller rigid nodes at their ends, as well as the associated lower V,,,, of the building is
related with the limited drift capacity of the adopted plastic hinges at the piers. Regarding the
displacement capacity, the structure fails around 15-20 mm at curves 2, 3, 4 and 7 for both
directions (Figure 15). A lower ductility is observed when compared with Case A, due to the more
brittle behavior of the activated shear sliding failure mechanisms.
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Figure 15 Capacity curves in (a) longitudinal and (b) transversal directions for Case B.

Table 12. Initial stiffness of pushover curves for Case B.

Curve tag Load pattern
Uniform Modal

klong ktransv klong ktransv

kN/m kN/m kN/m kKN/m
1 519344 (179%) 700243 (164%) - -
2 520364 (180%) 719032 (171%) - -
3 126429 (-32%) 177103 (-33%) 103010 (-45%) 143541 (-46%)
4 135546 (-27%) 187242 (-29%) 107454 (-42%) 150579 (-43%)
5 173559 (-7%) 234295 (-12%) 168600 (-26%) 192087 (-28%)
6 54368 (-71%) 107681 (-59%) 41265 (-78%) 81983 (-69%)
7 146831 (-21%) 232838 (-12%) 137204 (-26%) 202225 (-24%)

Mean values: kiong case 5 = 186158 KN /m; Kiransv,case 5 = 265060 kN /m

6.3 Comparison of predicted PGAs

The minimum PGAs associated to the failure mechanisms at NC limit state described in
Subsections 236.1 and 0, as well as those at DL limit state were compared to assess the
dispersion of results in the blind prediction test. This dispersion is calculated as a percentage
difference from the mean PGA value provided by the different teams, regardless of failure
mechanisms, modeling strategies, methods of analysis and definition of limit state criteria. The
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differences are reported and commented without any reference to teams and software used by
them, thus using a random numbering from 1 to 9.

The predicted values of PGAnc are scattered for both configurations, ranging from 0.064g to 0.32g
in Case A, and from 0.12g to 0.59¢ in Case B; see Table 13. The mean values are 0.19g for Case
A and 0.28g for Case B, with standard deviations (and coefficients of variation, CoV) of 0.084g
(45%) and 0.16g (58%), respectively. Both minimum and maximum PGAsnc for Case B are almost
twice the ones for Case A, while the CoVs are not so different (excessively high in any case). This
is consistent with the fact that Case A was expected to be more vulnerable than Case B, but, as
stated before, more homogenous values were expected in Case B. The minimum value of PGAc,
min fOor Case A results from a different schematization of the building, which was modeled as a
series of cantilever piers, whose horizontal displacement is coupled at floor level by means of truss
elements. This may represent the lower bound for Case A, with no diaphragms (see Subsection
4.3).

Table 13 Statistical data of the predictions at NC limit state.

Case PGANc min  PGANC, max Difference PGANc, mean CoV
g g g g -

A 0.064 0.32 0.26 0.19 45%

B 0.12 0.59 0.47 0.28 58%

The percentage differences of predicted PGAnc values from their mean value for each building
configuration are shown in Figure 16. Two predictions for both configurations exceed the threshold
of the mean value plus/minus the standard deviation, with a maximum distance to the average of
111% and 72% of the standard deviation for Cases B and A, respectively. Unexpectedly, 4
predictions out of 9 for Case A present a difference from the PGAnc, mean lOower than 5%, while just
one is within this range for Case B.
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— PGA_NC, mean+st.dv, Case B —— PGA_NC, mean-st.dv, Case B

Figure 16 Differences in NC predictions from the mean values per configuration.

Regarding the predictions related to DL limit state, the values of PGAp. range from 0.075g to 0.27g
in Case A, and from 0.12g to 0.48g in Case B. Despite the number of predictions being small and
the statistic sample is not significantly representative, the mean values are 0.15g for Case A and
0.25g for Case B, with standard deviations (CoVs) of 0.087g (58%) and 0.16g (65%), respectively.
A trend similar to the one for the NC predictions is shown in Figure 17 in terms of maximum
differences (80% and 93% of the standard deviation for Cases B and A, respectively) and one
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PGAG. for each building case exceeding the threshold of the mean value plus/minus the standard
deviation.
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Figure 17 Differences in DL predictions from the mean values per configuration.

Each prediction is related to a given approach in terms of considered failure mechanisms (IP,
OOP, IP+OO0P), modeling strategies (DIM, CCLM, SEM and MBM), methods of analysis (LKLA,
NLKLA, NLSA, NLDA) and limit state criteria (Cnc1, Cnecz and Cncez); see Sections 4 and 5. Thus the
PGA values were grouped to be compared among the considered classes of approaches. In this
case, the trend of standard deviations among classes is more representative than the difference
from the PGAmean because this difference depends also on the number of predictions for each
class against the total ones. For the sake of clarity, this number is given in brackets for all the
classes, e.g. IP (5).

The percentage differences of NC predictions per failure mode from the reference PGANc, mean
values (i.e. 0.19g and 0.28g for Cases A and B, respectively), as well as the standard deviations
for each class (highlighted with a red dash-dot line), are shown in Figure 18. The values for Cases
A and B are comparable, with lower differences for the IP and OOP classes of mechanisms, and
presenting a larger difference for the IP+OOP class. The trend of standard deviations is similar for
both Cases A and B, with a narrowing of the scatter for the OOP class and a fully positive scatter
domain of predictions for the IP+OOP class. A wide deviation range is observed in Figure 18b for
Case B, thus the dispersion is still large even considering the same type of failure modes.
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Figure 18 Differences in NC predictions per failure mode for (a) Case A and (b) Case B.

When the predictions are grouped according to the modeling strategies presented in Section 4, the
lowest differences occur for DIM, SEM and MBM in Case A, and for SEM in Case B, as shown in
Figure 19. Since the reference PGAnc, mean Value for Case A results from most predictions obtained
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by approaches using SEM, the difference related to this modeling class is almost zero (—2%), but
the deviation is quite large (x41%). The same consideration applies to Case B, although there are
more predictions resulting from modeling strategies others than SEM when compared to Case A,
i.e. 5 against 3. The largest difference in Case B is observed for CCLM class, with its PGAnc value
exceeding the reference standard deviation (+58%) and presenting a wide deviation range (118%)
due to the different limit state criteria. The minimum deviation range corresponds to MBM class in
Case B, also because the relating predictions resulted from the same team.
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Figure 19 Differences in NC predictions per modeling approach for (a) Case A and (b) Case B.

Regarding the predictions grouped according to methods of analysis presented in Section 5, the
most representative samples are those related to nonlinear analyses, both static and dynamic (7
and 2 out of 11 for Case A, and 9 and 4 out of 16 for Case B, respectively); see Figure 20.
Although the difference for NLSA is small for Case A (7%), the class-related standard deviation
exceeds the reference deviation (x45% and £58% for Cases A and B, respectively) indicating a
large dispersion of results. This dispersion resulted from the arbitrariness in the modeling and
representation of the seismic action by teams as presented in Sections 4 and 5. For NLDA, the
difference as well as the deviation range are lower (Figure 20a). A similar trend is observed in
Figure 20b for Case B in terms of deviation range, but in an opposite order when compared to
Case A, i.e. difference of 22% for NLSA and 36% for NLDA. As expected, the PGAsnc for LKLA
and NLKLA classes are lower than the reference PGAnc, mean (i.€., —31% and —36% in Case B,
respectively) because they are related to the OOP mechanism of gable overturning whose
vulnerability is expected to be even larger. The same consideration applies to the overturning of
Facade 1 for Case A, in which the PGAsnc for LKLA is 39% less than the reference PGAnc, mean
(0.199).
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Figure 20 Differences in NC predictions per analysis method for (a) Case A and (b) Case B.

Eventually, the predicted PGA values were grouped based on the proposed classification of NC
criteria presented in Subsection 5.2. A similar trend is shown in Figure 21 for Cases A and B: the
PGAnc values for criteria Cnec1 and Cnez are close to the reference PGANc, mean Value, but for Case
B the deviation range is larger. More scattered results can be observed for criterion Cncs because
its definition is related with computational convergence, so no having physical meaning.
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Figure 21 Differences in NC predictions per limit state criterion for (a) Case A and (b) Case B.

The predicted PGAsp. were also grouped according to the previous classes, but the number of
predictions limits the reliability of a statistical analysis. Still, a similar trend of dispersion and
deviation ranges among Cases A and B was observed for the considered classes of approaches in
terms of failure modes, modeling approaches and methods of analysis. In particular, the minimum
differences were noticed for the classes IP, SEM and LKLA, respectively. The maximum difference
is for CCLM approach with a deviation of 80% and 93%, respectively from the reference PGAp,
mean Values for Cases A and B (0.15g and 0.25g, respectively). The dispersion of results for DL limit
state is also confirmed by the large deviation ranges of predictions considering IP+OOP
mechanisms, and using SEM and NLSA.

7 Conclusions

A benchmarking of procedures for seismic vulnerability assessment of URM buildings is presented
in this paper with reference to a blind prediction test organized within a Special Session at the
European Conference of Earthquake Engineering Series. An overview of the procedures adopted
by nine participating teams is given to highlight the open issues and arbitrariness in using different
modeling approaches, methods of analysis and definitions of limit state attainment. The blind
predictions from each team are compared in terms of minimum PGA values associated to the
potential failure mechanisms at NC limit state. The available results regarding the DL limit state are
also compared, even if statistically less significant.

The case studies are two typical configurations representing non-engineered and code-based
designed buildings, namely: Case A) stone masonry walls with flexible timber floors; Case B) brick
masonry walls with rigid RC slabs. The structures were idealized so that the participating teams
had to resort to expert judgment when performing the seismic assessment through different
modeling approaches and methods of analysis. The approaches were described to allow
comparing and unveiling the dispersion between predictions. Arbitrariness in choices is larger in
Case A than in Case B, because of given construction details which influence the seismic behavior
of the buildings at both local and global levels. In particular, the limited IP stiffness of timber floors
and the partial coupling between walls in Case A leads to a larger range of assumptions than in
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Case B. A box-like behavior can be assumed for Case B, mostly controlled by the IP response of
the walls.

The predicted failure modes among teams show a good agreement for both Cases A and B, and
they are consistent with those expected for buildings with similar structural characteristics.
Predictions for Cases A and B show the main facade of the buildings as the most vulnerable
element. Although OOP mechanisms of gables and upper walls are common to both Cases A and
B, some differences were observed for the IP modes, with a prevalence of diagonal and sliding
shear mechanisms, as well as more severe damage for the side facades in Case B.

When the attention is focused on the obtained capacity curves, the predictions result in larger
differences for Case B than for Case A, in terms of initial stiffness, yield point, base shear strength
and displacement capacity, despite Case B represents a code-based building. Since there is no
experimental test for cross-validating the results, the reliability and accuracy of the predictions are
also assessed based on the qualitative estimate of damage patterns against real damage evidence
in existing buildings with similar vulnerabilities, when comparing the outcomes obtained from the
different software packages and approaches. If only the predictions related to IP failure
mechanisms are considered, the range of variation drops to differences comparable to those for
Case A, which are still large (i.e. a range of 120% of the average value for the maximum shear
force). Case B presents a relatively lower displacement capacity than Case A (15-20 mm against
20-30 mm, respectively), due to a sequence of similar shear failure mechanisms, so with limited
possibility of lateral force distribution.

The minimum values of PGAnc obtained by each team were compared to calculate their difference
from the mean PGA value computed by considering all the predictions (0.19g and 0.28g for Cases
A and B, respectively). The higher scatter of the PGAsnc was for Case B (from 0.12g to 0.59Q)
because of the larger number of predictions, but also due to significant differences among
approaches in considering IP and combined IP+OOP mechanisms. However, the range of
variation is also wide in Case A, ranging from 0.064g to 0.32g. The same considerations apply for
the results corresponding to the DL limit state, despite the limited number of predictions. The
dispersion is also due to different criteria in defining the attainment of each limit state condition. A
comparison of PGAs was also made by grouping the predictions into comparable classes with
respect to failure modes, modeling strategies, methods of analysis and limit state criteria.

Additional analyses of both buildings are required to assess their actual seismic capacity and
further understand the influence of each given assumption (about modeling approaches, methods
of analysis, and criteria to define limit states) on the results, since this was not in the scope of the
exercise. Indeed, the provided data and required results in the blind prediction test were not
intended to investigate the weight of sources of dispersion, and so the comparisons are
inconclusive whether one choice has higher effects on the predicted PGA among all the
alternatives. Moreover, all assumptions and all predictions made by research teams were
considered equally valid, since the goal was not to debate the most reliable choices to be adopted.
However, the wide variety of choices that analysts have in addressing the seismic assessment of
URM existing buildings is evident, leading to very different assessments of the safety. This
highlights the need of future research and effort to reduce the arbitrariness in seismic assessment
of URM buildings, by providing guidelines for practitioners to make the results from different
procedures consistent.
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