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A:SSTRACT

Specifie guidelines for the design of cold-fonl1ed steel stud shear walls following

Canadian procedures are not available. In tenu of loads, design standards allow engineers

to rely on an equivalent static approach in seismic design, for which force and deflection

modification factors greater than one are specified if a stmcture can maintain load

carrying capacity with significant inelastic defonnation. However, the National Building

Code of Canada (NBCC) does not define an R-value for these steel stud walls. Thus, an R

= 1.0 must be used without consideration of their possible inelastic behaviour. The

American Iron and Steel Institute (AISI) and Uniform Building Code (UBC), however,

do provide design tables, which are limited to certain constmction types, to determine the

shear capacity of steel stud walls.

This thesis contains a summary of previous cold-formed steel stud shear wall test

programs in North Amelica, as well as an overview of the seismic requirements for a

number of different design standards, i.e. the NBCC, the UBC and the NEHRP guidelines

for seismic design. A theoretical method for the prediction of shear capacity based on the

first possible failure mode, which follows the adapted American wood design procedure,

is presented and the results from this method are compared with peak loads obtained from

existing tests. In addition, a preliminary force modification factor for use in seismic design is

suggested for use with the NBCC. Finally, future tests of cold-formed steel stud shear

walls are proposed and a corresponding test frame is designed.

It is shown that the predicted shear capacity is generally in agreement with the peak load

results measured from shear wall tests. In addition, a preliminary R-value of 2.0 for the

NBCC is suitable for the seismic design of cold-formed steel stud shear walls sheathed

with wood panels. Further studies, involving laboratory tests of shear walls, development

of a Canadian design method, as well as time-history analyses of different design scenarios

are recommended to be carried out to verify the findings described in this thesis.



RÉSUMÉ

Aucune directive spécifique pour l'analyse de mûrs de refends à montant en acier forgé à froid

n'est disponible dans les codes canadiens. Pour les calculs sismiques de structures, les ingénieurs

se basent sur les méthodes statiques équivalentes suggérées par les différents normes de

conception. Ces méthodes comportent des facteurs d'amplification de charge et de déplacement

pour !cs structures conçues pour des défonnations inélastiques importantes si lli1e structure peut

maintenir la capacité de charge avec la déformation non élastique significative. Cependant, pour

l'analyse de ces murs de refends à montant en acier, le code national du bâtiment du Canada

(CNBC) ne définit aucune valeur du coefficient R, donc, une valeur de R=l.O est ultilisée avec

aucun considération des effets inélastiques. D'autre part, les nom1es établies par la American

Iron and Steel Institute (AISI) ainsi que le Uniform Building Code (UBC) présentent plusieurs

valeurs de conception pour déterminer la capacité de cisaillement effectué sur les mûrs de refends

à montant en acier forgé à froid mais ceux-ci limitées à certains types de construction.

Ce mémoire présente un sommaire des essais effectués sur les mûrs de refends à montant en acier

forgé à froid jusqu'à ce jour en Amérique du Nord. Un aperçu des critères de conception sismique

des normes: CNBC, UBC, et NEHRP guidelines for seismic design est également présenté. Une

approche théorique est présentée, s'inspirant de la procédure décrite dans les critères de

conception américains pour les struchlres de bois (American Wood Design), qui permet de

prédire la résistance en cisaillement en se basant sur le premier mode de rupture du système

étudié. Les résultats obtenus à l'aide de cette dernière approche sont comparés aux charges

maximales des résultats d'essai. Aussi, des facteurs de modification de charge et de déplacement

préliminaires pour l'utilisation dans l'analyse sismique sont fournis. Finalement, une série

d'essais futurs sont proposés et un cache rigide en acier a été concu pour ces essais.

fi a été démontré que la capacité prévue de refends est généralement en accord avec la charge

maximale des résultats d'essai. De plus, pour une analyse sismique, une valeur préliminaire du

coefficient R (R=2.0) est suggérée au CNBC pour des mùrs de refends à montant en acier forgé à

froid recouvert avec des panneaux en bois. Les études futures à effectuer incluent des essais en

laboratoire, le développement de critères de conception canadiens, ainsi que des analyses

sismiques numériques utilisant différents scénarios de charge afin de vérifier les résultats obtenus

dans cette recherche.
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CHAPTER 1 INTRODUCTION

l GENERAL OVERVIEW

Cold-formed steel assemblies can be used economically in low-rise buildings, residential

housing and other light structures. Cold-formed steel members are fabricated in a wide

range of geometric shapes through a manufacturing process that usually involves roll

forming at room temperature, and in some cases utilizes a press brake or bending brake

fonning operation. The thickness of cold-formed steel sheets and strips ranges from 0.3

mm to 25 mm, although the most common sections are made from 0.9 mm to 2 mm thick

material. Traditionally, there are two major cold-fom1ed steel stmctural configurations: 1)

Individual framing members with common shapes such as C-section, Z-section, angles,

hat section, l -section, T-section and tubular section. These members are commonly

specified as the secondary structural components in a building whose main structure is

composed of hot-rolled steel or reinforced concrete sections. Additionally, these

individual sections can be used as chord and web members of open web steel joists, space

frames, arches, storage racks, etc. 2) Panels and decks; for example, roof and composite

floor decks, wall panels, siding material, stay-in-place forms, etc. Deck sections often

serve a dual purpose of resisting both gravity and lateral loads, as weIl as acting as a

surface for flooring, roofing and concrete fill (Yu, 2000).

Fig. 1.1: Cold-fom1ed Steel Stud House with Shear Walls (left-most garage wall)



More recently, cold-fom1ed steel members have been utilised to construct the mam

structure of low-rise buildings, in the fonn ofwall, roof and floor assemblies, as shown in

Fig. 1.1. This includes non-loadbearing wall construction (only relied on to carry lateral

loads) and loadbearing wall construction (carries gravity and in sorne cases lateralloads).

Shear walls have long been used as the lateral force resisting system that withstands loads

caused by wind and seismic events; for example, hurricanes and earthquakes. Wood­

framed buildings, which contain shear walls, historically have been the most popular

fom1 of housing in North America because wood has been readily available, cost

effective, good for insulation, and construction methods have been weIl developed.

Recently, however, the use of cold-formed steel stud framing in homes and multiple­

storey buildings has increased due, in part, to the escalating construction costs of wood

structures, the scarcity of adequate wood products, and in addition because of concerns

such as pest resistance, product quality, etc. The beneficial characteristics of cold-formed

steel members include: high strength and stiffness; ease of prefabrication and mass

production; accurate detailing; ability to retain their size and shape at ambient

temperature and humidity levels; tennite-proof and rot proof; uniform quality; non­

combustibility; and fabricated from recyclable materiaL

Similar ta wood framed buildings, cold-fom1ed steel structures are often built using the

platfoD11 framing technique, where floors, roofs, and walls are composed of individual

joist, rafter, and stud members. Under seismic ground motion, horizontal ineliia forces

develop at the roof and floor levels as a result of the horizontal accelerations experienced

by the building mass. Ta resist these lateralloads the structure may include diagonal steel

bracing, plywood sheathing, oriented strand board sheathing, gypsum wallboard or sheet

steel sheathing in the walls. C-shape studs are commonly installed back-to-back at both

ends of a wall segment to resist the high tension/compression forces due ta overtuming.

Top and bottom tracks, which complete the wall system framing, are typically connected

to studs with self-drilling/tapping screws. Sheathing and/or diagonal steel straps are then

attached to the face of the wall to develop adequate lateral shear capacity and to maintain

the structural integrity of the building. A typical cold-formed steel shear wall is illustrated
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in Fig. ] .2. The lateral loads from the roof and floor levels are eventually transferred ta

the fonndations, by means ofhold-downs and shear anchors.

Fig. 1.2: Typical Cold-Formed Steel Shear Wall

1.2 STATEMENTOF PROBLEM

In the future, the construction of steel stud framed buildings will, in aIl probability,

increase across NOlih America, including emihquake prone areas such as the West Coast.

Renee, it is of great importance to design engineers and contractors, as well as building

owners and occupants, that the lateral performance charaeteristics of steel stud structures

are understood and that construction and design procedures are adequate before their use

in areas of known earthquake activity becomes widespread. The behaviour of steel stud

wall assemblies is dependent on several variables including load type and duration, stud

geometry and spacing, fasteners, bracing, sheathing, architectural details, etc, and hence,

shear wall design procedures are generally based on the results of test programs. For the

most part, researchers of cold-formed steel structures have foeused their investigations on

the monotonie perfonnance of buildings without great concem for changes in behaviour

caused by seismic loading. However, the American Iron and Steel Institute (AISI) has

published prescriptive design tables with seismic load values based on cyclic tests for a

number of construction configurations (AIS/, 1998). Methods for the design of lateral
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bracing wall systems for either static (wind) or seismic load resistance have not been

extensively documented in Canada. For example, the National Building Code (NBCC)

(NRCC, 1995) must be utilised when designing cold-formed steel structures selsmlC

areas, however, the code does not specificaUy address their intricate design in terms of

shear strength and the force modification factors (R-value) used in the equivalent static

approach for earthquake loading. Therefore, it is necessary that research concerning the

cyclic perfonnance (strength and ductility characteristics) of steel stud shear walls be

carried out.

1.3 OBJECTIVES

The objectives of this thesis include an examination of the literature and a collection of

existing data and information that involves the testing and design of steel stud shear walls.

The second objective is to derive a numerical method with which the shear strength of

steel stud walls can be estimated. Thirdly, existing test data is to be used to evaluate

various lateral force design methods and to determine preliminary force modification

factors for use in seismic design. The final objectives are to provide recommendations for

cold-formed steel stud shear wall tests and to design a corresponding test frame.

1.4 THESfS OUTLINE

This thesis, which consists of four main parts, is a preliminary study to evaluate the

strength and ductility of cold-forn1ed steel stud shear walls. A review of previous tests on

cold-formed steel shear walls in North America is given in Chapter 2. In Chapter 3, a

numerical method to predict shear strength dependent on various failure modes of steel

shear walls is described and a comparison with test results is presented. The contents of

Chapter 4 focus on the cyclic perfonnance of steel stud walls. A possible procedure for

detel111ining ductility factors from quasi-static tests is explained and parameter studies are

carried out. In Chapter 5, future tests of steel walls are proposed and also, a description of

a shear wall test frame, along with infoID1ation on its design is provided.
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CHAPTER 2 LITERATURE REVIEW

[n North America, the design of cold-formed stee1members is carried out following the

procedures provided in the CSA-S136 Standard (1994) or the AISI Specification (1999).

The design methods contained in these documents are for the most part based on research

that encompassed the behaviour of monotonically loaded components of a structure.

Serrette and Ogunfunmi (1996) noted that prior ta 1996 no published standard existed

that provided guidelines on the shear design of cold-formed steel wall stud assemblies.

The AISI published a prescriptive shear wall design guide in 1998 (AIS!, 1998) based on

information provided by test programs carried out by Tissell (1993), Serrette (1994), and

Serrette et al. (1996b, 1997b). Subsequently, a draft design guide (AIS!, 2002) was

written ta provide additional code approved strength values, and ta address the issues of

aspect ratio and perforations on the capacity of shear walls. However, no shear wall

design method has been provided in standard or guide f0TI11 in Canada.

A number of experimental research programs have been conducted ta investigate the

behaviour of cold-formed steel shear walls with different sheathing material, and to

provide design capacities for a variety of wall types under lateral force (Gad et al., 1997,

1998, 1999a, b, c, 2000; McCreless and Tarpy, 1978; NAHB, 1997; Salenikovich et al.,

1999; Serrette, 1994, 1997; Sen'ette & Ogunfimmi, 1996; Serrette et al., 1996a,b,

1997a,b; Tarpy, 1980, Tarpy and Hauenstein, 1978; Tarpy and Girard, 1982; Tisselt,

1993; COLA -UC!, 2001). Studies on the seismic behaviour of wall assemblies with

diagonal strap bracing have been completed in Australia by Gad et al.. These tests were

carried out on house structures and components built using Australian construction

practice. The steel type, stud profiles, connection and blocking details, and the diagonal

strapping systems that were used are considerably different from those found in North

America, hence, these results are not directly applicable for use in housing design in this

country. Table 2.1 provides a generallisting of the existing tests of steel stud shear walls

constructed following North American practice and subjected to lateral loading. A more

comprehensive listing of existing test program information can be found in Appendix 'A'.

Summaries of the relevant research projects are provided in the following section.
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Table 2.1: Listing of North American Tests of Steel Stud Shear Walls

1 Tarpy
Salenikovich1 & Serrette et al.

1 et al.
1 Girard
1

OSB,GWB1

1 Type of GWB,
(with OSB Ply. GWB

x- Steel
FB

! walls Ply.
openings)

brace sheet

No. of 141 161 471 24\ 131 151 li 51

tests 102 182 162 42 62

NAHB
McCreless

Tissell Tarpy
Tarpy & COLA-

& Tarpy Hauenstein UCI
OSB,

Type of GWB
GWB

OSB,
GWB GWB

Ply,

walls (with Ply. OSB.
opening)

No. of
41 161 S\ li

lS 1 12\

tests 82 122

2
1 Denotes total tests. Denotes cychc tests. GWB. gypsum wallboard, OSB. onented
strand board; Ply.: plywood; FB: FiberBond wallboard

2.1 SUMMARY OF EX1STING NORTH AMER/CAN TEST PROGRAMS OF STEEL

STUn SHEAR WALLS

A brief summary of the various research programs involving the testing of steel stud

shear walls is contained in this section. Only those studies relevant ta the monotonic and

cyclic performance of walls subjected to lateralloading and constructed following North

American procedures have been included.

McCreless & Tarpy (1978)

The objectives of the research program were to determine the effect of various aspect

ratios (height/length) on the shear strength and shear resistance of steel stud wall systems,

and also, to determine the degree of possible panel distortion before major wall panel

damage. McCreless & Tarpy also investigated whether the addition of a single horizontal

stiffener, i.e. blocking between stud members, located at mid-height in the plane of the

wall, could increase the shear capacity of the wall system.
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The experimental program consisted of the testing of sixteen full size wall panels with

varying aspect ratios under monotonic load. A series of interior wall panels of 8' (2.44 m)

- 12' (3.66 m) heights and 8' (2.44 m) - 24' (7.32 m) lengths were tested. Each wall panel

was constructed of 3-Yz" (89 mm), 20 gauge Super C studs (Alabama Metal Industries

Corporation) spaced at 24" (610 mm) o.c., which were attached to 3-5/8" (92 mm) web

by l-Yz" (38 mm) flange, 20 gauge structural track with No. 10 x Yz" (12.7 mm) low

profile head screws. Gypsum wallboard, Yz" (12.7 mm) thick, was attached to both sides

of the stud assembly using No. 6 xI" (25.4 mm) bugle head screws spaced at 12" (305

mm) o.c. over the entire face of the panel along both studs and nmner tracks. The tests

were carried out under the requirements of ASTM E 564 -76 (1976).

McCreless & Tarpy noted that flexural defom1ation controlled the behaviour of all of the

test walls, except for the longer specimens where shear deformation had more of an

influence. In the case where shear defom1ation was more prevalent, edge screws rotated

through the gypsum wallboard in the direction of loading, and finally, the stud framing

sheared through the wallboard. When deflection due to bending was observed, the wall

base track deformed around the clip angle at the exterior tension corner and then the

screws in the tension corner rotated, followed by cracking separation of the wallboard.

The shear strength of the wall panels, calculated by McCreless & Tarpy, was generally

independent of the aspect ratio. The shear stiffness computed from the net deflections and

total deflections increased for the shorter height and longer walls.

McCreless & Tarpy concluded that steel stud wall panels could be used as lateral load­

resisting elements in building construction, provided that appropriate factors of safety and

anchorage details were maintained. Using screw fasteners to attach the stud to the track

provided the walls with higher capacity in comparison with using either resistance spot

welds or friction connections. It was also believed that increasing gypsum wallboard

attachment points around the perimeter increased the wall capacity and stiffuess. Adding

a horizontal stiffener at mid-height was not recommended since it increased the

construction difficulties and cost without a corresponding improvement in the shear

capacity of the wall.
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Tarpy & Hauenstein (1978)

The primary objectives of the test program included detem1ining the effect of different

construction and anchorage details on the shear resistance of framed steel-stud/gypsum­

wallboard partitions, and quantifying the damage threshold load leveL The secondary

objective was to detennine how steel-stud/gypsum-wallboard shear resistance values

compare to wood-stud/gypsum-wallboard values.

Eighteen full-seale walls with seven different types of wall panel construction and

anchorage details were tested. One wall type consisted of 2 x 4 wood-studs, while others

were constructed of 3-Yz" (89 mm) web by l-Yz" (38 mm) flange by 0.032" (0.81 mm)

thickness steel "c" studs spaced at 24" (610 mm) o.c. (lip dimension not provided).

Gypsum wallboard, Yz" (12.7 mm), plaeed in the horizontal position was attached to both

sides of the stud frame. The fasteners were No. 6 xI" (25.4 mm) bugle head screws for

the steel frame and 1-3/8" (35 uim) annularheadnails for the wood frame.

Tarpy & Hauenstein concluded from the test results that framing wall panels with steel C­

studs and gypsum wallboards is a feasible way to construet vertical diaphragms (shear

walls) that resist lateral in-plane shear loads. They also reeommended that a positive

attachment should be furnished between the track and floor framing system in case of

uplift loading. A reduction of the fastener spacing around the wall perimeter could

provide larger shear strength. ln addition, the wall panel diaphragm should possess no

less ductility than the gypsum-paper-wallboard material. A safety factor of 2.0 was

recommended for design purposes to ensure that the design load level does not exeeed the

damage threshold load level.

Tarpy (1980)

Nine different types of wall panel construction and anehorage details were tested under

monotonie and cyelic loading protoeols for this research program. The parameters that

were considered included: the effeet of wall panel anchorage techniques, gypsum
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wallboard thickness, sheathing materials, monotonie versus cyclic loading conditions,

gypsum wallboard fastener spacing, and the use of a diagonal corner brace. The

objectives were:

(1) To determine the effect of different construction techniques and anchorage details on

the shear capacity of steel-stud shear walls with different types of sheathing and plaster.

(2) Ta determine the threshold for damage of the walls due ta lateral in-plane

displacement.

(3) Ta determine the effect of cyclic loading versus monotonic unidirectionalloading on

the shear capacity.

The wall panels consisted of 3-Yz" (89 mm) x l-Yz" (38 mm) x Yz" (12.7 mm) 20 gauge

(0.0359": 0.91 mm) steel studs spaced at 24" (610 mm) o.c.. The studs (with a mean yield

strength of 48 ksi: 331 MPa from coupon tests) were attached ta 3-5/8" (92 mm) x l-Yz"

(38 mm) 20 gauge traclcs (0.0359": 0.91 mm) with No. 10 x Yz" (12.7 mm) low profile

head screws. The sheathing was attached ta the frame in different scenarios were the

fastener type, as weIl as perimeter and field spacing were varied. For example, No. 6 xl"

(25.4 mm) bugle head screws spaced at 12" (305 nU11) O.C. except for the type C walls,

where the perimeter spacing was reduced ta 6" (152 mm). In other cases, No. 6 xl" (25.4

mm) bugle head screws spaced at 24" (610 mm) o.c. and No. 6 x 3/8" bugle head screw

spaced at 12" (305 mm) o.c. were used ta connect the sheathing ta the frame. AIso, No. 6

x Yz" (12.7 mm) pan washer head screws with a spacing of 7-3/4" (197 mm) were used in

type l walls. The number of tests for each wall type was based on the requirements of

ASTM E564 -76 (1976).

Tarpy concIuded that the wall panels framed with C-shaped steel studs and gypsum are

practical in terms of resisting lateral shear loads. The corner anchorage did influence the

shear stiffness and threshold load level dramatically, which was seen by the significant

decrease in the shear strength when corner angles (hold-down deviee) were replaced with

boIt and washer anchors. Densely spaced powder actuated fasteners (connected ta a

supporting concrete beam) provided similar restraint ta the corner angles, and thus the
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walls constructed with these two kinds of anchorage exhibited similar shear capacities. The

author fLuther argued that the shear resistance did not vary extensively when using different

types of interior shear anchorage. The use of two layers of gypsum wallboard increased the

shear capaeity of the wall, while decreasing the shear stiffness, in comparison with single

layer systems. The use of cement plaster over the surface of the wall resulted in an increase

of the shear strength and stiffness. Cyclic load weakened the wall panels by decreasing the

damage threshold load level and the ultimate shear strength. Finally, Tarpy stated that a

decrease in the spacing of fasteners increased the panel shear capacity and stiffness. Adding

a corner brace (a 45° stud placed at the bottom corner between the chard members and the

adjacent stud) had little effect on the ultimate load capacity.

TarQV & Girard (1982)

This project consisted of the testing of different of wall panel and anchorage construction

teclmiques using monotonie lateralloading procedures. The overall objectives were:

(1) To detennine the effect of different construction techniques and anchorage details on

the in-plane shear resistance of steel-stud shear walls with different types of

sheathing.

(2) Ta detennine the threshold for damage in the walls due ta in-plane displacement.

The wall panels were constructed with 3-W' (89 mm) x l-W' (38 mm) x W' (12.7 mm)

20 gauge (0.0359": 0.91 mm) C-shape studs and gypsum wallboard (W': 12.7 mm)

attached to both sides of the stud frame (some wall specimens were combined with W':

12.7 mm exterior gypsum sheathing). The parameters considered in this study were:

a) The effect of using light gauge clip angles and powder actuated fasteners in place of

bolts and washers ta anchor the base of the wall panel.

b) The effect of anchoring the wall panel through transverse fioor joists.

c) The effect of plywood or gypsum exterior sheathing in place of gypsum wallboard as

a diaphragm material.
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d) The effect ofusing fillet welds instead of self-drilling screws to attach the studs ta the

runner tracks.

e) The effect ofusing a 400 mm (16") rather than a 600 mm (24") stud spacing.

It was observed that aU of the wall panels experienced the same basic failure mode. The

tracks defom1ed close ta the anchorage device at the uplift comer of the wall and the

gypsum wallboard cracked along the panel edge at the comer fastener location. Tarpy &

Girard concluded that when the boIt and washer anchorage detail was used without clip

angles the shear capacity of the wall decreased, while the use of closely spaced powder

actuated fasteners negligibly increased the shear capacity in comparison to using corner

clips. The wall, when anchored through floor joists, exhibited lower shear resistance and

stiffness than when connected directly to the test frame. In addition, Tarpy & Girard

indicated that the use of plywood sheathing increased the shear capacity ta a great extent

over that which was reached with gypsum wallboard. The use of welded stud to track

connections provided the same shear strength as self-drilling screw connections. A

decrease in the stud spacing resulted in a slight increase in the shear resistance.

Tissell (1993)

The tests completed by Tissell were carried out ta provide information on the influence of

fastener size and spacing, along with framing thickness on shear wall capacity. Eight

specimens, sheathed with either oriented strand board (OSB) or plywood, with steel stud

thickness values of l4-ga., l6-ga., and l8-ga. were included. Screw sizes were No. 10 for

the l4-ga. and l6-ga. studs, and No. 8 for the 18-ga. studs, although a different fastener

schedule was used for the later case.

The predicted design shears were calculated based on the assumption that No. 10

fasteners in 14-ga. studs were able ta fully develop the recognised shear capacity for a

wood framed wall with 10d nails, No. 10 in l6-ga. for 8d nails, and No. 8 in l8-ga. for 6d

nails. Tissell reported that most of the wans failed due ta buclding of the end studs or the

bottom trad: at the anchor boIts before the full shear capacity of the panels could be
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developed, and thus the tests did not provide a true indicator of the capacity of the

sheatbing panels. Tissell also recommended that additional tests should be completed to

refine the method of detel1l1ining design shear values for steel stud shear walls.

Serrette et al. (1996a,b) & Serrette (1997)

The purpose of this experimental research program was to investigate the behaviour of

light gauge steel framed shear walls sheathed with plywood, oriented strand board (OSB),

and gypsum wallboard (GWB). The test program was divided into three phases. The

main objective of Phase l was to investigate differences in the monotonie behaviour of

plywoocl (15/32" or 11.9 mm) APA rated 4-ply plywoocl sheathing (APA, 1991) and OSB

(7/16" or 11.0 mm APA rated OSB sheathing) shear walls. Phase 2 focused on the

behaviour of OSB walls with dense fastener schedules, wall panels with OSB on one side

and GWB panels on the other side, as well as walls with GWB panels on both sides using

monotonie load protocols. The final phase included the cyclic testing of OSB and

plywoocl walls using various fastener schedules.

The authors conclucled that the overall behaviour of the plywood and OSB panel

assemblies was practically identical for both the monotonie and cyclic tests, while, in

general the plywood walls cmTied slightly higher loads. The walls with different aspect

ratios were observed to have the same shear capacity if a consistent panel orientation was

used. The OSB walls with a dense fastener schedule could resist higher shear loads with

lower clisplacements compared with the walls constmcted using a smaller number of

screws. The authors also indicated that blocked walls with panels perpendicular to the

stucls provicled higher shear capacity than those with panels parallei to the framing (Fig.

2.1) from the test results. The walls with OSB pmlels on one side and GWB on the other

sicle exhibitecl similar failure behaviour, but degraded more gradually than the walls with

OSB on one side alone in terms of shear capacity. Gypsum wallboard improved the

strength and stiffness of the wall only for the case where a sparse fastener schedule was

specifiee!.
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Serrette & Ogunnlill11i (1996)

In this investigation, the main objectives were to study the contribution of flat strap

tension X~bracing, gypsum sheathing board (GSB), gypsum wallboard, and the

combination of X-bracing, GSB, and GWB to the in-plane shear resistance of steel stud

walls. GWB is a building panel mainly consisting of a noncombustible gypsum core

material sandwiched between two durable paper faces, and GSB combines a treated

gypsum core with a water-repellent face paper to improve structural strength and increase

the resistance to weather and fixe. A total of thirteen 8' x 8' (2.44 m x 2.44 m) shear walls,

with three different sheathing types, were tested under monotonie load conditions. The

studs, spaeed at 610 mm (24") o.c., were C-shaped 150 mm (6") 20 ga. (0.88 mm)

MSMA 600IC20 sections, while the MSMA 600ST20 tracks had the same width and

thickness as the studs. The different shear walls included: Type A - framed wall with

50.8 I11m (2") wide, 0.88 mm (20-ga. or 0.0346") flat strap X-bracing on the face; Type B

- framed wall with lIz" (12.7 mm) single-ply gypsum wallboard on the back and Yz" (12.7

mm) single~ply gypsum sheathing board on the face; and Type C - framed wall with \0"

(12.7 mm) single-ply gypsum wallboard on the backand Yz" (12.7 mm) single-ply

gypsum sheathing board and 20-ga. (0.88mm or 0.0346") flat strap X-bracing on the face.

It was reported that for Type A walls, failure resulted from excessive lateral deflection which

followed yielding of the tension X-bracmg. For Type Band C walls, screw rotation occurred

at the pelimeter edges when half of the sustained maximum load was reached, and fmal
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failure was always govemed by the gypsum wallboard in the fOlm of breaking/cracking of

the paper caver and underlying gypsum due to its tapered edges. Type B walls provided

approximately 2.38 times the shear capacity of Type A walls, and Type C walls were 3.06

times stronger than Type A walls. The authors stated that this demonstrated the significant

contribution ta shear capacity from the gypsum panels. The use of steel straps in Type C

walls reduced the permanent deflection of the wall and increased the load capacity without

enbancing the shear stiffness. The contribution of the studs ta overaU wall shear resistance

was relatively smaU and the lateral resistance of the intennediate studs was not considered.

SelTette and Ogunfunmi concluded from the results of the monotonic tests that the

gypsum board provided significant shear strength to the wall. In addition, although flat

strap tension braced walls have high shear strength, the use of straps plus gypsum

sheathing is not practical due ta two drawbacks: (1) the need ta pretension the straps, and

(2) the need for additional screws to connect the straps.

NAHB Research Center (1997)

The National Association of Home Builders (NAHB) Research Center tests were calTied

out ta assess the suitability of using the perforated shear wall design method for wood

structures with light-gauge steel-framed shear walls. A secondary objective was ta

provide a direct comparisonbetween the perfOlmance of wood-framed and steel-framed

shear walls. A total of four 40' x 8' (12.2 m x 2.44 m) shear wall specimens were tested

under monotonie load. Three of the walls were constructed with typical details, although

the sheathing ratio (r, as defined in Equation (2 - 1)) was varied as 1.0, 0.76, 0.48,

respectively. An additional specimen, with a sheathing ratio of 0.76, was constructed

without hold-down anchors; rather anchor bolts spaced at 6" (152 mm) o.c. were installed.

Ali walls were constmcted of33-mil (0.033": 0.88mm) thickness stud and track sections.

Exterior sheathing consisted of 7/16" (11.1 nUl1) OSB panels oriented vertically with No.

8 screws spaced at 6" (152 mm) o.c. along the perimeter and at 12" (305 mm) a.c. in the

field of the panels. Interior sheathing was 1;2" (12.7 mm) GWB with No. 6 screws spaced

at 7" (178 mm) o.c. along the perimeter and at 10" (254 mm) o.c. in the field.
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(2 - 1)

where:

Ao = Total area of openings

H = Height of the wall

Li = Length of the full height wall segment

Sugiyama and Matsumoto (1994) proposed an empirical equation for the shear capacity

ratio, F (the ratio of the strength of a shear wall segment with openings to the strength of

a fully sheathed shear wall segment without openings):

F=_r_
3- 2r

where r is the sheathing area ratio as defined in Equation (2 - 1).

(2 - 2)

It was reported in the NAHB document that aIl of the specimens with ho1d-down anchors

underwent a similar mode of failure. Initially the screws began to pull through the GWB,

and the OSB experienced cracking at the perimeter screw connections when the shear load

reached its ultimate level. The wall without hold-down anchors also exhibited failure of the

interior sheathing, although the OSB remained intact after cOl11pletion of the test, except at

the location of the first anchor bolt where the bottom track failed in bending due to uplift.

The NAHB also concluded that calculation of the shear capacity for perforated steel stud

walls using the empirical equation by Sugiyama and Matsumoto (1994) multiplying the

shear capacity of the fully sheathed walls without openings from test results appears to be

valid, although it provides a conservative estimate. The steel stud shear walls exhibited

similar lateralload resisting mechanisms to wood shear walls. Also, the use ofhold-down

anchors decreased uplift and improved the failure loads of the wall by allowing more

sheathing fasteners to resist shear.
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Senette et al. (l997b)

A follow-up research program was initiated to provide a wider range of design options

for steel stnd shear walls and to clarify some of the test values recorded during the

previous research programs (Serrette et al., 1996a,b; Serrette & Ogunfimmi, 1996;

Serrette, 1997). The following wall assemblies were included: flat strap X-braced walls,

steel sheathed walls, high aspect ratio walls, and walls framed with 1.37 mm (0.054") and

1.09 mm (0.043") thick studs. The test program was divided into five phases, each with a

different objective, as described below:

Phase 1 (Cyclic Tests) - To determine the wall capacity when chard stud buckling

does not govem: 4' x 8' (1.22 m x 2.44 m), 15/32" (11.9 mm) plywood and 7/16" (11.1

mm) OSB wall assemblies framed with 0.033" (0.84 mm) studs (chords - 0.043" or 1.09

mm studs) and with fasteners at 3"112" (76 mm/305 mm) and 2"/12"(51 mml305 mm).

Phase 2 (Cyclic Tests) - To define the limits for framing member thickness for

sheathing attached with No. 8 screws: 4' x 8' (1.22 m x 2.44 m), 15/32" (11.9 mm)

plywood walls framed with 0.043" (1.09 mm) & 0.054" (1.37 mm) studs attached with

No. 8 screws.

Phase 3 (Cyclic & Monotonic Tests) - Ta evaluate the performance offlat strap X­

braced walls: 0.033" (0.84 mm) flat strap X-braced walls framed with 0.033" (0.84 mm)

and 0.043" (1.09 mm) studs.

Phase 4 (Cyc1ic & Monotonic Tests) - Ta evaluate the performance of sheet steel

shear walls: 0.027" (0.69 mm) and 0.018" (0.46 mm) sheet steel shear wall assemblies

with aspect ratios of 2: 1 and 4: 1.

Phase 5 (Cyclic & Monotonie Tests) - Ta observe the behaviour of sheathed OSB and

plywood walls with high aspect ratios: 2' x 8' (0.61 m x 2.44 m), 15/32" (11.9 mm) plywood

and 7116" (11.1 mm) OSB walls were constructed with varions fastener schedules.

Senette et al. concluded fi.'om the test results that the use of thicker and multiple chard studs

for the plywood and OSB walls with dense fastener schedules permitted the assemblies ta

t'ully develop the shear capacity ofthe sheathing. No. 8 serews behaved weil in the 1.09 mm
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(0.043 ") studs but fractured in shear when 1.37 mm (0.054") studs were used. In the design of

X-braced walls, the designer must be coneemed with strap yield strengths in exeess of the

specified nominal values, whieh may result in eOlmection or chord stud failure, and the

eecentricity due to installing straps on one side of the wall only. The steel sheathed wall

assemblies behaved in a ductile fashion without sudden decreases in load carrying capacity.

Furthermore, the authors stated that the use of thicker steel sheathing increased the shear

capacities, but the failure mode moved from rupture at the edges of the sheathing to screw

puilout from the framing. Righ aspect ratio walls can carry comparable loads to the low

aspect ratio walls at relatively large displacements, however the initial stiffness of the wall

was reduced to low or near zero values after these large displacements.

Serrette et al. (1997a)

ln this project, the main objective was to investigate the behaviour of the sheathing

material and fasteners. Full-seale tests were designed to force fai1ure in the sheathing,

while small-sea1e tests were designed to evaluate failure at the connections. Two different

set-ups were used in the full-scale tests: Type A and Type B. The type A frame was 2.44

m x 2.44 m (8' x 8') in size with galvanized 152 mm (6"), 20-ga. (0.88 mm or 0.0346") C­

studs and tracks. The studs were spaced 610 mm (24") o.c. and the chord studs were

made of two 152 mm (6"), 20-ga. (0.88 mm or 0.0346") studs placed back-to-back. The

Type B frame was identical to Type A except that a 50.8 mm (2") wide 20-gauge (0.88

mm or 0.0346") steel flat strap was attached across the mid-height of the wall and that

soUd blocking was installed above the strap in the end bays. The type A and B frames

were sheathed with plywood, OSB, gypsum wallboard, and FiberBond wallboard on

either one side or both sides. The panels were oriented either parallel or perpendieular to

the framing depending on the test.

Twenty small-scalewalls consisting of single 610 mm x 610 mm (2' x 2') panels were

constructed, with five specimens selected for the pUl-pose of calibrating and investigating

the test setup and procedure. C-shaped galvanized 152 mm (6"), 20-ga. (0.88 mm or

0.0346") studs with 41.3 mm (1-5/8") flanges were oriented horizontally with a single
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stud on top and double studs back-to-back on the bottom. The walls were sheathed with

panels ineluding 12.7-mm (1/2") gypsum wallboard, Il.1-mm (7/16") OSB, I2.7-mm

(1/2") FiberBond wallboard, and 11.9-mm (15/32") plywood were attached with three No.

6 x 25 A-mm (l ") bugle head self-drilling and self-tapping screws at the top stud (152

mm (6") o.c. spacing) and six at the bottom studs (102 mm (4") a.c. spacing in two rows).

The full-seale walls failed initially by fastener rotation (tilting) about the plane of the stud

flange. The chord studs were subjected to local crushing at the bearing end in some tests.

Otherwise, generally the walls failed either when the edges of the panels broke off at the

screw fastener or when the panel pulled over the head of the screw (The walls with the

No. 6 screws failed due to fracture of the screws). Tests on nominally identical walls,

where only the fastener size was changed, revealed that the size of the fastener does

affect the maximum attainable shear strength. The wall with biocked panels oriented

perpendicular to the framing provided essentially the same capacity, although it was

stiffer than a comparable wall with panels parallel to the studs. When blocking was

omitted 1'rom the walls with perpendicular panels, the shear capacity of the wall was

reduced by more than 50%. The use of GWB on the interior of the wall and plywood on

the exterior resulted in a higher eapacity, by approximately 18%, in comparison with the

plywood wall. The nailed plywood wall exhibited about 42% less maximum strength than

a similar wall with No. 8 screws. The nailed OSB walls provided essentially the same

strength as the nail-fastened plywood walls. It was showed from the small-scale test

results that both OSB and plywood could carry relatively high shear load while the

plywood specimens provided greater stiffness and strength.

The authors concluded, from the results ofthe full-scale tests, that the shear values for plywood

and OSB panels on steel studs are comparable, and that the strength of gypsum board sheathed

walls is relatively low. From the results of the small-scale tests, it was shown that the plywood

wall connections provided 23% higher capacity in comparison to the OSB specimens, while the

capaeities of the gypsum and FiberBond walls were much lower than those of the OSB and

plywood specimens. Also, the papered edge of the GWB panel contributed significantly to the

overall strength. The nonnalized shear values for small-scale tests are similar as thase for full-
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scale tests and therefore, the small-scale tests were considered to be useful in a simple

evaluation ofthe relative resistance of different full-scale wall assemblies.

Salenikovich et al. (1999)

The objective of the research program was to detennine the effects of: (a) size of openings,

(b) cyclic loading, and (c) gypsum drywall sheathing and steel framing on shear wall

perfonnance, and ta compare the strength of the walls with predicted capacities.

Ail specimens were 12.2 m (40') long and 2.44 m (8') in height with consistent framing,

sheathing, fasteners, and fastener schedules. The test program consisted of five different

scenarios, where walls with different sheathing area ratios were subjected to bath monotonie

and cyclic loads. The predicted shear capacities for perforated steel stud walls were calculated

as shear capacity ratios, F, from Equation (2 - 2) multiplying the shear capacities of the fully

sheathed walls without openings obtained from test results. The Equation (2 - 2) was derived

based on the results ofmonotonie racking tests on l/3-scale walls and is applicable for apparent

shear defonnation angles of 1/100 radians or less and for ultimate capacity.

Salenikovich et al. conc1uded the following:

a) A comparison of test results with the design equation recommended by Sugiyama and

Matsumoto revealed that a conservative prediction of steel stud wall shear resistance

at ail levels of monotonie and cyclic loading can be obtained.

b) Long, [ully sheathed walls had significantly higher stiffness and greater shear

capacity, but were less ductile than walls with openings.

c) Cyclic loading did not influence the elastic perfom1ance of the walls but did reduce

their deformation capacity.

d) The strength of fully sheathed walls was affected more significantly by cyclic loading

than were walls with openings.

e) Gypsum wallboard increased the elastic stiffuess and strength of the fully sheathed

walls under monotonie load.
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COLA - DCI (2001)

This experimental program included four groups of shear walls sheathed with plywood

and OSB panels that were attached to either light gauge steel stud framing or wood stud

framing with different fastener schedules. The test results were used to develop

experimental shear strength values for light-gauge steel-framed walls and to compare the

cyclic response of steel-framed walls and wood-framed walls.

A total oftwelve 8' x 8' (2.44 m x 2.44 m) shear wall specimens were tested under cyclic

load. Panels included: 7/16" (11.1 mm) OSB or 15/32" (11.9 mm) plywood (APA rated

sheathing - Structure 1), which were attached to the steel stud framing with No. 8 xl"

(25.4 mm) bugle head screws spaced 12" (305 mm) o.c. in the field and 6", 4", or 2" o.c.

along the edge. The 20-gauge (0.033": 0.84 mm) C-shaped steel studs, with a 3.5" (89

mm) web, a 1.625" (41.3 mm) flange and a 0.375" (9.5 mm) lip were connected to the

20-gauge, 3.5" x 1.50" (89 mm x 38 mm) steel tracks using No. 8 x W' (12.7 mm)

modified truss screws. Double steel studs were attached back-to-back at the end of the

wall with No. 10 x %" (19 mm) hex washer head self-drilling and self-tapping screws to

prevent local and flexural buckling in the chords.

The test results showed that a more dense fastener schedule would nonlinearly increase

the shear capacity and stiffness for both the light-gauge steel and wood-framed stud walls.

Generally, with the same sheathing and fastener spacing, steel-framed shear walls

exhibited somewhat higher shear capacity than the wood-framed walls. The results also

revealed that in comparison to wood shear walls, steel-stud-framed walls had higher

overstrength and ductility factors, but less hysteretic damping.

2.2 SUMMARY OF EXISTING TEST PROGRAMS OF STEEL STUD SHEAR WALLS

OUTSlDE OF NORTH AMERICA

In this section, the summaries of some existing test programs of steel stud shear walls

completed outside of North America are presented.
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Gad et al. (1997, 1998, 1999a, b, C, 2000)

These papers present the fmdings of investigations Îllto the behaviour of Australian domestic

structures constructed with cold-formed steel stnd walls. The contribution of plasterboard to

the lateral resistance and seismic design of the shear walls was identified, and a comparison

of the laboratory-based tests with field tests using modal analysis was provided.

The majority of test specimens consisted of one-room-houses measuring 2.3 m x 2.4 m x 2.4

111 high, which were constmcted from full-scale components. The test houses were subjected

to specified simnlated emihquakes in two directions using a shake table. A concrete slab with

a mass of 2350 kg was added to the top of the house to simulate the mass of the roof tiles,

battens, insulation, ceiling lining and trusses. The framing members were standard Grade 550

C-sections (Fy = 550 Mpa) (75 mm x 35 mm x l mm: 3.0" x 1.375" x 0.04"). A 10 mm thick

plasterboard lining was connected to the ceiling and walls with No. 6 x 25mm (1 ") bugle

head screws. Metal clip-on brick ties were used to COl111ect the brick veneer walls to the studs.

Gad et al. concluded that the overall lateral performance of the steel stud structures was

influenced by many components, such as steel strap bracing, plasterboard and boundary

conditions. The plasterboard (non-structural component) enhanced the shear stiffness, shear

capacity, damping and energy absorption capacity of the structural system. The in-plane

brick veneer walls did not improve the stiffl1ess of the system. The boundary conditions, in

particular the retum walls, dramatically increased the load carrying capacity of the

plasterboard-lined structure and provided a larger overstrength factor for the system.

2.3 AISI DESIGN GUIDE FOR STEEL STUD SREAR WALLS

AISI (1998)

This steel stud waU design guide for lateralloads incorporates the results of tests carried out

by Seuette (1994), Serrette et al. (1996b, 1997b) and Tissell (1993). Nominal prescriptive
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shear strength values for walls of different construction, most of which consist of 3.0" x 1­

5/8" studs attached ta the tradcs with self drilling screws, were included in this document.

Examples include: 1) plywood and oriented strand board (OSB) on the exterior wall

surface, with or without gypsum wall board (GWB) on the interior wall surface, 2) GWB

on both smfaces, 3) steel sheathing on one side, and 4) steel X-bracing on one side. Some

of the values in the tables of the guide have been approved by different American model

codes, e.g. UBC (/CBO, /997) and mc (fCC, 2000).

AISI (2002)

This AISI draft design guide provides additional code-approved values for the nominal

prescriptive shear capacity of cold-fonned steel stud shear walls when designing for wind

and earthquake loads. Along with the wall configurations listed in the previous AISI guide

(1998), walls constructed using sheet steel panels (0.018" and 0.027"), thicker studs (0.043")

and thicker end studs (0.043") for dense fastener spacing, and panels oriented perpendicular

ta fi:aming have been included. These additional shear wall configurations are also found in

the me (fCC, 2000). The AISI draft document consists of three main sections: 1)

information on safety and resistance factors: a factor of safety of 2.5 and a resistance factor of

0.55 are proposed for bath wind and seismic load; 2) height ta width aspect ratio (h/w): when

this aspect ratio exceeds 2: 1 and is less than 4: l, the available shear strength shall be adjusted

by multiplying by 2w/h; 3) perforations: perforated shear walls sheathed with wood structural

panels or sheet steel are allowed ta carry the lateralload ifproperly designed.

The scope of the two versions of the AISI shear wall design guide in tenns of allowable wall

configurations can be fOlmd in Appendix D5.
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CHAPTER 3 DESIGN METHODS FOR SHEAR CAPACITY

In NOlih America, the CSA-S136 Standard (1994) and the AISI Specification (1999)

provide design procedures for cold-formed steel structures in general, however, not aH

possible assembly situations are covered. The AISI has also published a Shear Wall

Design Guide (AISI, 1998) that lists the nominal strength for different steel stud wall

assemblies. Likewise, the UBC (lCBO, 1997), IBC (ICC, 2000) and NEHRP (FEMA,

1997a) provide nominal shear value tables (seismic and wind forces) for specifie wall

configurations. The recommendations contained in these design guides are based on the

results of shear wall tests, and hence are limited to the scope of the different research

programs. In tenus of guidance for designers using construction products that are

availabJe in Canada, no design standard or guide exists.

Design methods and shear resistance values for numerous wood-framed shear wall

configurations can be obtained from different codes and standards (UBC, 1997; IBC,

2000; CWC, 1995, 2001; CSA 086, 2001; APA, 1997; A WC, 1996). In this chapter, the

prescriptive design tables that are available for cold-fonued steel-stud shear walls are

summarised, and a review of various design methods for wood-framed walls in both

Canada and the USA is presented. Furthem10re, a numerical method for calculating the

shear strength of a steel-stud wall, which follows a similar procedure to that used for

wood-framed walls is described. A comparison of the strength values detenl1ined using

this numericalmethod with those obtained from test results is then presented.

3. l DESIGN SHEAR CAPA CITY

J. AISI Design Tables

The AISI Shear Wall Design Guide (1998) provides nominal shear strengths for cold­

formed steel walls with plywood, OSB and gypsum wallboard sheathing, with fastener

schedules from 6"112" to 2"112" (150 mm / 300 mm to 50 mm / 300 mm), and with studs

having a minimum thickness of 0.84 mm. The allowable shear value can be obtained by
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dividing the listed nominal strength, based on the results of test programs carried out by

Tissell (1993), Serrette (1994), and Serrette et al. (1996b, 1997b), by a safety factor. lt is

suggested in the AISI Design Guide that a safety factor of 2.5 and 2.0 should be

implemented for seismic and wind loads, respectively, in the absence of other

requirements. If the Design Guide is used with the Load and Resistance Factor Design

(LRFD) method or Limit States Design (LSD) method, then the recommended resistance

factors are 0.6 for seismic loads and 0.65 for wind laads.

The AISI Design Guide is in the process of being updated, hawever a draft version is

available (AISI, 2002) which contains additional nominal shear values for wa11s with

sheathing oriented perpendicular ta the framing, with steel sheet sheathing, and with stud

thickness of 1.09 nun. The draft guide also contains considerations for the effect of aspect

ratio and perforations, and proposes the use of a safety factor of 2.5 and a resistance

factor of 0.55 for both seismic and wind loads.

11. UBC (1997)

The Unifonn Building Code (ICBO, 1997) specifies that the allowable shear capacity of a

wall is determined by dividing the nominal shear value (shawn in Table 22-VIII-A ta C

of UBC 97) by a safety factor, which can be taken as 3.0 for wind forces or 2.5 for

seismic forces. When using the Load and Resistance Factor Design (or Limit States

Design) procedure, the resistance factor (rjJ) sha11 be taken as 0.45 for wind load and 0.55

for seismic load.

3.2 AVAPTED WOOD DESIGNMETHOD TO DETERMINE SHEAR STRENGTH

ln this section, the design methods for wood walls in bath Canada and the USA are

examined and a numerical method is derived ta evaluate the shear strength of a steel-stud

wall following a procedure similar ta that used for wood-framed walls in the USA.
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3.2.1 Adapted American Wood Design Metbod

In the design of a wood-framed shear wall the shear capacity is affected by many factors:

such as the sheathing type and thickness, the fastener schedule, the orientation of

sheathing panels, blocking, etc. In most cases, a shear wall fails due ta the nails pulling

through the panels and/or the nails bending and withdrawing from the framing. Thus, the

capacity of a wood shear wall is usually govemed by the connection capacity, rather than

by the strength of the panels.

The most common yield Emit modes for a nailed connection inc1ude dowel bearing

failure under unifonn bearing (mode I), dowel bearing failure under nonuniform bearing

(mode II), plastic hinge located near each shear plane (mode III), as weIl as two plastic

hinges near each shear plane (mode IV) (Faherty & Williamson, 1999; Breyer et al.,

1998). Since a wood connection will reach the design capacity when any one of these

yield mechanisms is fonned, the nominal strength of a single connection can be evaluated

as the smallest load capacity of the four modes. This nominal strength is obtained from

the equations for the respective connection failure modes, in which a safety factor of

approximately 3.5 has been incorporated for softwood. The allowable connection shear

value used for design can be obtained by using adjustment factors, such as that specified

for the loading duration (Cv), which is equal to 1.6 for wind and earthquake forces,

moisture content conditions (CM), temperature (Ct), length of penetration (Cd), etc. The

allowable shear strength of the wall is then obtained by multiplying the allowable design

value per fastener by the total number of edge fasteners. TisseU (1993) stated that this

design shear capacity could still be adjusted by factors that account for the influence of

framing lumber width and panel thickness versus fastener size, etc. It should be noted that

the design shear capacity obtained from this method will overestimate the true shear

strength if the wall fails in another limit state prior to yielding of the nailed connections,

such as buckling of the studs, splitting of the sheathing, splitting of the bottom plate,

anchorage failure, etc.
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The ASD (allowable stress design) method stipulates that the stresses and deflections

under the specified design loads must not exceed the prescribed allowable stress and

deflection limits. The general design philosophy is based on the following equation:

Applied stress s Allowable stress

Since cold-formed steel studs are relatively thin (0.2 mm ~ 2 mm) compared with the

fastener diameter (4 mm ~ 6 mm), it is impractical ta assmne that a plastic hinge fonl1s in

the fasteners as per the wood assembly design method. Tlms, the equations used for

calculating the shear capacity of a wood-framed wall cannat be direct1y applied ta a steel­

stud wall. Instead, the fOTI11ula for shear resistance should be modified ta incorporate aIl

possible failure modes of the steel-stud wall. Common failure modes for a steel-stud

shear wall include connection shear failure (such as bearing failure in the studs or panels,

and fastener tilting failure), fastener shear failure, pull-over failure (for wood panels or

steel sheet), steel sheet failure, and yielding or fracture of braces. A wall could a1so fail

due to stud buckling, flexural failure of the bottom track if hold-down anchors are not

used, and gypsum sheet fracture when the edge distance is inadequate. As per limit states

design philosophy, the smallest value obtained from all of these possible failure modes

will control the shear capacity of the wall. Strength calculations for the different failure

modes are detailed below:

@ Connection Bearing/THting Strength of Screws in Shear Pns (AISI, 1999):

For t2/tl S 1.0, PliS shaH be taken as the smallest of

P"s = 4.2(t~d)j/2 F;'2 (tilting strength)

Pns =2.7t j dFuj (bearing strength for steel sheet)

(bearing strength for steel sheet)

For t2/tl 2:: 2.5, Pns shaH be taken as the smaller of

PIls = 2.7t]dFuJ
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For 1.0 < t2/ti < 2.5, Pns shaH be determined by linear interpolation between the

above two cases.

where:

ti = Thickness of the connected component in contact with the screw head

t2 = Thickness of the connected component not in contact with the screw head

d = Diameter of the fastener

FuI = Tensile strength of the member in contact with the screw head

F u2 = Tensile strength of the member not in contact with the screw head

If the sheathing panels are made of wood plate, then the bearing strength of the panels

should foHow the standard wood design procedures (Faherty & Williamson, 1999, Breyer

et al., 1998).

e Bearing Strength for wood panel (Faherty & Williamson, 1999):

(3 - 2.1)

where:

ts = Thickness of panel, inches

Fes = Dowel bearing strength ofpanel, psi

D = Unthreaded shank diameter of the screw, inches

KD=2.2 for D::;; 0.17", 10D+0.5 for 0.17"<D < 0.25", and 3.0 for D;::: 0.25".

It is noted by Faherty & Williamson (1999) that Equation (3 - 2.1) has a built-in safety

factor of about 3.5 for softwood. Furthermore, cOl1sidering that the dowel bearing

strel1gth of a pane! is based on the standard duration load, while the test wans are

subjectecl to short-term loading, the nominal bearing strength (Pnw) can be approximately

evaluated as the product of the Z-value from Equation (3 - 2.1), a safety factor of 3.5, and

a duration factor Co (1.6), i.e. ~'W = Z x 3.5 x 1.6
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@ PuH-over Strength Pnov for cold-formed steel shed (AISI, 1999):

(3-3.1)

where d,,. is the larger of the screw head diameter or the washer diameter, and shaH be

taken not lm"ger than Yz" (12.7 mm), and FuI and f1 are as defined previously.

e Shear rupture strength ~,:

In general, the shear capacity for screws is provided by the screw manufacturer and is

reduced by 20% to obtain the corresponding nominal code design value.

The minimum value obtained from the above equations governs the capacity of one

connection or one screw. For simplification, the shear capacity for the whole wall can be

taken as the product of this value and the number of edge screws per foot. This product

should be compared with the shear load that causes overall failure in other modes, such as

stud buckling, tension yielding or fracture of the straps for diagonal1y braced walls, as

weIl as shear buckling and post tension yielding ofwal1s sheathed with steel sheet panels.

e Stud Buckling (AISI, 1999):

Considering that the chord members are subjected to high compression force due to

overtuming, it is possible that these members will fail due to stud buckling before

reaching the load that causes failure of the connections. The nominal axial strength, Pn,

for concentrically loaded compression members shaH be calculated as defined in

Equation (3 - 4.1). This nominal axial strength should not be greater than the yielding

load.

(3-4.1)

and
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where:

/te, /t ey = Effective area at the stress Fn and Fy, respectively

F n is determined as follows:

For Âc ::; 1.5

For Âc > 1.5

{, À' \n
Fn = \0.658 ' ;r y

F =[O.877 JFn /l,z y
c

(3 -4.2)

(3 - 4.3)

(3 - 4.4)

Fe = The least of the elastic flexural, torsional and torsional-flexural buekling stresses.

For doubly symmetric sections, closed cross-sections and any other section that can be

shown not to be susceptible to torsional or torsionai-flexural buckling, the buckling stress

will be controlled by flexural buckling. For example, it is possible for the wood panels to

act as laterai and torsional braces for the studs. Henee, the buckling stress, Fe, can be

taken as the smaller of the elastic flexural buckling stresses, Fex and Fey, which can be

determined as follows:

(3 - 5.1)

(3 - 5.2)
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where:

E = Elastic modulus of the member

K" Ky = Effective length factors for bending about x- and y-axes

Lx, Ly = Unbraced length of member for bending about x- and y-axes

l'x, ry = Radius of gyration of the full cross-section about the centroidal principal axes

ff no sheathing is attached to the framing, or if the sheathing, such as steel sheet, cannot

provide enough restraint to prevent torsional buckling of the end studs, the buckling

stress, Fe, should also include torsional buckling and the interaction of torsional and

flexural buckling. Since double studs are usually used back-to-back at the wall end to

increase the buckling resistance, there is no interaction of torsional buckling and flexural

buckling for this doubly symmetric section. The governing buckling stress shall be the

minimum value of the flexural buckling stresses, Fex and Fey, and the torsional buckling

stress Ft (CSA S136, 1994; AISL 1999).

(3 - 5.3)

where:

A =Area of the full, unreduced cross-section

Xo = Distance from shear centre to centroid along the principal x-axis.

C1V = Warping constant of the cross-section

J = St. Venant torsion constant ofthe cross-section

KI = Effective length factors for twisting

LI = Unbraced length of member for twisting

G = Shear modulus

E, l'x, ry, Kx, Ky, Lx, L y are as defined in Equation (3 - 5.2).

30



3.2.1.1 Possible Limit States for Other Wall Configurations

o ElasticPlate Buckiing (CSA. S16.1, 1994; A.ISI, 1999):

Shear walls which are sheathed with steel sheet panels, may fail by elastic shear buckling

of the sheathing due ta the low shear stiffness of the sheet.

where:

K=4+ 5.34
(al hf

4
K =5.34+ 2

(al h)

v = Poisson ratio

al h < 1

alh'21

(3-6.1)

t = Plate thickness

b = Length ofloaded edge ofplate (the shorter side dimension for shear loading)

K = Plate buckling constant

a/h = Aspect ratio, the ratio of the distance between stiffeners (stud spacing, a) ta

web depth (height of steel plate, h)

In plate girder design, the post-buckling strength of the web allows for an increase in the

shear load if transverse stiffeners are added. Basler (1962) stated that part of the girder

web (within a distance of s as shawn in Fig. 3.1) develops a tension field due ta the

connection of web and stiffeners, which are capable of transmitting the vertical stresses ta

the adjacent panel. Similarly, for walls sheathed with steel sheets, the shear capacity can

also be enhanced by relying on this post elastic buckling tension field action of the steel

sheets. However, since the steel sheets are attached ta the steel framing with screws

spaced at a discrete distance, the continuous tension-bar model used for plate girders
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must be substituted by a discrete tension-bar model. A conservative approach to

determine the number of these tension bars is to assume that within the width (s) of the

tension field, only the area of steel directly restrained by the screws (screw diameter)

contributes ta the tension resistance. Therefore, taking the area of one bar as the product

of the screw diameter and the sheet thickness, the number of the bars can be detennined

by dividing this s distance by the screw spacing in the desired direction. The method is

shawn below and the specifie calculations of tension field shear capacity for walls

sheathed with steel sheet are presented in Appendix B4.

h

a

El

>1<
a

Fig. 3.1: Tension Field Action

@ Steel Sheet Tension Yielding (CISC, 2000):

From Fig. 3.1, the tension field width can be evaluated as follows:

S :::: h cos e- a sin e

where:

e= The inclination of tension stresses

a, h are as defined in Equation (3 - 6.1).

The number of the screws included in this tension field width is:
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where:

N= S

Si cose

S] = The spacing of screws at the perimeter

(3 - 7.2)

For a conservative capacity prediction, one can ignore the tension strength of the area

between the screws, and hence, the vertical component of the force developed by the

tension field is:

where:

T/ _ AN' e _ C7(A(hcose-asinB)
l' T - C7 sm-

( sJ cose
(3 - 7.3)

A = Area of each tension bar, which is equal to the product of the diameter orthe

screw (d) and the thickness of the sheet steel (t).

Oi =Tension stress of the bars

To find the value of B, differentiate Vr and set dVT/dB=O, then solve for B.

tan 3 B+ 2 tan e- h / a =°

(3 -7.4)

Then Vr can be found using the equilibrium equations from a free body diagram as

shown in Fig. 3.2. The number of the screws included in the horizontal distance ais:
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l'V _ atanB
1-

SI

(3 - 7.5)

V
r

= I1T x h = (Y, dth sin ()

a SI

i( 3/2 J:: a/2 ,

? / / /~ / / / / O't·d*t

1 Ï" 0 1

Tw/2~ Il 1 L
Twl2

V~2~ 1 V~2'

~ 1--------------1~
T+,6.T T

(3 -7.6)

(3 -7.7)

Fig. 3.2: Equilibrium Condition Applied to Free Body

o Strap Tension Strength (CSA S136, 1994; AISI, 1999)

In the case where X-braces are to be utilized as the laterai resisting system, it is necessary

ta consider strap yielding and fracture of the net section, as weIl as cannection failure.

Furthennore, a failure mode due to a combination of torsion, bending and axial force in

the end studs should be aiso taken into account when braces only exist on one side of the

shear wall. It is noted that the braces are assumed to carry load in tension only.

The wall wouid fail if the straps yield or fracture under the applied Ioad. From Fig. 3.3,

F = Py cosB

Py should be taken as the smaller of:

(yieiding)
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(fracture)

where:

l'~, = Yield stress of the strap

A = Gross cross-sectional area of one strap

Fu = Tensile strength of the strap

An = Net cross-sectional area of one strap

() = The inclination of the strap

Fig. 3.3: Steel Walls Sheathed with X-braces

• Combination of torsion, bending warping and compression (Seaburg and Carter,

1997,.Salmon and Johnson, 1996)

For open cross-sections, the total stress of a member can be taken as a combination of

stresses due to torsion and aIl other stresses.

The total normal stress);, is:

:::= Œa ±Œbx ±aby ±aw

The total shear stress Iv is:
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a) Nom1al stress due to axial load

where:

Clcl = Normal stress due to axialloading

A = Cross-sectional area of the member

b) Stress due to bending moment

M
Gb:='S

VQ
r =-

il It

where:

Gb = Nonnal stress due to bending about either the x or y axis

M = Bending moment about either the x or y axis

S = Elastic section modulus

Tb = Shear stress due to applied shear in either x or y direction

V = Shear in either x or y direction

Q = Static moment of area about either the x or y axis

J = Moment ofinertia Ix or Iv

t = Thickness of the member

c) Torsional Shear Stress:

Tl = Gte'

where:

Tt = Pure torsional (Saint-Venant torsion) shear stress at member edge
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G = Elastic Shear Modulus of the member

t = Thickness of the member

a= Rate of change of angle of rotation 0 (as shown in Fig. 3.4), first derivative of

Owith respect to z (measured along longitudinal axis ofmember)

z

Fig. 3.4: Torsion of an I-Shaped Section

d) Stress due to warping torsional moment

For I-shaped sections, the maximum normal stress (O"w) and shear stress ('Z"w) due to

warping can be approximated as follows, respectively:

where:

_ Ebh O"
O"w-4

1: =Eb
2
h O'"

w 16

(3 - 9.7)

(3 -9.8)

E = Modulus of elasticity of the member

0': 0'" = The second and third derivatives of the rotation angle, 0, with respect to z

(measured along the longitudinal axis of member), respectively

h, h = the width and height of the member, respectively
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The expression of the rotation angle, (J, with respect to z varies depending on the different

support and loading conditions. Considering the complexity of the actual support restraint

of test specimens along the top track (Serrette et al. 1996b, 1997b; COLA-UCL 2001),

which depends on the connection between the studs & traclcs, along with the top track &

load beam, no torsional calculation is presented in this thesis for the prediction of the

shear capacity ofwalls braced with steel straps on one side. It is important to note that the

torsional effect must be taken into account when using diagonal strap braces on one side

of the wall. The approach highlighted above did not at this stage provide any conclusive

results, hence, further study is required to more fully understand the torsional behaviour

of the shear waU stud, track and brace connection and to develop design procedures.

3.2.2 Adapted Canadian Wood Design Method

For the shear wall with panel sheathing arranged vertically or horizontally, the factored

shear resistance (force per length) of nailed shear panels sheathed with plywood,

waferboard or OSB is determined as fo11ows (CWC, 1995):

(3 - 10.1)

where

rjJ=O.7

Vd = Vd (KD KSF)

Vd = Specified shear strength for walls sheathed with plywood, waferboard or

OSB (kN/m)

KD = Load duration factor (1.15 for short-tem110ading)

KsI" = Service condition factor for fastenings

./'1' = Species factor for the framing material

The CSA 086 Design Standard (2001) and Canadian Wood Council (CWC) Wood

Design Manual (2001) incorporate additional modification factors in the procedure to

determine the factored shear resistance of a woodstud wall. The effect of construction
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details such as blocking at panel edges, different types of nails, and hold-down

connections must be considered. The contribution of gypsum wallboard may also be

included in the design strength of the entire shear wall.

* For shear waUs constructed with wood-based panels (CWC, 2001):

(3 - 10.2)

where:

rjJ, Vâ and Jsp are as defined in Equation (3 - 10.1).

J" = Nail diameter factor which is equal ta (d/de)2.

dp = Diameter of the alternate nail being considered

de = Diarneter of the cornmon wire nail given in the tables

Jub = Factor for horizontally sheathed unblocked walls

Jhd= Rold-down factor

* For shear walls constructed with gypsurn wallboard panels (CWC, 2001):

(3-10.3)

where:

t/J and JM are as defined in Equation (3 - 10.2).

Vdg = Specified shear strength for walls sheathed with gypsum sheathing (kN/m)

The limit states design method specifies that the factored load effect (the product of the

speci fied loads and load factors) must not exceed the factored resistance of the structure

(the product of a resistance factor rjJ and the nominal resistance). The general design

format is as follows:
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Factored resistance of structure ~ LFactored load effects

Since in Canada, design tables that provide specified shear strengths for steel-stud walls

that are equivalent ta what is contamed in the CSA 086 Wood Design Standard (2001)

do not exist, the CWC procedure cannat be directly applied ta predict the shear capacity

of steel walls. If a similar procedure ta that prescribed by the CWC is to be used for steel

stud walls, then an equivalent table of design shear values would need ta be prepared.

3.3 CALCULATION OF THE SHEAR CAPACITY FOLLOWING THE ADAPTED

AMERICAN WOOD DESIGN METHOD

An example calculation using shear walls AISI-OSB1 and AISI-OSB2, which were

cyclically tested by Serrette et al. (l996b), is contained in this section. The 4' x 8' walls

were constructed of 3.5"x1.625"xO.375" 20 gauge (0.0346": 0.88 mm) studs fabricated

from ASTM A446 Grade A (33 ksi) sheet steel andspaced at 24" O.c.. A 7/16" OSB APA

rated sheathing wall panel was attached in the vertical position ta the framing on one side

of the walls with No. 8xO.5" wafer head (modified truss) self-drilling screws. The screws

were spaced at 6" centres along the panel perimeter and at 12" centres in the field. The

maximum shear loads reached during testing were 945.5 lb/ft and 917.8 lb/ft with an

average value of 931.6 lb/ft. The nominal shear resistance for bath walls was deterrnined to

be 700 lb/ft, as defined by the last stable loop in the load vs. deflection hysteresis. This

nominal value has also been approved for use in the Shear Wall Design Guide (AISI, 1998).

A Humber of design assumptions were necessary, including that the OSB panels were

made from Southem Pine, Fes = 5550 psi (Table 5.35 of Faherty & Williamson, 1999).

For the stud members, the minimum specified nominal yield strength is Fy = 33 ksi and

the corresponding ultimate tensile strength is Fu = 45 ksi (ASTM A653, 1994). For the No.

8 screws, D = d = 4.2 mm (0.165"). t2 = 0.0346" (stud thickness), ts = tl = 7/16" (panel

thickness) then h/t! < 1.0, KD = 2.2 (from Equation (3 - 2.1 )). Considering that for aU

tests by Serrette et al. (1 996b, 1997b), the walls were only subjected to lateralloads, no
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direct tension force was applied ta the screws. Hence, for pull-over failure to occur

extensive tilting of the screws would have to take place. It was therefore assumed that the

tilting capacity would be reached prior to the pull-over resistance. AlI of the ca1culations

are shawn in detail in Appendix 'B' with a summary of nominal results listed below.

Bearing strength of OSB panel:

Bearing strength ofsteel studs:

Tilting strength of screws:

Screw shear (Buildex, 2002)

Pmv = 1020 lb

Pns =694 lb

Pns = 494 lb

Vn = 740 lb

In ten11S of connection capacity the tilting strength of the screws contraIs and the nominal

shear resistance of one connection is 494 lb. There are 2 edge screws pel' foot at the panel

perimeter; thus, the estimated nominal lateral strength pel' foot for this specimen is

calculated as follows:

494 x 2 =988 lb/ft

As stated previously, this estimated strength should not exceed the stud buckling capacity:

Pnb = 1199 lb/ft (> 988 lb/ft)

However, for this simplified method ta ca1culate the lateral strength of the wall it is

assumed that only the end screws resist horizontal load, and hence, the contribution of

side fasteners and interior fasteners is ignored (Fig. 3.5). In reality, the edge screws resist

both hOlizontalload and verticalload due to the overturning moment (chord stud forces),

and furthermore, both the side fasteners and the interior fasteners contlibute to the shear

resistance. Considering this contribution, Easley et al. (1982) developed a design

procedure to relate the applied lateral force with the various fastener forces based on

equilibrium (Fig. 3.5). It is assumed that the fastener forces in the panel ends have two

direction components. The x-component of each fastener remains constant, whereas the

y-component is proportional ta the distance Xei of the fastener from the panel centreline.

The fastener forces in the panel sides are presumed to be uniform and ta act along the
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long axis of the studs. At the interior stud locations the fastener forces are assumed to act

in the y-direction (along the length of the stud) with values proportional to the distance Xsi

of the fastener from the panel centreline.

p

Side
Fasteners

h

Fasteners

! Interior Stud Line
: / 1

f$ / ~

\1/ 1 1 1 1

II-----r--l---,---~-
:':t-=::-__ .. J - - ~.;;;:=.~ ~-_ End

i< an >1< al2 >! Fasteners

1

Centre Line

Fig. 3.5: Assumed Directions and Distributions of Sheathing Fastener Forces (Easley et

al., 1982)

For side fastener forces (Fig. 3.5):

F = Pb
S fJ

For end fastener forces (Fig. 3.5):
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where

Jls = The number of side fasteners, excluding those at the end

rie = The number of end fasteners

rIsi = The number of fasteners in each interior stud, excluding those at the end

ln = The number of interior studs

a = Wall length (Fig. 3.5)

h = Wall height (Fig. 3.5)

P = The shear force per unit length on the shear wall

In this test, the wall panel was 4'x8' and the studs were spaced 24" O.c., thus m = 1. The

fastener schedule required screws ta be placed at every 6" along the perimeter and at

every 12" in the field, hence, ris = 15, ne = 9, and nsi = 7. Xei = 24" for all side fasteners, 0"

for interior fasteners and 0", 6", 12", 18", and 24" for end fasteners. CaIculations then

show that Je = 2160 in2 and Is = O.

fi =15 + 4 x 2160 + 2 x 7 x 0 =18.75
(4 X 12)2

The force in the side fasteners is:

F = Px 8x 12 = 5.I2P
j 18.75

The maximum force i11 the end fasteners is:

Fei =p[(4 X 12Y +(2X24X 8x12 J'2]112 =7.4P
9 ) 4x12x18.75
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Thus the maximum force in the fasteners is Fei = 7.4P, which must not exceed the

connection shear capacity as evaluated previously. The laterai strength of the wall can

then be determined by rearranging the above equation, sa that P = 0.135 Fnominal (lb/in) =

1.623 Fnominal (lb/ft). Again, this shear load should be no greater than that reached when

the chord studs buckle. Given that the nominal strength for the fasteners is 494 lb/ft as

shown above, the nominal shear strength for this specifie wall is as follows:

494 x 1.623 =802 lb/ft < Pnb = 1199 lb/ft (stud-buckling load)

The test-to-predicted ratio for this nominal value is 932 / 802 = 1.16 (> 1.0), while the

ratio for the nominal value obtained from the simplified method (where the edge screws

only resisthorizontalload) is 932 / 988 = 0.943, which indicates that the predicted nominal

strength based on the design procedure by Easley et al. (1962) provides a more

conservative result. Therefore, the predicted nominal shear strength in this thesis is based

on the Easley et al. procedure. However, further studies which incorporate the behaviour

of the steel to wood fasteners when subjected to lateral loading are required to verify the

assumptions made in the Easley et al. procedure.

3.4 COMPARISONS AND ANALYSIS

The measured shear capacity (peak load) for the walls tested at Santa Clara University

(Serrette et al. 1996b, 1997b) and at the University of Califomia at Irvine (COLA-VeI,

2001) were utilised in a comparison with the results obtained from the previously

described numerical procedure. A summary of the nominal test-to-predicted ratios is

provided in Table 3.1 with statistical parameters shown in Table 3.2. More detailed

caiculations and results are presented in Appendix 'B'. A comparison of the predicted

shear strengths and the actual shear strength obtained from the test results is also shown

in Fig.3.6.
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Table 3.1: Comparison ofthe Predicted Shear Capacity and the Peak Load from Tests (Serrette

et al. 1996b, 1997b; COLA-UC!, 2001)

1 1 Predicted Peak Test to Predicted Peak Test to

1

Specimens 1 Shear Load Predicted Specimens Shear Load Predicted
1

(lb/ft) (lb/ft) Ratio (lb/ft) (lb/ft) Ratio
AISI-Al,2" 1553 1933 1.24 AISI - OSB3, 4" 1178 1269 1.08
AISI-A3,4" 1781 2397 1.35 AISI - OSB5, 6" 1199 1725 1.44
A!SI -AS, 6" 1553 1652 1.06 AISI-OSB7,8 w 1199 1985 1.66
A!S!-A7,8 W 1781 2263 1.27 AISI-PLYl,2" 802 990 1.23
AIS! -BI, 2" 11 Il 1015 0.91 AISI-PLY3,4 w 1178 1312 1.11
AlS!- B3, 4" 1201 1063 0.88 AISI - PLY5, 6 w 1199 1753 1.46
AISI-D1,2' 191 438 2.29 AISI-PLY7,8 w 1199 1928 1.61
AISI-E1,2 w 813 804 0.99 Group 14A, B, CW 669 891 1.33
A!SI-E3,4 w 1116 1288 1.15 Group 15A, B, C W 1002 1222 1.22
AIS!-E5,6" 1116 1808 1.62 Group 16A, B, C W 1116 2067 1.85
AIS!-Fl,2 5 447 538 1.20 Group 17A, B, C W 669 726 1.09
AIS!-F3,4' 828 1249 1.51 Group 18A, B, C W 1002 1065 1.06

AISI-OSBl, y 802 932 1.16 Group 19A, B, C W 1116 2006 1.80

W denotes steel walls sheathed with wood panels S denotes steel walls sheathed with sheet steel

Table 3.2: Statistical Parameters ofTest-to-Predicted Ratios

Number ofTests Mean Value Standard Deviation Coefficient ofVariation
AlI Tests 58 1.33 0.326 24.5%

Serrette Tests 40 1.31 0.326 24.8%

ucr Tests 18 1.39 0.350 25.1%

Wood Panel Tests 52 1.29 0.273 21.2%

OSB Tests 27 1.28 0.276 21.5%

Plywood Tests 25 1.12 0.333 29.7%

Steel Sheet Tests 6 1.67 0.563 33.7%

As can be seen From Table 3.1 and Figure 3.6, the calculated shear capacities using the

numerical method generally provide lower values than the measured peak load from tests,

except for specimens AISI - BI,2, AISI - B3,4, and AISI - EI,2. The results aiso show

that this numericalmethod provides a better prediction of the shear strength for the walls

sheathed with wood panels. For example, the wood panel walls have a mean test-to­

predicted ratio of 1.29 and the coefficient of variation of 21.2%, in comparison with the

walls sheathed with sheet steel, which have corresponding values of 1.67 and 33.7%,

respectively.
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Fig. 3.6: Comparison ofthe Predicted Shear Capacity and the Peak Load from Tests (Serrette et al. 1996b, 1997b; COLA-UCf, 2001)

46



For wood panel wans AISI - Al,2,5,6, AIS! - OSB 1,2,3,4, AISI - PLY1,2,3,4, as weIl as

Group I4A,B,C, 15A,B,C, 17A,B,C, I8A,B,C, the calculated shear capacities are

somewhat smaller than those measured during testing (the test-to-predicted ratios range

from 1.06 to 1.33). This conservative nature of the prediction method may be attributed

to the following: 1) The use of minimum specified ASTM A653 material properties,

including Fy and Fu, in the calculation process, instead of the actual material properties as

determined by means of coupon tests. It is common for the actual material properties to

exceed those specified in the ASTM material standards. 2) The predicted method is based

on the first failure modes, for which the capacity is controUed by the tilting strength of

the corner screws. At this stage the majority of the remaining screws would not have been

subjected to a shear load that matches their ultimate capacity. Therefore, it is probable

that after tilting of the corner screws, the wall would deform inelastically and the loads

would redistribute to otber less highly stressed fasteners. In this fashion it is possible that

the waUs were able to carry increased shear loads at ultimate failure.

In the ca1culation of the shear capacity for the walls sheathed with sheet steel, specimens AISI ­

DI,2, AISI - F1,2, and AISI - F3,4, only the post-buckling strength ofthe bars within the area

of the screw diameter and the sheet thickness was considered to contribute to the increased

strength of the tension field. It is most likely that the regions of sheet steel near the screws were

restrained, and hence, provided additional shear capacity to the wall system. The closer the

screws are spaced, the more pronounced the difference in test-to-predicted results due to the

greater amount of sheet steel that is able ta resist load. This can be seen in the results obtained

for specimens AISI - F3,4 (screws spaced at 2"/12") where the average test-to-predicted ratio is

1.51, in comparison ta walls AISI -F1,2 (screws spaced at 4"/12"), which have an average test­

to-predicted ratio of 1.20. Fmihermore, the capacity may also increase due to the actual

matelial strength being higher than the nominal as discussed previously.

In the twenty four design cases where the predicted strength is controIled by stud

buckling, such as for walls AISI - A3,4, AISI - A7,8, AISI - E3,4, AISI - E5,6, AISI­

F3,4, AISI - OSB5,6, AISI - OSB7,8, AISI - PLY5,6, AISI - PLY7,8, and Group
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16A,B,C, 19A,B,C, the calculated shear capacities are significantly lower than those

obtained from the test results. This may be due to the following:

a) The yield stress, Fy , used in the numerical method ta evaluate the shear strength is

taken as the minimum specified ASTM A653 strength of 33 ksi (~ 230 MPa), which

in aU probability is lower than the actual strength if measured using coupon tests (:::::

300 MPa for common mild grade sheet steels). If the assumed increased yield stress

value were ta be used in the calculations (coupon test results were not available), then

an increase in the shear capacity of approximately 15% would be realized.

b) The test information showed that 20 ga. studs were used for aIl specimens. It was

assumed that this corresponded ta a 0.84 mm thickness for the sheet steel. However,

the thickness range of 20 ga. material can reach as high as 0.91 mm. If the thicker

stud measurement were used in the calculations, then a 13% increase in the buckling

capacity of the chord members would occur.

c) In the mode! used ta calculate the stud buckling capacity it was assumed that the chard

studs were concentlically loaded with a constant axial stress along the entire member ((1)

of Fig. 3.7). Furthe1111ore, the unbraced length for the weak axis was defined as the screw

spacing and for the strong axis was taken as the height of the wall. This model provides a

conservative stud resistance for the fol1owing reasons. When the wall is subjected ta

lateralload only, which is the actualloading condition of tests by Serrette et al. and UeI,

the stress in the studs varies along their length, with minimum and maximum forces at

either end, (Fig. 3.7 (2)), because of the shear flow from the panel sections. Therefore, the

stress pattern can be taken as a triangular shape if the spacing of screws is rather small

compared ta the length of the studs. For simplification, the average stress can be used for

design purposes. Furthennore, the wood panel is attached to the flange of the studs

through screws, and hence, will restrain the strong axis buckling of studs ta sorne extent.

If this restraint were sufficient, then the studs would be forced to buckle between the

screws in bath the strong and weak axes, which may result in failure due to squashing of

the cross section instead ofbuckling. If aIl ofthese variations were taken into account, the
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predicted strength, govemed by yielding of the cross section, would be approximately

15% higher than that obtained for the procedure detailed previously.

F

Loo.ding

Fig. 3.7: Two Models for Stud Buckling

Shear capacity calculations were carried out for the walls with wood panels accounting

for the aspects discussed above (a, b, c). This directly affected the stud buckling

resistance, which increased by approximately 38%. The resulting test-to-predicted ratios

(shear resistance) for walls sheathed with wood panels are listed in Table 3.3. The walls

where the design calculations show that the shear capacity is controlled by stud buckling

include AISI - E5,6, AISI OSB7,8, AISI - PLY7,8 and Group 16A,B,C, 19A,B,C.

These twelve test specimens were also the only walls that were recorded to have failed by

stud buckling during testing. In contrast, when nominal material values were used and

when the strong axis braced length was assumed to be the wall height, the predicted

failure mode of stud buckling occurred for additional tests, including AISI - A3,4, AISI ­

A7,8, AISI - E3,4, AISI - OSB5,6, AISI - PLY5,6, which actually failed by screws

puJling through wood panels (shown in Appendix 'B', Table B5 - B7). This shows that

the increased stud buckling resistance provides results, with respect to failure mode

prediction, that are more in hne with the laboratory observations. The mean value for the

test-to-predicted ratios is 1.11 and the coefficient of variation is 10.0%, which indicates
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that the predicted capacity for the steel stud walls sheathed with wood panels obtained

from the numerical method is generally in agreement with the test results if elevated

material properties are used in place of nominal values, and if the bracing of studs is

considered as the screw spacing for bath the strong and weak bending axes. It is

important ta reiterate that axial gravity loads were not taken into consideration in the

design method because these loads were not applied during testing.

Table 3.3: Test-to-Predicted Ratios of Wood Panel Walls based on the Increased Stud

Buckling Resistance (Serrette et al. 1996b, 1997b; COLA-UC!, 2001)

Preclicted Peak Test to Predicted Peak Test to
Specimens Shear Load Predicted Specimens Shear Load Predicted

(lb/ft) (lb/ft) Ratio (lb/ft) (lb/ft) Ratio
AISI-Al,2w 1553 1933 1.24 AISI-OSB7,8 w 1658 1985 1.20
AISI-A3, 4 w 2304 2397 1.04 AISI-PLY1,2 w 802 990 1.23
ArSI-A5,6 w 1553 1652 1.06 AISI-PLY3,4 w 1178 1312 1.11
AISI-A7,8 w 2304 2263 0.98 AISI-PLY5,6 w 1553 1753 1.12
AISr - BI, 2w 1111 1015 0.91 AISI-PLY7,8 w 1658 1928 1.16
Arsr -B3, 4 w 1201 1063 0.88 Group 14A, B, CW 669 891 1.33
AISI -El, 2 w 813 804 0.99 Group 15A, B, C W 1002 1222 1.22
AISl- E3, 4 w 1179 1288 1.09 Group 16A, B, C W 1658 2067 1.25
AISI-E5,6 w 1658 1808 1.09 Group l7A, B, C W 669 726 1.09

AISI-OSBI,2 w 302 932 1.16 Group 18A, B, C W 1002 1065 1.06
AIS1- OSB3, 4 w 1178 1269 1.08 Group 19A, B, C W 1658 2006 1.21
AIS1- OSB5, 6 w 1553 1725 1.11

W denotes steel walls sheathed with wood panels

3.5 CONCLUSIONS

The method described in the previous section is a preliminary attempt to numerically

estimate the shear capacity of cold-fonned steel shear wal1s subjected to in-plane lateral

loading. The comparisons and analyses indicate that this numerical method is feasible, in

that it provides an approxinlate prediction of the shear strength. However, since the method

relies on the assumption that the wall exhibits elastic behaviour prior ta the first connection

failure, it is necessary to revise the approach to include the inelastic effects that occur

before failure of the entire wall. In addition, this numerical method is derived from static

analyses without considering the effect of cyc1ic performance, and thus further studies are

necessary to incorporate the degradation effects of cyclic wind and earthquake of loading.
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CHAPTER 4 FORCE MODIFICATION FACTOR FOR SEISMIC DESIGN

Seismic design codes recognise the ability of some structures to undergo significant

inelastic deformation while maintaining their load carrying capacity. This behaviour

allows the engineer to rely on an elastic design approach with reduced seismic forces if

the structure is detailed such that it will carry load and dissipate energy when displaced

into the inelastic range, i.e. the 'equivalent static approach to seismic design'. The true

lateral deflections of a structure that behaves inelastical1y can be several times that of the

same structure when designed using an elastic analysis with reduced loads (Fig. 4.1).

Most building codes provide force and deflection modification factors to account for the

reduced loads and increased deflections that occur under seismic loading in a building

that has been designed to provide a ductile load vs. displacement response. An overview

of a number of different design standards has been included in this chapter in order to

compare the different methods used in the equivalent static approach to seismic design.

This includes the National Building Code of Canada (NRCC, 1995, 2004), and two of the

US model codes NEHRP (FEMA, 1997a,b) and UBC (fCBO, 1994, 1997).

Base or Storey
Shear (V)

Ve orR=l

Ve/2 or R=2

V e/3 or R=3

~y D.max l ~max2 Drift L1

Fig. 4.1: Design Shear vs. Required Drift
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4.1 COMPARlSON OF DIFFERENT DESIGN STANDARDS

1. NBCC (National Building Code of Canada)

For regular structures, the NBCC (NRCC, 1995) allows engineers to use an equivalent

static design method to detennine the seismic load. The NBCC states that regular

structures must be designed ta sustain a base shear, V, in each of their principal directions,

given by the following fommla:

V = Veu
R

(4 - 1)

where U = 0.6, Ve is the base shear corresponding ta an elastic response of the structure,

and R is the force modification factor. The maximum lateral deflection that the structure

must resist without collapse is:

(4-2)

where Lly is the lateral deformation of the structure based on an elastic analysis. The NBCC

specifies a drift limit of 2% of the storey height. The factor, R, depends on the ability of the

structure ta maintain its load carrying capacity over extended lateral displacement; hence, it

will vary depending on the type of structural system that is specified. Force modification

factors are determil1ed based on experience acquired in terms of design and construction

and also from the study of building behaviour during earthquakes. The values of R vary

from 1.0 to 4.0 (R/0.6 vary from 1.7 ta 6.7), where the lower is recommended for an

unreinforced masonry wall and the higher for a ductile moment frame.

'* Draft NBCC 2004

The base design shear under earthquake loading in the Draft NBCC 2004 (NRCC, 2004)

tS given by:
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(4 - 3)

where Rd is a ductility related force modification factor that reflects the capability of a

structure to dissipate energy through inelastic behaviour, and Ra is an overstrength related

force modification factor that accounts for the dependable portion of reserve strength in a

structure designed according to the NBCC provisions. The Ra factor is evaluated by:

(4 -4)

where:

R!/J= l/rjJ;

Ryield = Ratio ofprobable yield strength to minimum specified yield strength

Rsh = Overstrength due to strain hardening

Rsize = Overstrength due to discrete member sizes

Rmech = Overstrength developed when a full collapse mechanism is formed

The maximum lateral deflection that a structure is expected to resist without collapse is:

(4-5)

where Ily is the lateral deformation of the structure based on an elastic analysis using the

reduced seismic loads. The drift limit is 2.5% of the storey height. The values of RdRa

vary from 1.0 to 7.5, where the lower is recommended for an unreinforced masonry wall

and the higher for a ductile moment frame

lL NEHRP (National Earthquake Hazards Reduction Program)

The National Earthquake Hazards Reduction Program (FEMA, 1997a,b) relies on a

different method to determine the equivalent static loads for seismic design. The force

reduction factor (FRF), expressed as a response modification factor, R, is used to reduce
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the tinear elastic design response spectra. The design seismic base shear, V, in a given

direction is detennined in accordance with the fol1owing equation:

V = Ve

R
(4-6)

where Ve is the base shear corresponding to an elastic response of the structure. A

displacement amplification factor (DAF), Cd, is used to compute the expected maximum

inelastic displacement from the elastic displacement induced by the design seismic forces.

(4-7)

Uang (1991) showed that if the actual response envelope of the structure, considering

drift vs. base or storey shear (Fig. 4.2), can be idealised as an elasto-perfectly plastic

response curve, the following factors can be defined:

System ductility reduction factor

R = Ve

JI V
y

Structural overstrength factor

V
Q=-L

V.

(4- 8)

(4- 9)

where Vy is the actual yield strength level and Vs is the first significant yield strength

level (prescribed design force). Therefore:

R=v,,=RQ. JI

V.
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Fig 4.2: Base or Storey Shear vs. Drift

The values of R vary from 1.25 to 8.0, where the lower is recommended for an ordinary

masomy wall and the higher for a ductile moment frame (FEMA, 1997a). Uang also

showed that the displacemel1t amplification factor Cd could be derived from Fig. 4.2 as

follows:

where L}max / L}y = the structural ductility factor Jl; and from Fig. 4.2:

(4 - 11)

(4 - 12)

Therefore Cd = pD

The overstrength factor, D, is the ratio of the full yield strength of the structure (nominal

strength) to the first significant yield strength. However, there are several other sources of

strength that may further increase structural overstrength. For example: the material

overstrength (due to the true material properties being higher than the nominally specified
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values), the resistance factor used in design, the designer intentionally introducing

additional overstrength, etc. Another overstrength factor that may need to be considered

in the design of steel stud shear walls is the system overstrength factor, which is

dependent on the amount of redundancy in the structure. A structure that has a high

degree of redundancy will typically be able ta carry a higher load after first significant

yield due to force redistribution; and thus, the greater the system overstrength factor.

Furthermore, a structure whose design is controlled by the drift limit could have a rather

high overstrength factor since the structure's actual strength could be significantly higher

than that required by ultimate strength design provisions.

111. URe (Unifom1 Buildirig Code)

The Uniform Building Code (ICBO, 1994) specifies a design seismic force level for

working stress design. The required elastic seismic force level can be reduced by a force

reduction factor (FRF) Rw (SEA OC, 1996).

(4- 13)

where Ve is base shear conesponding to an elastic response of the structure. The total

reductiol1 factor corresponding to the UBC allowable-stress-design fonnat is:

(4 - 14)

Oang (J 991) showed that an additional factor, the allowable stress factor Y, is required

for allowable stress design.

Y= Vs
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where Vw is the corresponding design force level for allowable stress design. Along with

the system ductility reduction factor, RIJ, and structural over-strength factor, n, defined

previously, the force reduction factor Rw is expressed as follows:

(4 - 16)

The Rand Rw factors differ by a constant 10ad factor (Y;:;::1.4) that is dependent on the

structural system. The values ofRw for use in seismic design vary up to 12.0, which is the

factor specified for ductile moment frames.

To estimate the maXlmum inelastic deflections, Llmax that may develop in a major

earthquake, the design lateral deflections computed using an elastic structural analysis,

are amplified as follows:

3
~max == ~w xSRw (4 - 17)

Based on observations of building performance during actual seismic events the 3R,/8

factor was included in the deflection calculation for the UBC. NEHRP (l997b) reports

that "this is a somewhat arbitrary factor that attempts ta quantify the maximum force that

can be delivered ta sensitive elements based on historie observations that the real force

that could develop in a structure may be 3 ta 4 times the design levels".

The base shear equation in UBC (ICBO, 1997) had been revised from the allowable stress

design approach ta that appropriate for the load and resistance factor design philosophy, and

hence is consistent with the 1994 NEHRP equation. The original Rw factor was replaced by

an R factor that has a value of approximate Rw/lA. The maximum inelastic displacement L1max

can be calculated as follows:

(4 - 18)

where L1s is elastic drift under the design seismic force.
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4.2 PROCEDURE TO DETERMINE FORCE MODIFICATION FACTORS FROM TESTS

In this section a description of a possible method that can be used ta detennine force

modification factors, R, from quasi-static cyclic tests for use with the various model building

codes is provided. The steps are as listed:

1. Depict the unidirectional "actual response" (backbone curve as shown in Fig. 4.3)

The backbone curve is taken as the envelope of cyclic curves based on the highest

strength hysteretic response from a plot of storey shear vs. storey deflection

(recommended by SEAOSC (1997).

4
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Fig. 4.3: Typical Steel Stud Shear Wall Load vs. Displacement Hysteresis (Serrette et al.,
1996b)

IL Evaluate the ideal bilinear curve and the ductility factor, j.J

An ideal bilinear curve is comprised of two segments, where the first segment represents

the shear stiffness of the wall, which is dependent on the definition of the yield

displacement. Park (1989) provided various definitions for the yield displacement (Fig. 4.4),

and recOllli11ended that the most realistic definition is as shown in Fig. 4.4d. However, for
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cold-fonned steel shear walls sheathed with wood panels, sheet steel or steel straps using

screws, it is difficult to de±ine the first yield point (Fig. 4.4a). Park's recommendation is

more appropriate for reinforced concrete or hot-rolled steel structures, where the first

instance of steel yielding can be more easily identified. Furthennore, use of the yield

displacement based on equivalent elasto-plastic energy absorption (Fig. 4.4c) is feasible for

computer models, but it is not practical when attempted manually because of the difficulty

in obtaining two equivalent areas. Thus in the method utilised for tbis research project, the

yield displacement is evaluated based on the equivalent elasto-plastic yield, which is

defined ta have the same elastic stiffness as the test wall, as shawn in Fig. 4.4b.

Load
(V) Backbone
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First yield

Ày Displacement (t:.)

(a) Based on First Yield
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Elasto-plastic Yield
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Fig. 4.4: Alternative Definitions for Yield Displacement (Park, 1989) for Cyclic Loading

The second segment of the ideal bilinear curve consists of a plateau over which the shear

displacement of the wall illcreases while the applied load remains constant. A lower and

upper bound value for the plateau portion can be established from the storey shear vs.
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storey deflection envelope curves (Fig. 4.5). The lower and upper bounds ocCUl' when the

plateau portion of the eurve (plastic behaviour) intersects the maximum load in the

envelope and the failure load (typically, 80%Vmax for wood walls), respectively. An

idealised bilinear elasto-plastic shear vs. deflection plateau ean be selected within these

bounds. The properties that need to be eonsidered in this evaluation inc1ude: ductility,

hysteretic energy dissipation, resistance to degradation, inherent redtmdancy, number of

cycles resisted, and failure mode, etc (Driver et al., 2000). The ductility demand factor, Ji,

is deflned by using the following equation:

(4 - 19)

where Llmax is the measured deflection that occurs at the intersection of the actual and idealised

bilinear response curves, and Lly is the pseudo yield deflection, which occurs at the intersection

of the two segments ofthe idealised bilinear curve.

Actual
Backbone
Response

Failure
- - - ~ ï Load

Upper lBound
Bilinear fot R
Idealization :

1
1
1

Base or
Storey
Shear (V) Peak

Lower Bound L ct
for R oa
~--

~y ~max Drift ti

Fig. 4.5: Backbone Curve for R-Value Calculation

111. Estimate the ductility modification factor R~,

The relationship between the ductility modification factor, R~" and the ductility demand

factor, p, must be detemlÎned. Newmark and Hall (1982) demonstrated that for a single

degree of freedom system with a period greater than 0.5 seconds, the maximum lateral
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displacement of a non-lineur system is almost equal to the maximum displacement of the

corresponding linear system. Therefore:

RI-' =Ji (T 2 0.5) (4 - 20)

In addition, Newmarle and Hall have shown that for a system with a period from

approximately 0.125 to 0.5 seconds, the strain energies for the elastic and the elasto­

plastic cases are approximately the same. Equating the areas under the two curves, i.e.

elastic and elasto-plastic curves, leads to:

Rp =~2Jl-l (T < 0.5)

IV. Establish the overstrength factor [J

(4 - 21)

lt is possible to detennine the yield strength, Vy" of a shear wall from the load reached

during the last stable loop. A stable loop is obtained when the shear force in the first and

the fou1'th cycle of a given displacement amplitude is within 5% (SEAOSC, 1997). The

first significant yield strength, Vs, occurs at the point in the elastic segment of the ideal

bilinear curve beyond which the baclebone curve deviates significantly from the idealised

curve. The value of Vs can also be taleen as the prescribed design strength given by the

respective design standards, which is adopted in this thesis as weIl. Thus, as shown for

the definition of the ductility factor, one can define the over-strength factor, [Jo, as a

function of the nominal and first significant yield strengths. As noted previously in

Section 4.1, this overstrength factor can also be further increased by other sources.

V
n_~
~o!.o -

Vs
(4 - 22)

The Applied Technology Council (1995) 1'ecommends another method with which

overstrength factors can be evaluated. Once the baclebone curve is plotted one can

calculate the base shear force, Va, at the drift co1'responding to the limiting state of
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response. The typical limiting responses inc1ude maXImum inter-storey drift and

maximum plastic hinge rotation. The design base shear force at the working stress level is

given by the following equation in the 1985 UBC (ICBG, 1985):

VD = (ZIKCS) x W (4 - 23)

The parameters Z and 1 are used to quantify the seismic zone and the importance of the

building, respectively. The parameter Sis used to account for site characteristics, and C is a

lJumerical period of vibration of the building and the defined spectral shape. K is a numerical

coefficient refelTed ta as the horizontal force factor, and W is the total dead load of the

building.

The design base shear at the strength level (Vd) can be ca1culated by multiplying the

working-stress design base shear (VD ) by a seismic load factor (Vd >=:::; VD x 1.40). It

follows that the over-strength factor can be ca1culated using the fol1owing expression:

(4 - 24)

v. Evaluate the force modification factor

The definitiol1 of the force modification factor depends on the building code that is ta be

implemented in the design of the shear wall. For the codes that are under consideration R

is defined as:

ForNBCC,

ForUBC 94,

For NEHRP and UBC 97,

R=R
/.1
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4.3 ExAMPLE OF FORCE NJODIFICATION FACTOR CALCULATION

The load vs. deflection hysteresis of shear wall specimen No. AlSI-OSBl tested by

Serrette et al. (1996b) (Fig. 4.6) was used ta provide an example of the procedure that

was followed ta detennil1e an appropriate force modification factor.

1500
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;...:
q...,

----...0 500........

--d'
C\l
0 0F-4

'"'CJ
v.-....... -500p...

~
-1000

-1500
-4 -3 L'l.~lax-2 -1 L'l.-y 0 L'l.y+ 1 S 2 3 4

max

Top Total Lateral Displacement, in.

Fig. 4.6: Load vs. Deflection Hysteresis for Specimen No. AISI-OSBI (Serrette et al., 1996b)

1. Backbone curve.

A smooth curve is drawn ta connect the peak load points of the successive cycles in order

to obtain the unidirectional backbone curve, shown as a dashed Iille in Fig. 4.6.

11. Idealised bilinear curve.

The area enclosed by the shear load vs. deflection hysteresis is considered as a measure of

the dissipated energy. Typically, after the peak load is reached in the first cycle of a given

displacement amplitude, the maximum load that can be canied in subsequent cycles
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degrades significantly, i.e. the behaviour is not stable. This indicates that there will be

sudden losses in shear stiffness and capacity of the wall under severe cydic loading. From

the discussion of test results provided Serrette et al. (1996b), it is known that wall No.

AISI-OSB 1 failed when the panel pulled over the screw heads and became unzipped.

Fastener unzipping is considered as a brittle failme mode because of the sudden drop in

load carrying capacity of the shear wall. Due to this brittle failure a conservative approach

was taken where the plastic plateau was defmed as the maximum load reached, which

provides a lower bound solution for the calculated R-value. The first segment of the

idealised bilinear elasto-plastic curve begins at the origin and has the same slope as the

elastic stiffness ofthe test wall during the initial quasi-static displacement cycles (Fig. 4.6).

Ill. Ductility factor f-l

The ductility factor is also obtained from infoDllation contained in Fig. 4.6. The yield (Lly)

and maximum displacement (Llmax) are taken as the average of the positive value and the

negative value for yield (Ll/ and Lly-) and maximum displacement (Ll:nax and Ll-:Uax ),

respectively. Therefore, Lly = 0.65" and Llmax = 2.05" are identified and 1-1 = Llmax / Lly =

3.15.

IV. Ductility modification factor Rfl

Additional infoD11ation with regards to the shear wall test is required to calculate the

ductility modification factor. Senette et al. (1996b) have recorded the height of the wall

as 8' (2.44 m) and the length as 4' (1.22 m). The natural period of the wall system, T, can

be approximated by using the empirical fOD11ula given by the NBCC (NRCC, 1995):

T = 0.09h,.
(DJ/2

(4 - 28)

where hs and Ds are the height and length of the structure, respectively. In this case, hs =

2.44 m andDs = 1.22m; hence T= 0.2s « 0.5s), therefore:
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v. Overstrength factor il

As noted previously, the overstrength factor is defined as the ratio of the nominal strength

to the code defined design capacity. Considering that the Uniform Building Code (fCEG,

1997) specifies that the shear capacity for load and resistance factor design is the nominal

strength multiplied by a resistance factor of 0.55, the overstrength, il, can be taken as

1/0.55 = 1.82. On the other hand, for this test, the wall assembly was only subjected ta an

in-plane lateraI Ioad without additionaI gravity forces that simulate the self-weight of the

building. Renee the ATC-19 (1995) method to caIculate the design base shear force

cannot be followed. Furthennore, considering that the existing shear wall test programs in

North America consisted of single wall panel specimens (only one element) instead of a

complete stmcture, as detailed in Chapter 2, the overstrength considered in this thesis

refers to the element overstrength. A conservative approach will be taken where the

system over-strength is assumed equal to 1.0.

VI. Force modification factor R

The force modification factors for seismic design are given as follows:

NBCC

UBC94

NERRP and UBC 97

R=Rfl =2.3

Rw =Rfl n y = 2.3 x 1.82 x 1.4 = 5.9

R = Rfl n = 2.3 x 1.82 = 4.2

Additional force modification factors for other tests completed by Serrette et al. (1996b,

1997b) and COLA-UCI (2001) can be found in Appendix 'e' l'rom Table Cl ta Table C4,

and a summary of the results is provided in Table 4.1. AU those R-values are only applied

to single-storey walls. The results are all based on peak load, which can be considered as

a Jower bound for the R-values, and the overstrength is taken as 1.82 as discussed

previousJy. 1t must a1so be noted that values listed in Table 4.1 were eva1uated from the
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results of single shear wall tests, which may not necessarily correspond to the overall

behaviour of a real building. The contributions of various boundary conditions,

connections and non-structural components, gravity loads, etc, may impact on the

distribution of seismic forces to stmctural shear walls.

Table 4.1: Calculated R-Values for Steel Stud Shear Walls

1 Rw
R R Rw

R R
Specimen (UBC, (NEHRP, Specimen (UBC, (NEHRP,

94) UBC,97)
(NBCC) 94) UBC,97)

(NBCC)

AISI-OSB 11w 5.9 4.2 2.3 ArSI-D1 ls 6.9 4.9 2.7
AISI-OSBi w 6.3 4.5 2.5 AISI-Di' 6.5 4.7 2.6
AISr-OSB3 lw 4.S 3.4 1.9 AISI_El lw S.3 5.9 3.2
AISr-OSB4 1w 6.1 4.4 2.4 AISI-Eiw 7.2 5.1 2.S

1 AISI-OSB5 Iw 5.0 3.6 2.0 AISI-E3 1w 6.S 4.9 2.7
AISI-OSB6 lw 5.1 3.6 2.0 AISI-E4 Iw 6.8 4.9 2.7
AISI-OSB7 Iw 3.9 2.8 1.6 AISI-E5 1w 4.6 3.3 1.8
AISl-OSB8 Iw 4.1 2.9 1.6 AISI-E6 1w 5.0 3.6 2.0
AISI-PL Y1 1w 4.7 3.3 1.8 AISI-F1 1s 6.6 4.7 2.6
A1Sr-PLY2 1W 5.7 4.1 2.2 AISI-F2 ls 6.9 4.9 2.7
AISI-PLY3 1W 5.9 4.2 2.3 AISI_F3 1S 5.9 4.2 2.3
AISI-PLy 4 1w 5.0 3.6 2.0 AISI-F4Is 5.6 4.0 2.2
AISI-PLY5 Iw 5.0 3.6 2.0 Group14A2w 6.6 4.7 2.6
AISI-PLY6 1w 5.2 3.7 2.0 Group14B~w 6.5 4.6 2.5
AISI-PLyiw 4.1 2.9 1.6 Group14C~w 6.0 4.3 2.4
AISI-PLYS 1w 4.1 3.0 1.6 Group 15A2w 6.3 4.5 2.5
AISI-A1 1w 6.1 4.4 2.4 Group15B2w 6.0 4.3 2.4
AISI-A2 w 5.1 3.7 2.0 Group15C~w 6.1 4.4 2.4
AISI-A3 w 5.0 3.6 2.0 Group l 6A-w 6.0 4.3 2.4
AISI-A4\w 4.8 3.5 1.9 Group16B-w 5.2 3.7 2.0

1 AISI-A51w 5.0 3.6 2.0 Group16C2w 5.1 3.6 2.0
AISI-A6 1w 4.8 3.4 1.9 Groupl7A2w 5.7 4.0 2.2
AISI-Aiw 5.1 3.6 2.0 Group17B LW 6.6 4.7 2.6
AISI-A8 Jw 5.1 3.7 2.0 Group17C2w 6.2 4.4 2.4
AISI-B1 1w 5.4 3.8 2.3 Group1SA2w 6.9 4.9 2.7
AISI-Bi w 6.2 4.4 2.4 Group18B2w 6.6 4.7 2.6
AISI-B3 lw 5.3 3.S 2.1 Group1SC2w 6.9 5.0 2.7
AISI-B4 JW 5.8 4.1 2.3 Group19A2w 7.0 5.0 2.S

, AISI-CI\X 4.0 2.9 1.6 Group19B2w 6.5 4.7 2.7
i AISI-ci x 4.6 3.3 1.8 GroupI9C2w 5.8 4.2 2.3

ISerrette et al. (1996b, 1997b) 2 COLA-UeI (2001) W denotes steel walls sheathed with wood
panels S denotes steel wans sheathed with sheet steel x denotes steel wans with X-braces
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4.4 COMPARISON WITH EXISTlNG R-VALUES AND HYSTERETIC CURVES FOR

JYOOD AND MASONRY SHEAR WALLS

i. Wood Shear WaUs

Wood shear walls have long been utilised ta withstand high wind and earthquake loading.

Timber structures in general, provide good insulation value, are versatile and easily

constructed, are readily available, and posses a high strength-to-weight ratio, which has

made them popular throughout North America. FUlihermore, when adequately detailed

for seismic loading the lightweight nature and flexibility of wood structures result in a

smaU inertia force, and hence wood shear walls act as an efficient energy absorber during

emihquakes. In general, building codes and standards, e.g. UBC (/CBO, 1997) and CSA

086-01 (2001) provide design shear capacity values for wood shear waUs based on test

data. To evaluate the cyclic response of wood shear wans, most experimental studies

focused on the effect of shear capacity and ductility under cyclic loading, where

specimens were constructed with different details; such as oversize panels, aspect ratio,

openings, blocking, double-sheathing, connection details, etc (Dolan and Johnson, 1997;

Durham et al., 1999; Filiatrault, 1990; Folz and Filiatrault, 2001; Gutkowski and

Costillo, 1988; He et al., 1999; Popovski et al., 1998; Rose, 1998; Tisse!!, 1993).

The Canadian Wood Council Wood Design Manual (CWC, 1995) prescribes the use of

different R-values depending on the type of lateral load resisting system and its ability to

absorb earthquake induced energy. An R-value of 3.0 is assigned to an nailed plywood,

waferboard and oriented strand board (OSB) shear walls which satisfy certain requirements,

including; panel orientation and configuration, panel thickness, width of framing members,

fastener schedule, etc. A more recent design manual from the CWC (2001) recommends

thut a lower force modification factor (R = 2) be used for the design of shear walls sheathed

with a combination of wood-bused panel and gypsum waUboard when considering the

contribution of the gypsum wallboard to the shear resistance of the walls. wans that are

sheathed with wood-based panels alone, or when the contribution of the gypsum waUboard
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is neglected may still be designed with R = 3. The CSA 086-01 (2001) design standard

prescribes the main requirements for the design ofwood shear walls as follows:

1) The maximum aspect ratio (height-to-length ratio) of a shear wall segment shaH be 3.5:1.

2) When the factored dead loads are not sufficient ta prevent overturning, hold-down

connections shan be provided to resist the factored uplift forces, or an anchorage shall

transfer the uplift force, located on the bottom plate within 300 mm from both ends of

the shear wall segment.

3) Framing members shall be at least 38 mm wide and be spaced no greater than 600

mm apart. The panels can be installed horizontally or vertically, with nails spaced at

300 mm on centre along intem1ediate framing members.

4) The nominal thickness ofpanels shall be no less than 7.5 mm.

5) Common wire nails, with a minimum diameter of 2.84 mm, shall be spaced between

50 mm and 150 mm at panel edges. Nails are ta meet the minimum penetration

distance and be firmly driven into the framing but not over-driven.

Wood shear wall specimens that were tested at Virginia Polytechnic Institute and State

University (Salenikovich et al., 2000) and at the University of Califomia at Irvine

(COLA-UCf, 2001) were used in the comparison of steel stud shear walls. To represent

the typical behaviour of wood shear walls, the specimens (listed in detail in Appendix 'e'

Table CS) were chosen according to the following criteria:

$ Satisfy ail of the requirements in the CSA 086-01 Wood Design Standard;

$ Include panels with different aspect ratio, fastener spacing, type of sheathing, and

orientation;

<1' Panels attached on one side or on two-sides.

<1' Sheathed with panels of typical thickness and size.
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The R-values of the selected specimens were ca1culated based on the peak load following

the procedure described in Section 4.2. The design shear capacities for wood walls were

obtained from the Shearwall Selection Tables in the Wood Design Manual (CWC, 2001).

The equivalent wood panel thickness listed in the tables for 15/32" (11.9 mm) plywood

was taken as 12.S mm. For those wood walls sheathed with two panellayers, one on each

side of the studs, the shear resistance is additive, while for those sheathed with more than

one layer on one side, the shear resistance is taken as the resistance of the innermost

paneL The overstrength, listed in Appendix 'e', Table CS, was obtained by dividing the

nominal strength of the walls obtained from the test data by the corresponding design

strength (Appendix 'D', Table Dl). Therefore, the overstrength for those walls with more

than one layer on one side such as walls Group 3SA,B,C, is very high since the outmost

panel would also contribute to the nominal strength, while tbis outmos! panel is ignored

when calculating the design strength using method in Wood Design Manual. The

summarised results are shown in Table 4.2, with more detailed infonnation listed in

Appendix 'e', Table CS.

Table 4.2: Calculated R-Values for Wood Walls

'COLA-ucr (2001) 2Salenikovich et al. (2000)

R" R R R" R R
Specimen (UBC, (NEHRP, Specimen (UBC, (NEHRP,

94) UBC, 97)
(NBCC) 94) UBC, 97)

(NBCC)

Group 03A1 7.7 5.5 2.9 Group 23A1 7.2 5.1 3.0
Group 03B 1 6.6 4.7 2.5 Group 23B l 7.0 5.0 2.8
Group 03C l 8.3 5.9 3.0 Group 23C l 6.4 4.6 2.8
Group 04A1 7.1 5.1 2.8 Group 34A 1 5.3 3.8 2.5
Group 04B 1 6.6 4.7 2.6 Group 34B 1 6.2 4.4 3.0
Group 04C l 5.9 4.2 2.7 Group 34C 5.5 3.9 2.7
Group 06A 1 6.0 4.3 2.4 Group 35A1 12.4 8.9 2.6
Group 06B' 6.1 4.3 2.3 Group 35B 1 13.3 9.5 2.7
Group 06C l 6.4 4.6 2.4 Group 35C 1 12.1 8.7 2.4
Group 09A l 6.4 4.6 2.5 Group36A 7.0 5.0 2.9
Group 09B! 6.2 4.4 2.5 Group 36B l 4.0 2.9 2.1
Group 09C l 6.3 4.5 2.4 Group 36C l 5.7 4.1 2.5
Group 12Al 8.6 6.1 3.7 04FAc1 2 7.8 5.6 3.0
Group 12B l 6.9 4.9 3.0 04FAc22 9.4 6.7 2.9

1 Group 12C l 7.8 5.5 3.3 08FAc1 " 9.3 6.6 3.2
Group J3A 6.0 4.3 2.6 08FAc22 8.2 5.8 2.9
Group 13B i 6.7 4.8 2.6 12FAct2 9.9 7.1 3.3 1

Group 13C I 6.7 4.8 2.7 12FAc2L JO.7 7.7 3.3,

69



ii. Masonry Shear Walls

Masonry is a common material that has been used in building constmction for a number

of centuries. Although brittle as a material, the addition of reinforcement helps to

improve the seismic behaviour of masonry shear walls. According to Tomazevic (1999),

when subjected to seismic load, structuralmasonry walls develop three types of failure

mechanism, including; sliding shear, shear, and flexural failure, which depend on the

aspect ratio, load condition, quality of materials, and amount of vertical and horizontal

reinforcement. Experimental studies by Shing et al. (1989, 1990a, 1990b, 1991) and

Tomazeviè (1999) indicate that the walls dominated by flexural yielding at failure exhibit

a more ductile behaviour in compmison to those dominated by a sbear failure mechanism.

The NBCC (NRCc' 1995) has three classifications for masonry stmctures, each with a

different value for the force modification factor ta account for the inherent capability of

reinforcement to exhibit inelastic performance. Values are defined as follows: i) R = 1.0

for unreinforced masonry, ii) R = 1.5 for reinforced masonry, and iii) R = 2.0 for

reinforced masonry walls with nominal ductility.

The CSA S304.1 (1994) Masonry Design Standard requires minimum reinforcement for

walls designed to resist seismic forces. This includes vertical and horizontal steel having

a minimum total area of 0.002Ag , distributed as Asv = O.002Aga, Ash =O.002Ag(1-a)

(where 0.33 ::; a ::; 0.67), where Ag is the gross cross-sectional area of the wall (wall

thickness xl m), and Asv and Ash are the areas of vertical and horizontal reinforcement,

respectively. In addition, reinforcement shall be spaced at centre-to-centre intervals of no

more than 6 times the wall thickness or 1.2 m. Shear walls that are considered to have

nominal ductility (R = 2.0), should be designed in accordance with Appendix A of the

S304.1 Standard, where requirements for plastic hinge length, factored shear resistance,

ductility and minimum reinforcement are addressed. The main features of Appendix A of

the S304.1 Standard include:
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l) Structures are required to be of reinforced masonry and the redistribution of moments

obtained from an elastic analysis is not permitted.

2) Vertical reinforcement shall be spaced not more than one-quarter of the wall effective

depth, six times the wall thickness or 1200 mm, whichever is less. Horizontal

reinforcement shall also be continuous to the ends of the wall with 1800 hooks around

vertical reinforcing bars and they shall not be lapped within 600 mm or the neutral

axis depth, c, (the distance from extreme compression fibre to the neutral axis in a

flexural member), whichever is greater, from the end of the wall.

3) Other requirements relating to the plastic hinge region: limiting the extent of the

plastic hinge region, limiting the maximum compressive strain to 0.0025 (which can

be considered satisfied if c < 0.2 Iw, where Iw is the length of the wall), and reducing

the shear resistance contributed by masonry and axial compressive load by one-half.

Masonry shear wall specimens tested at the University of Colorado (Shing et al., 1991)

were used in a comparison of the behaviour of wood stud, masonry and steel stud walls.

It was necessary to assign NBCC defined R-values to these walls following the CSA

S304.1 requirements. AlI of the masonry shear walls that were considered met the

minimum requirement for total reinforcement ratio and distribution. For those walls with

R = 2.0, the extent of the plastic hinge region above the base of the wall is defined in

Appendix A of the S304.1 as lp = greater of Iwor hw/6, where lw and hw are the length and

height of the wall, respectively. For the Shing et al. test specimens, lw = hw, hence the

plastic hinge length was considered as the entire height of the wall.

For a wall with R = 2.0, the factored shear capacity of the portion of the wall that lies

outside of the plastic hinge region shaH be calculated according to CSA S304.1 Clause

Il.5.3. This is the same approach used to calculate the factored shear resistance of a wall

with R = 1.5, considering the contribution of the masonry wall, the axial compressive

load and the shear reinforcement, as shown in Equations (4 - 29) and (4 - 30). However,

for the section of wall that is within the plastic hinge region, Clause A6.1 of CSA S304.1
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specifies that the factored shear resistance, as detem1ined using Clause 11.5.3, which

depends on the masonry and the axial compressive load, shall be reduced by one-half.

For the Shing et al. shear wall tests the compressive strength of the masonry materials

were detem1ined by prism tests and the tensile strength of the reinforcing steels were

obtained from coupon tests. Hence, the resistance factor values, rPm and rPs, which account

for some uncertainties with respect ta material strength, were both taken as 1.0 instead of

0.55 and 0.85, respectively. An example calculation is provided in Appendix D4 and the

results for aIl masonry shear wall specimens are listed in Table 4.3. The ca1culated

ultimate shear values in Table 4.3 correspond to the flexural ultimate states following

Clause 10.2.3.1.3 ofCSA S304.1 (Eu =0.003).

@ Analysis results

R-values were assigned ta the walls according to the CSA 8304.1 Masonry Design

Standard. CSA S304.1 requires that besides meeting the minimum reinforcement

requirement, reinforced masonry walls should have enough flexural and shear resistance

ta carry the expected applied loads. Thus, the calculated shear capacity (VR) from the

CSA standard was compared with the maximum app1ied shear load (VF) of the wall

before the wall failed in flexure. The maximum applied shear load was considered as the

smaller of the measured test shear at diagonal cracking, and the calculated shear at the

flexural ultimate limit state. For the walls with VR < VF (within 5% difference it can be

assumed VR = VF), such as wall 9, 13, and 14, an R-value of 1.0 was assigned since the

shear perfom1ance did not improve significantly in comparison with an unreinforced

masonry wall, due to lack of adequate shear resistance. According ta Appendix A of CSA

8304.1, for an reinforced wall with nominal ductility, the factored shear resistance within

the plastic hinge region (VRP) should be recalculated to reduce the contribution of the

masonry and axial force. Therefore, for the walls with VRP > VF, that met bath the

ductility requirement (c < 0.2Iw, then the limiting strain requirement is satisfied according

to Appendix A in CSA 8304.1) and the minimum reinforcement requirement, an R-value
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of 2.0 was defined, e.g. wall 8. For other reinforced masonry walls that did not fall into

these two categories, R = 1.5 was utilised. The results are listed in Table 4.3.

Table 4.3: Assignment ofR-Values in NBCC for Masonry Walls (Shing et al., 1991)

1

Ver. Shear Ultimate Shear e@
steel

capacity
Shear

Axial
(kN) ultimate Design

1 Wall
1

f no capacity
Force Final Rin

No.
1

(psi) Hor. (Clause (App. A)
(kips) CaLI c<0.2Iw NBCC

steel 11.5.3) (VRP kN) Crack
(VR kN)

1 2900
5 x #5

357 240 80
367

342
0.003

1.5
5 x #4 352 Y

2 2900
5 x #5

374 246 108
403

383
0.003

1.5
9 x #3 370 Y

3 3000
5 x #7

328 192 108
456

565
< 0.003

1.0
5 x #3 356 N

4 2600
5 x #7

197 127 0
354

407
< 0.003

1.0
5 x #3 236 Y

5 2600
5 x #7

242 149 40
385

462
< 0.003

1.0
5 x#3 267 N

1
6 2600

5 x#5
197 127 0

220
200

0.003
1.5

5 x #3 216 Y

7 3000
5 x #7

252 154 40
432

473
< 0.003

1.0
5 x #3 278 Y

8 3000
5 x #5

273 197 0
216

202
0.003

2.0
5 x #4 --- Y

9 3000
5 x #5

328 192 108
427

385
0.003

1.0
5 x #3 409 Y

10 3200
5 x #5

257 157 40
303

278
0.003

1.5
5 x #3 263 Y

Il 3200
5 x #7

277 199 0
409

420
< 0.003

1.5
5 x #4 249 Y

1 12 3200
5 x #5

322 221 40
316

278
0.003

1.5
5 x #4 310 Y

13 3300
5 x #6

399 260 108
501

463
0.003

1.0
5 x #4 498 Y

14 3300
5 x #6

335 196 108
467

463
0.003

1.0
5 x #3 452 Y

15 3300
5 x #6

324 222 40
392

361
0.003

1.5
5 x #4 327 Y

16 2500
5 x#7

347 250 108
536

603
< 0.003

1.0
5 x #4 383 N

1 1 the shear is the calculated maximum horizontal force based on strain limits.
1
1 1

The masonry wall R-values for the different codes were calculated using the method

described in Section 4.2. As discussed previously, the overstrength factor can be obtained
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by dividing the nominal strength (from tests) by the design shear strength. The factored

shear resistance was calculated following Clause 11.5.3.1 in the CSA S3û4.1 Masonry

Design Standard:

and

where:

d
= rP", (vmbwd + O.25P)Yg + rPs(O.60A,Jv -). s

rPm = Resistance factor for masonry, rPm = 0.55

1Im = Shear strength attributed to the masonry

( lvLJRV =0.162--,1 {'
m Vl'd J m

(4 - 29)

(4 - 30)

(4 - 31)

bw = Width of the wall

d = Effective depth of the wall, distance from extreme compression fibre to

centroid of tension reinforcement, which need not be taken less than O.8lw for

walls with flexure reinforcement distributed along the length

P =Axial compressive load of the wall, based on 0.85 times dead load of the wall

rPs = Resistance factor for reinforcement, rPm = 0.85

Av = Cross-sectional area of shear reinforcement

1J1 = Yield strength of reinforcement

s = Spacing of shear reinforcement measured parallel ta the longitudinal axis of

the member

!n,' = Compressive strength ofmasonry at 28 days

Y,g = Factor ta account for partially grouted walls, 1.0 for fully grouted walls

lvft and Vj are the concurrent factored moment and factored shear at the section

M
under consideration and _,_1' need not be taken more than 1 nor less than 0.25

Vl'd
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The results of the calculated factored shear strength and the cOITesponding overstrength

factors are listed in Appendix 'D', Table DL A summary of results is shown in Table 4.4

and more detailed infonnation is available in Appendix 'C', Table C6.

Table 4.4: Calculated R-Values for Masonry WaHs (Shing et al., 1991)

1
Rw

R R Rw
R R

Specimen (UBC, (NEHRP, Specimen (UBC, (NEHRP,
94) UBC,97)

(NBCC) 94) VBC,97)
(NBCC)

Specimen 1 6.8 4.8 2.8 Specimen 9 8.4 6.0 2.9
Specimen 2 10.2 7.3 4.0 Specimen 10 7.8 5.6 3.4
Specimen 3 9.7 6.9 3.8 Specimen Il 5.7 4.1 3.1
Specimen 4 6.7 4.8 2.6 Specimen 12 7.6 5.4 3.7
Specimen 5 5.1 3.6 2.0 Specimen 13 9.7 6.9 3.0
Specimen 6 6.3 4.5 2.6 Specimen 14 8.1 5.8 2.6
Specimen 7 7.0 5.0 2.8 Specimen 15 9.6 6.9 4.5
Specimen 8 6.4 4.6 3.1 Specimen 16 8.3 5.9 2.9

iii. Comparison of Steel, Wood and Masonry Force Modification Factors

Force modification factors were determined for the wood and masonry shear walls

following the procedure detailed previously. These test-based values were then compared

with those R-values specified in the NBCC (Fig. 4.7), as well as NEHRP & UBC 97 (Fig.

4.8). As indicated previously, the values in UBC 94 differ from those in NEHRP & UBC

97 by a constant, therefore, the comparison between the test-based values and UBC 94 is

similar to that found for NEHRP & UBC 97.

@ NBCC

The CUITent NBCC (NRCc' 1995) does not list an R-value for steel-stud shear walls,

hence R = 1 must be used for design. In general, the use ofthe procedure described in this

paper to detem1ine force modification factors for masonry walls yields a high ductility

ratio because these walls are significantly stiffer, and hence have small yield

displacement values, in comparison with steel and wood walls. Thus, a direct comparison

of the lateral ductility cannot be made because of the substantial variation in behaviour

between the wall types. In contrast, the construction of wood-stud walls and steel-stud
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walls is similar; hence, a direct comparison of the force modification values calculated

using test results may be can-ied out. As shawn in Fig. 4.7, the calculated test-based R­

values for wood walls are relatively similar to those defined in the NBCC. The calculated

R-values for steel walls fluctuate around 2.0, ranging from 1.6 to 2.8 (except AISI-El)

while those of wood walls range from 2.1 ta 3.3 (except 12A). It can be seen from Table

4.5 that the mean R-value for steel wall is 2.2 and the mean calculated values for wood

walls, separated according to the code defined force modification factors, with R = 3.0

and R = 2.0 are 2.8 and 2.6, respectively. Wood walls defined at R = 2 provide more

consistent calculated R-values, which may be due to the smaller number of construction

configurations that have been tested, in contrast to the wood walls with R = 3.0 and steel

walls (Table 4.5). In general the steel stud walls exhibit a slightly lower ability to

maintain load-carrying ability in the inelastic lateral deformation range.

Table 4.5: Statistic Parameters ofR-Values (NBCC) for Steel and Wood Walls

Number of Standard Coefficient of
Mean Value

Specimens Deviation Variation

Steel Walls 60 2.2 0.367 16.4%

1 Wood Walls (R = 3) 30 2.8 0.339 12.2%
i

1
Wood Walls (R = 2) 6 2.6 0.242 9.5%
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Fig. 4.7: Comparison ofCalculatedR-Values (NRCC, 1995) for Wood, Masonry and Steel Shear Wall
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$ NEHRP & UBe 97

In NEHRP and UBC, the assignment of R-values is based on the materials used in the

structure, as weil as the basic structural system, which should fall into one of the

following categories; bearing wall, building frame, moment-resisting frame, and dual

system. The 1997 UBC assigns an R-value of 6.5 for light-framed walls sheathed with

wood structural panels in a building frame system, when the wall is relied on to resist

lateralload only, while R = 5.0 is prescribed for all other light-framed walls in the same

category.

It can be seen from Fig. 4.8 that the calculated test-based R-values for wood walls

(without gypsum) fluctuate around 5.5 (with a range from 4.1 to 9.5), while those with

gypsum wallboard fluctuate around 4.5 (range from 3.8 ta 4.6). These values are

generally lower than the code prescribed values of 6.5 and 5.0, respectively. This result

may have occurred because these R-values are based on peak load and therefore provide

the lower bound solution as stated previously. Steel walls fall in a similar range (from 2.8

to 5.0, except AISI-El) to that of wood walls with gypsum. Steel walls sheathed with

sheet steel tend to exhibit higher R-values (4.0 to 4.9).

Table 4.6 shows that steel walls provide a mean R-value of 4.1, which is lower than that

associated with wood walls without gypsum, although similar to the mean value of wood

walls with gypsum wallboard (with a value of 4.2). It can also be seen that the calculated

R-values of wood walls vary to a greater extent than steel walls due to the use of a

constant overstrength factor for steel walls, while for wood walls, the overstrength factors

are determined by taking the nominal strengths from test results and divided by the

design shear capacities obtained from the Shearwall Selection Tables in the Wood Design

Manual (CWC, 2001). Wood walls with gypsum wallboard exhibit rather consistent R­

values, which, as stated previously, may be due to the smaller nmnber of specimens

under consideration,
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Table 4.6: The Statistic Para111eters ofR-Values (NEHRP & UBC 97) for Steel and Wood Walls

! Number of Standard Coefficient of
i Mean Value

Specimens Deviation Variation

Steel Wans 60 4.1 0.67 16.4%

Wood Walls without gypsum 30 5.6 1.52 27.4%

1 Wood Walls with gypsum 6 4.2 0.31 7.2%

Jt is relevant ta note that in general, the calculated overstrength factor for wood walls

with structural panels ranges from 1.7 to 2.4, except those wal1s sheathed with two panels

on the sa111e side where only one panel layer is considered to contribute to the shear

resistance. This 111ay lead to an underesti111ate of the shear resistance and a corresponding

increase in the overstrength factor. However, for wood walls with gypSU111 wallboard, the

overstrength factor values are approxi111ately 1.5, while for 111asonry wall, the values

range from 1.5 to 2.3. The overstrength factor for steel walls is taken as 1.82 as analysed

previously, which falls into the overstrength range for both wood and masonry walls.

79



• Wood R=6.5 Wood R=5.0 .âSteel R Undefined ~M"<fl"r\l
_··._.0__'. _

~~ ÀÀ··~À
~À •

+
+..

+ +
+••...~. ..

ÀÀ À~ À ~
+ ~ ~

+
++

>K
>K

>K>K

• + >K
+ >K >K + >K~

+
+..~À+

* À•

100

90

8.0

~
0-

U 7.0
P::I
;::l
c<l
Çl., 6.0
ci
::c
P-l
b 5.0

'"Q)

.2 4.0'"~
"<

30

2.0

\.0

Specimens

Fig. 4.8: Comparison ofCalculated R-Values (NEHRP&UBC 97) for Wood, Masonry and Steel Shear Walls

80



4.5 PARAMETER STUDY

While it is of importance that a structure exhibits high ductility ta resist possible

earthquake forces; other parameters, including hysteretic energy dissipation, resistance ta

degradation, inherent redundancy, laad level, failure mode, etc, also play an impOliant

role and shouldbe considered in the determination of force modification values for

design. Furthermore, the calculated R-values listed in this thesis were based on the

measured peak laad during a test without consideration of the subsequent degradation in

load. Renee, post peak load behaviour of the shear walls has been overlooked. In an

attempt ta better understand the behaviour of laterally loaded shear walls, and ta assess

the appropriateness of the calculated R-values for cold-formed steel stud shear walls, a

parameter study was completed. Comments on the various parameters that were taken

into consideration are provided in the following sections and a listing of the

characteristics that were compared is located in Appendix 'D', Tables D2 and D3.

i. The ratio of displacements at failure to those at peak load (8= ~fail/~peak)

The ratio Ô (= ~fail/~peak) is an indication of the ability of a shear wall ta Emit the amount of

load degradation with increasing lateral deflection. In a best-case scenario the capacity of a

structure should be roughly maintained, with no sudden decrease, if earthquake energy is ta

be more efficiently absorbed. The failure laad for wood structures and masonry structures

is O.8Fpeak (ISO, 1998) and O.9Fpeak (CSA 5304, 1994), respectively. For this comparison,

the failure load for cold-formed steel shear walls was assumed to be O.9Fpeak. In terms of

perfol1nance, the higher the ô -value, the better the resistance ta load degradation. A

comparison of ô -values is shown in Fig. 4.9.

il. Hysteretic energy dissipation (WD)

The dissipation of hysteretic energy during cyclic loading is an important attribute for a

structure ta possess if it is ta survive an earthquake. Favourable energy dissipation

characteristics enable a better seismic response and thus, support the assignment of
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higher R-vaJues. The energy dissipated in one complete cycle (WD) is measured as the

area enclosed by the storey shear vs. deflection curve, which can be obtained by carrying

out a numerical integration of the recorded test results. The cumulative dissipated energy

of an cycles up to the peak load cycle was calculated and nonnalised by the peak load in

order that a comparisol1 of the different tests could be made (Fig. 4.10).

m. Damping ratio (Seq)

Damping is another important characteristic in seismic design, as it reflects the ability of

a structure to dissipate the energy due to internaI or external friction. Normally, the

damping ratio used for design is 5% of critical damping. The higher the damping ratio of

a structure, the better it can dissipate energy during earthquakes. The equivalent viscous

damping ratio for each cycle, Seq, can be approximated as follows (Salenikovich et al.,

1999):

(4- 32)

where WD and Ua are dissipated energy and the strain energy of the cycle tmder

consideration, respectively. P and A are the average peak load and the average amplitude

in that cycle, respectively. The comparison of damping ratio for wood and steel walls is

shown in Fig 4.11. Due to the unavailability of the original test data of masonry walls, the

damping ratio for masonry wans at peak load could not be determined.

Iv. Material Overstnmgth Factor (QM)

General1y, design codes and standards allow for the detemunation of the capacity of a

shear wall with respect to the nominal strength (Fu), however, the maximum load that a

structure can carry may be much higher. Uang (1994) stated that the actual strength of the

structure greatly contributes to its ability to smvive severe earthquakes. Uang also

recommended that a balance between strength and ductility requirements should be made
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ta take advantage of the reserve strength when consideril1g the assigmllent of an R-factor.

The material over-strength factor, .oM, is defined as the ratio ofthe maximum strength the

system can attain, F max, to the nominal strength (FnJ that is used in design, which can be

determined from the last stable hysteresis hoop as stated in Section 4.2:

(4 - 33)

v. Faihuc Modes

Acceptable selsmlC performance reqUlres a ductile failure mode without a rapid or

complete loss of load carrying capacity. Driver et al. (2000) state that a conservative

value of R is suitable for a structure that fails in a nonductile fashion, whereas for a

structure that exhibits a graduaI degradation of load before final failure, a more elevated

R-value will still result in adequate performance during an earthquake. With respect to

masonry walls, where R = 1.5 in the NBCC, flexural failure of the wall is expected with

yielding of the tension reinforcel11ent. In contrast, the unreinforced l11asonry walls that

must be designed with R = 1.0, fail in a britt1e shear mode. As recorded during testing,

the steel stud shear walls failed when one of the following took place: screws pulled

through the wood sheathing, wood panels pulled over screws, studs buckled, screws

pulled out of the studs and/or trac1cs, screws sheared, tracks pulled out of the plane, etc

(Sen-ette et al., 1996b, 1997b; COLA-UCL 2001). For wood walls, the failure modes that

Viere mast frequently abserved were: nails failed in fatigue, nails pulled out of wood

studs and/or through the panels, nails tore through the sheathing edge, and cOl11binations

of these modes (Salenikovich et al., 2000; COLA-UCf, 2001). In general, the first

instance at which 10ad-carrying capacity decreases in steel stud walls is typically at a

lower laterai displacel11ent from that l11easured for wood stud walls.
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@ ResuUs of Parameter Study

The parameters discussed above were detennined based on the results of shear wall tests

completed by Serrette et al. (1996b, 1997b), COLA-DeI (2001), Salenikovich et al. (2000),

and Shing et al. (1989, 1990a,b, 1991). As shawn in Fig. 4.9, wood walls withR = 3.0 have

similar o.values (from 1.3 to 1.6 except specimens Group 23C and 04Fac-l) to wood wans

with R = 2.0 (i.e. gypsum sheathed wans). This may due to the construction configuration

used, where walls with an NBCC defined R = 2.0 were constructed with a combination of

wood and gypsum sheathing, which increased the lateral stiffuess and also, decreased the

displacement at peak load. Thus a higher 0 -value resulted even though the load that these

walls can carry dropped quicldy after the peak load. Masonry walls are significantly stiffer

than wood and steel wans; thus, the measured 0 -values are high, ranging from 1.1 to 2.7,

even though the shear resistance diminished rapidly after the peak load was reached. Steel

stud walls generally have lower 0 -values, ranging from 1.0 to 1.3 except for AISI-Dl and

D2 (sheathed with sheet steel), than wood walls, which is an indication that the steel walls

do not have the same capacity to resist shear loads in the post peak range.

Wood walls with higher measured R-values tend to have elevated nom1alised energy

values (Enar), as illustrated in Fig. 4.10. For example, the normalised energy values of the

wood shear walls with R = 3.0 are in the range of 20 lbs in./lbs (except 04Fac-l), and

those of the wood shear wans with R = 2.0 are noticeably lower (::;::; Il lbs in./lbs) (except

Group 34B). The Enar values for the masonry shear walls were determined for the 50%

degradation post peak load position, rather than at the peak load, which would provide a

slight advantage in terms of energy dissipation. However, in comparison with the steel

stud and wood shear walls, the nom1alised energy values are dramatically lower,

especially for the unreinforced walls with R = 1.0 « 1.0 lbs in./lbs). The steel wall

normalised energy values are in the range of 8 lbs in.llbs for the specimens tested by

Serrette et al. (1996b, 1997b), and approximately 14 lbs in.llbs for those tested by

COLA-DeI (2001). The discrepancy between these two test programs may have resulted

fi'om the use of different aspect ratios (height vs. length) for the test specimens in the two

test programs or slight differences in the displacement protocol, test set-up, humidity
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levels and the corresponding wood moisture content, or specimen components. The steel

stud shear wall tests with lm,ver aspect ratios tended to display a better ability to dissipate

energy, In general, the wood stud walls were able to dissipate the greatest amount of

energy, followed by the steel stud walls, with the masonry walls showing only minimal

energy absorption ability,

As shawn in Fig 4.11, wood walls with and without gypsum wallboard have a critical

damping ratio around 13% at peak load, whereas the steel stud shear walls provide a

critical damping ratio near 9%. It can aisa be seen that increasing the number of panel

layers does not significantly affect the damping ratio, as shawn by comparing specimens

Group 35, 36 (two panels on onelboth sides) with wood walls constructed with gypsum

wallboard and other wood walls with only one panel on one side. Decreasing the aspect

ratio, which may improve the dissipated energy as discussed previously, does not

enhance the damping ratio in the comparison of steel wall specimens (Serrette et al.,

1996b, 1997b and COLA-UCf, 2001) with different aspect ratio, as well as wood wall

specimens (COLA-UCl, 2001 and Sa1enikovich et al., 2000).

In tenus of material over-strength, the masonry shear walls, with values from 1.2 to 1.7

except Specimen 5, have higher factors (Dm) than both steel and wood walls, which range

tram 1.1 to 1.2 and from 1.0 to 1.5, respectively (Fig. 4.12), This characteristic may aid

in their ability to survive severe earthquakes. The material-overstrength-values for wood

walls are stable (1.1 ~ 1.2), while those for steel walls are in the same overall range,

although the results fluctuate to a larger degree.

4.6 OTI-JER METHons TO DETERMINE ANR- VALUE

Il must also be noted that the R-values presented in this thesis were evaluated from the

results of guasi-static cyclic shear wall tests, which may not necessarily correspond ta the

behaviour of a real building including inertia effects. The contributions of various

boundary conditions, connections and non-structural components, gravity loads, etc, may

impact on the distribution of seismic forces to the structural shear walls. Ceccotti and
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Karacabeyli (2000) presented a methodology to assess R-values, for which full-size shear

wall specimens are tested under bath static and cyc1ic load to determine the near-collapse

criterion. A hysteretic model is then fit to the cyclic test data; the wans are designed for

use in a selected building according to the code peak ground acceleration following

variaus design scenarios; then a time-history dynamic analysis is carried out to obtain the

ultimate peak ground acceleratian for the different design scenarios. With this type of

study the perfom1ance of a shear wall when subjected to seismic inertia loading can be

predicted and more appropriate R-values can be selected. Shake-table tests of the shear

walls wonld also need to be performed to verify the analytical conclusions. Ceccotti and

Karacabeyli confim1ed that woad-stud shear walls sheathed with gypsum wallboard

should be designed using an R-value of 2.0 with this procedure. Future studies of the

seismic performance of steel stud shear walls along the lines of the procedure followed

by Ceccotti and Karacabeyli are necessary.

4.7 ADDITIONAL INFORMA TION FOR DETERMINING R-VALUES

Experimental studies at Virginia Polytechnic Institute and State University have been

canied out to evaluate the strength and cyclic behaviour of long shear walls with

openings, both wood-frame (Dolan and Johnson, 1997) and steel-frame (Salenikovich et

al., 1999). The wall configuration and opening size, as well as the wall materials and

constmction data are shawn in Table 4.7 and 4.8, respectively. As listed, the walls tested

in these two studies are of similar configuration, with identical opening size, although

different types of wood panel (15/32" plywood and 7/16" OSB) and different stud

spacing (16" and 24") were used. Considering that SeHette (1996b) observed that steel

stnd walls sheathed with 15/32" (11.9 mm) plywood generally exhibited similar

behaviour to those sheathed with 7/16" (11.1 mm) OSB, and that Tarpy and Girard (1982)

concluded that the shear wall capacity was only slightly enhanced when the stud spacing

is decreased, the results of the wood and steel stud long shear wall tests were considered

to be directly comparable. Therefore, a comparison of the findings of these two studies

was completed ta better understand the relative behaviour of wood and steel stud shear

walls.
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Table 4.7: Wall Configurations and Opening Sizes for Wood and Steel Walls (Dolan and

Johnson, 1997) and (Salenikovich et al., 1999)

Wall Configuration
Wall Sheathing o enincy Size
Type Area Ratio, (r) Door Window

A 1.0

B 0.76 6'-8" x 4'-0" 5'-8" X 7'_10112
"

C 0.55 6'-8" x 4'-0"
4'-0" X Il'_101/2''

4'-0" X 7'_10112
"

D 0.48
6'-8" x 4'-0"

4'-0" X 7'_10 112 "
6'-8" x 12'-0"

E 0.30
(Sheathed at ends)

8'-0" x 28'-0"

Note: ris as defined in equation (2 - 1) in Chapter 2. Shaded areas represent sheathing.

Table 4.8: Wall Materials and Construction Data for Wood and Steel Walls (Dolan and

Johnson, 1997) and (Salenikovich et al., 1999)

1

WaIJ
Studs

Sheathing Sheathing Fasteners
Aspect Exterior Interior Orientation Size Spacing

No. 2, SPF
112" 8d l COlmnon 6"/12"

Wood
40'x 8' 2x4

15/32" Gypsum
Vertically

nai! (plywood) (Plywood)
Walls Plywood Wallboard 13 ga. x 1-112" 7"/10"

Spaced 16"
(Gypsum) (Gypsum)

350S150-33 112"
6"/12"

Steel
2 x 4 C-section 7/16"

Gypsum #8 self-drilling,
(OSB)

Walls
40' x 8' cold-fonned steel

OSB
Wallboard Vertically bug1e-head

7"11 0"
stud, 0.033" screws

(Gypsum)i Spaced 24"
Note: ] 1 =' 304.8 mm, 1" =' 25.4 mm 1 0.131" dmmeter and 2.5" length

The definition of ductility ratio under cyclic load lS consistent for both of these

experimental studies (Dolan and Johnson, 1997, Salenikovich et al., 1999). As shown in

Fig 4.13, after the load-displacement curve (backbone curve) was obtained, an equivalent

elastic-plastic curve (EEPC) was drawn to determine the yield (Llyield) and failure

displacement (Llj<ûlure). Lljàilure is defined as the post-peak deflection corresponding to the

fi1'st significant drop in resistance for the load-displacement curve or 80% of the peak
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load, whichever is greater. The elastic portion of this EEPC passed through the origin and

the point on the load-displacement curve where the applied load is OAFmax• The plastic

portion of the EEPC was based on an equivalent area approach (Al = A2) as shown in

Fig. 4.13. LJyield is identified as the intersection of the two portions of the EEPC. The

ductil ity ratio, D, is then defined as:

D :::: !liai/ure

!l yield

(4- 34)

Laad Equivalent elastic-plastic curve

Llfailure Deflection

1

1

Ffallure = FinIt Significant
1

dro]iJ or O.8Fmax

wh\chever is greater
1
1

1
1

1

1

1
1

Al
1
1

1
1

1

Laad-displacement curve
(Backbone cure)

1
1

1

1

1
1

Fyield - --

Fig. 4.13: Perfonnance Parameter ofShear Walls (Dolan and Johnson, 1997, Salenikovich et

al., 1999)

The ductility ratios of the initial and stabilised load curves were calculated and listed by

Dolan and Johnson (1997) and Salenikovich et al. (1999). The initial load eurves were

defined as the load-displacement curve for the initial input cycle, and the stabilised

curves represented the load-displacement behaviour when the shear resistance of the wall

decreased by less than 5% in two successive same amplitude cycles. A comparison of

these two ratios for wood walls and steel walls is provided in Figs. 4.14 and 4.15. It ean

be seen that the steel wal1s generally exhibit a similar initial and stabilised ductility ratio

(at failure loads) except for Walls E, where steel-framed one provide higher ratio. Figures

4.16 and 4.17 illustrate the comparïson of the initial and stabilised ratio of the

92



displacements at failure load to those at peak load for wood walls and steel walls, which

is the 5-value as described in Section 4.5. As shown, the steel walls provided close initial

and stahilised 5-values in comparison with the wood walls, which indicates that both wall

types exhibit similar degradation after peak load. This corroborates the finding that the

seismic behaviour of cold-formed steel-stud shear walls is comparable to that of wood­

stud shear walls, and hence the assigllli1ent of an R-value greater than 1.0 is appropriate.
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g 4.0

":Z
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''8 3.0
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:§ 20
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0.0

A B c
Specimens

D E

Fig. 4.14: Comparison ofInitial Ductility Ratio - Perforated Shear Walls: Wood Tests (Dolan

and Johnson, 1997) vs. Steel Tests (Salenikovich et al., 1999)
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Fig. 4.15: Comparison of Stabilised Ductility Ratio - Perforated Shear Walls: Wood

Tests (Dolan and Johnson, 1997) vs. Steel Tests (Salenikovich et al., 1999)
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Fig. 4.16: Comparison ofInitial Displacement Ratio at Failure to Peak: Wood Tests

(Dolan and Johnson, 1997) vs. Steel Tests (Salenikovich et al., 1999)
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Fig. 4.17: Comparison of Stabilised Displacement Ratio at Failure to Peak: Wood Tests

(Dolan and Johnson, 1997) vs. Steel Tests (Salenilwvich et al., 1999)

4.8 POSSIBLE R VALUES FOR USE IN DESIGN

A procedure to determine R-values for use in the design of lateral load-resisting systems

based on the results of quasi-static cyclic shear wall tests was presented. According to the

comparison of calculated R-values, and other parameters of steel, wood, and masonry

shear walls, and considering the variation of test results and the limitation of test data, at

this time a preliminary, and possibly conservative, R-value of 2.0 is suggested for use in

the design of cold-fom1ed steel stud single-storey shear walls sheathed with wood panels

following the NBCC equivalent static load procedure. Further studies are necessary to

evaluate the efîects of aspect ratio, gravity loads and construction configuration, as weIl

as the influence of dynamic forces. A more advanced study that includes time-history

analyses of different design scenarios and a comparisol1 with additional test data must be

canied out to confirm this suggested force modification factor. The expected

displacement of the structure must also be adjusted accordingly if an R-value greater than

1.0 is used in design.
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CHAPTER 5 PROPOSED SHEAR WALL TESTS AND TEST FRAME

In Canada, no specifie design method for steel stud shear walls is contained in the National

Building Code (NRCc' 1995) or in the S136 Design Standard (CSA, 1994). In general,

prescriptive shear capacity tables provided in the AISI (1998) and UBC (ICBO, 1997) design

documents are based on the results oftests carried out by Tissel1 (1993), Serrette (1994), and

Sen'ette et al. (l996b, 1997b). An equivalent Canadian design guide does not exist, and

hence, due ta the different wood products available in the USA, it is necessary ta complete

tests with local products before adopting the shear capacity values specified by the AISI or

UBC. Recent shear wall tests, perfom1ed at the University of Califomia at Irvine (COLA-UCf,

2001) provide consistent shear capacity and energy-dissipation results, which are somewhat

different from those reported by Serrette et al., as discussed in Chapter 4. It is possible that

this slight inconsistency is due to different test setups used by the respective researchers, or

perhaps due to the influence of aspect ratio on shear capacity. A.nother possibility is a change

in materials: the wood panels used by Serrette et al. were APA Rated Sheathing Exposure 1

grade while those used in UCI tests were APA Rated Sheathing Structural 1grade. Structural

1 grade panels provide enhanced shear strength (APA, 1999) and may give better ductility and

consistency and hence better test results. Supplementary tests should be completed to

ascertain the nature of this discrepancy. Furthermore, additional tests should be completed ta

verify the analytical results described in Chapters 3 and 4.

It is anticipated that the findings contained in this thesis will be used as a starting point

for fmiher research into the design and behaviour of steel stud shear walls. Inc1uded in

the scope of these future studies will be shear wall testing, hence the construction of a test

frame is necessary and the proposaI of a series of shear wall tests that can be used ta

establish a link between the existing data (Serrette et al., 1996b, 1997b; COLA-UCl,

2001) and any future tests is required. This Chapter contains a discussion of the possible

tests that will allow for a linle ta be drawn between the existing and any future studies, as

weIl as recommendations conceming tests that should be carried out ta complete the full

range of construction configurations that are currently in use. Additional details on the

design and use of the shear wall test frame are also provîded.
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5.1 PROPOSED TESTS

A preliminary listing of tests that will extend and complement the existing steel stud shear

wall data is provided in Tables 5.1 and 5.2. Table 5.1 includes information on shear walls

sheathed with plywood or OSB that match specimens which have already been tested by

Sen"ette et al. and ucr, and which will be used to establish a link with the existing data

base. Steel studs and tracks for 4'x8' and 8'x8' walls will be fabricated in the United States

frommaterial which is the CUITent equivalent of ASTM A446 Grade A steel (1993) (Fy =

33 ksi: 230 MPa) and of ASTM A 653 SQ 33 steel (1994), respectively. APA rated

plywood and OSB sheathing will also be sourced from the United States. Other

constmction and testing requirements, as weIl as the loading protocols, will be as specified

by Sen"ette et al. and UCr.

Table 5.1: Preliminary Proposed Repeated Laboratory Shear Wall Tests

Type ofwall OSB Plywood
(Test walls by Serrette et al.

(OSB -103,41 &AISI - OSB 3,41) (PLY -1A6,71 & Group 142
)and Uel)

7)!pe ofloading Monotonie + Cyelie test Monotonie + CycIic test

7)!jJe of Thiekness 7116" 15/32"
sheathing
or brace Orientation Vertical Vertical

1 Serev\'
Type No. 8 x 1" fiat head (sheathing) No. 8 xl" bugle head (sheathing)

1
Spaeing 4"112" 6"112"1

1 C-shaped, 3-1/2" x 1-5/8"x 3/8" C-shaped, 3-1/2" x 1-5/8"x 3/8"
Stud size & thic/mess 0.0346" (double studs back to back 0.0346" (double studs back to back

at the end) at the end)

Stud spacing 24" 24"

Size oftest (aspect ratio) 4'x8' 8'x8'

"
, j -Note: 1 = 25.4 mm, 1 = 304.8 mm denotes tests by Serrette et al. denotes tests by UCI

ln Table 5.2, a listing of walls with 8'-height and 8'-width or 12'-width is provided with

which a better understanding of the strength, ductility and energy-absorption abilities of

shear walls constmcted using Canadian Standards Association wood sheathing products,

as well as steel studs and tracks that are fabricated in Canada, can be established. The

tests also include some walls with wood panels oriented horizontally, with or without
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blocking, in order to investigate the effect of sheathing orientation and blocking on lateral

load carrying performance. Steel studs, tracks, steel sheets and steel straps aIl meet

ASTM A 653 SQ 33 (2001) material requirements with a minimum specified yield

strength (Fy) of 33 ksi (230 MPa). As typically found in construction, studs are to be

spaced at 24" (610 mm) centres and it is anticipated that No. 8 and 10 screws are to be

used. In addition, double chord studs will he installed at both ends of the test walls to

enhance the buckling and torsional resistance of these shear wall edge members. It is

suggested that for the X-braced walls a sufficient number of screws must be utilised in

arder to develop 1.5 times the yield strength of the strap in the gusset plate to strap

connection. Cyclic tests are to be carried out to extend the existing range of data, while

monotonie tests are required to develop a more precise definition of the first major event

and to help define the test protocol for the eorresponding cyclic tests. Cyclie tests are to

be quasi-statie in nature with a frequency of 1.0 Hz. An example test protocol 1S

illustrated in Fig 5.1, which is as utilised in previous tests by Serrette et al. (1997b).

Table 5.2: Preliminary Proposed Extended Laboratory Shear Wall Tests

1 Type ofwall
Steel X-

GWB (both) Steel sheet sheathing Plywood, OSB
braeing

Type ofloading
Monotonie +

Cyclie test
Monotonie +

Cyclie test
Cyelie test Cyclie test

i Type of ' Thiekness 4-112" x 0.033" 112" 0.027" 15/32",7/16"
1 sheathing or Vertical & Vertical &

1brace Orientation ---
Horizontal

--- Horizontal

Screw
1

Spacing
20 No.8

1"/7"; 4"/4" 6"/12",4"112"
6"/12",4"/12",

serews 2"112"

1-1/2" x 1-1/2" x
Blocking --- 0.0346" strap --- 0.0346" strap

& No bloeking & No bloeking

C-shaped, 3- C-shaped,3-
C-shaped, 3-1/2" x 1-

C-shaped, 3-
5/8"x 0.033" & C-

Stud size & thickness 1/2" x 1-5/8"x 112" x 1-5/8"x
shaped, 3-1/2" x 1-

1/2" x 1-5/8"x
0.043" 0.033"

5/8"x 0.043"
0.0346"

Slud spacing 24" 24" 24" 24" i
i

Size oftest (aspect ratio)
8'x8' 8'x8' 8'x8' 8'x8'

112'x8' 12'x8' 12'x8' 12'x8'
Note: 1" 0= 25.4 mm, l' 0= 304.8 mm
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Fig. 5.1: Cyclic Test Protocol as per Serrette (l997b).

[t is recommended that shear wall specimens be chosen from the listing in Table 5.2 for

the extended tests planned for Phase II of this research project. Furthem10re, some of the

previous duplicate tests exhibited results that varied by over 5% (AISI - OSB3, 4, 5, 6, 7,

8, AISI - PLY7,8, AISI - A3, 4, AISI - BI, 2, 3, 4, AISI - C3, 4, AISI - Dl, 2, AISI­

E5,6, and AISI - FI, 2, 3, 4); these tests should also be repeated to determine if more

consistent results can be obtained. In addition, other shear wall configurations may be

included.

5.2 TEST FRAME

The most common method of testing a shear wall is to mount an actuator on a strong wall,

which resists the reaction force when applying a horizontal load to a test specimen.

Considering that these facilities do not exist in the structural laboratory at McGill

University, it was decided to construct a test frame in order to carry out the shear wall

tests (Figs. 5.2 & 5.3). The frame, 11 min length (centre to centre ofend channels) with a

clear height of 4 m, is built to accommodate walls with a length and a height ofup to 12'

(3.66 m). The maximum input displacement for the available actuator is ±5" (±127 mm).

Two lower beams have been specified such that the test wall anchors can be installed, and

to provide support for lateral braces. In the design of the frame it was assumed that the

strong floor of the lab could only be relied on to resist uplift force through the anchor

rads. For this reason the test frame was designed to transfer the lateral applied shear force

internally through the frame without considering the contribution of the floor. In order to
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satisfy these requirements and to facilitate transportation and erection of the frame, as

weIl as the eventual testing needs, the structure was divided into seven components as

shawn in Fig. 5.2. These components are listed as follows:

a) Part A - Triangular section that provides support for the actuator (NOlih end) and

calTies the reaction force, decomposing it as an uplift force and a shear force, to the

base and lower beams of the assembly.

b) Pmi B - Lower beams that serve two roles: resisting the shear force of the test wall and

transferring the shear force between two triangular sections (Part A); meanwhile,

conveying the uplift force from the test walls to the channel anchors (Parts F and G).

c) Part C - Upper beam acts as one end support for two triangular sections (Part A),

where it helps to distribute the internaI shear forces, and also to restrain the

horizontal displacement of the two Part A sections through axial tension and

compression. It also acts as a lateral support, along with the attached HSS frames, for

the test walls.

d) Part D - Second column (pinned base) is necessary to support the weight of the

actuator and ensure that only horizontalloading will take place even when the height

of the test walls decreases with lateral defonnations. It can also be used to increase

the actuator displacement by lowering the position of the actuator while maintaining

the attachment point to the test walls.

e) Parts E and H - Load beam and lateral wall brace, allow for only in-plane shear

displacement of the test walls by preventing the top of the wall from twisting outside

of the load application plane.

f) Palis F and G - Channels and their anchor rods transfer the uplift forces from the test

frame ta the strong flaor.
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g) Part L - Plate enables the test walls to be anchored to the lower beams in the same

fashion as found in a building. The plate transfers both the shear force and the uplift

force from the test walls to the lower beams.

1__ !50o t !~OQ._~_t----.!?~t_-~~O-}--~2-+--~J?----+__-!~~~--t

!lOOO

Fig. 5.2: Elevation of the Test Frame

Fig. 5.3: Sections of the Test Frame
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5.3 DESIGN OF THE TEST FRAME

5.3.1 Overail Design

In this section, details of the test frame including the design criteria, member dimensions,

anchors and bracing systems are described.

o Design Data

The test frame was designed using the VisualDesign Program (VisualDesign, 2001)

incorporating different actuator capacities, the expected test wall heights (8' - 12'; 2.44 m­

3.66 m) and considering the cyclic load reversaI needed for testing. Four design scenarios

were applied to obtain the most adverse loading situation. Fig. 5.4 represents one scenario

of an 8' (2.44 m) height test wall with the actuator in compression, while Fig. 5.5 denotes a

12' (3.66 m) height wall with the actuator in tension. The remaining two design scenarios

were as shown in Figs. 5.4 and 5.5 except that reverse loads were used.

Fig. 5.4: Computer Model and Input Loading (+) for 8'-Walls

Fig. 5.5: Computer Model and Input Loading (-) for 12'-Walls
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Even though the most common walls are 8' (2.44 m) in height, considering the possibility

of il1creased storey heights up to 12' (3.66 m), the clear height of the test frame was chosen

as 4 m to accommodate these taller test wal1s. In the analytical model the actuator was

replaced with a stiffbeam of the same self-weight. It was anticipated that the design of the

frame would be controlled by maximum displacement allowances instead of member

capacities. This was due ta the use of a displacement limit of L/800 in arder that only

minimal frame distortion occurs under loading. Another criterion included in the design

was ta control the maximum stress in the members sa that they remained in the elastic

range under 0.4 Fyat aIl times. As a final design step, the frame was checked for ultimate

strength fol1owing the eSA S16.1 Design Standard (1994). The maximum input force was

considered ta be 500 kN, twice the capacity of the available actuator, which will enable the

frame to provide enough stiffness if in the future a higher capacity actuator is installed. To

ensure that the shear forces in the frame are not transferred ta the supporting concrete slab,

all of the model supports, except for one end support, were set as rollers to avoid the

fOl1nation of a failure mechanism during analysis runs. A summary of ana1ysis results

including internaI forces and deflections for the different design scenarios is provided in

Table 5.3. From the ana1ysis output, it can be seen that the design scenarios with the input

load applied at a height of 8' (2.44 m) result in larger displacement and uplift forces, and

higher stress levels. This may be attributed to the brace positions for the vertical column of

Part A, which are located at the 3 m and 4 m positions, as well as the colurnn base. Thus

the bending span that corresponds to the 8' height input laad is 3 m, and for the 12' height

input load is 1 m. In the later case, a greater proportion of the reaction forces is transferred

ta the 10wer beams through the inclined member in Part A.

As shawn in Table 5.3, the maximum displacement is L/748, which slightly exceeds the

L/800 limit. However, considering that the input load used in the design of the frame is

twice the capacity of the available actuator (250 kN), and is significantly greater than the

anticipated resistance of the test walls (based on tests by Serrette and Del, the maximum

shear capacity is 2423 lb/ft which for a 12' wall ~ 130 kN), the resulting displacements

were considered to be acceptable.
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Table 5.3: InternaI Forces and Deflections of the Test Frame

8'-wall (+) 8'-wall (-) I21·wall (+) I2'-wall (-)

Maxinmm L L L L
- - -- --

displacement 748 763 1040 1049
Maximum

614 631 577 623
uplift (kN)
Maximum

O.396Fy ü.397Fy ü.3ü5Fy
! O.285Fyi

1stress i 1

Note: 8'·wall and 12'-wall denote the input force at the height of 8' (2.44 m) and 12' (3.66 m),
respectively. (+) denotes compression in the actuator and (-) denotes tension in the
actuator.

e Anchors

The support reactions are shawn in Table 5.4, where the support numbers are as

ilIustrated in Figs. 5.4 and 5.5. The negative values signiry uplift forces and the positive

values denote compression forces.

Table 5.4: Reactions at Supports of the Test Frame

Number
8'-wall (+) 8'-wall (-) 12l -wall (+) 12'-wall (-)

(kN) (kN) (kN) (kN)

1 ·125 177 -457 511

1
2 283 -234 644 -598

20 -34 70 -48 82
1 22 -313 324 -464 471

3 263 -247 395 -379

4 -7 26 -18 37

5 -614 661 -577 649

6 688 -631 676 -623

The values listed in Table 5.4 are design anchor forces for the frame when it is attached

to the strong floor. These reaction forces occur because the strong floor is relatively stiff

in comparison to the steel frame. However currently, a significant portion of the test

frame will be located on the weak floor (::::;200 mm thick lightly reinforced concrete slab),

and hence these reaction forces will not develop because the concrete slab is flexible in

comparison to the test frame. Considering that the typical capacity of a 12' (3.66 m) long
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shear wall is less than 150 kN, as indicated in the results of previous tests (Serrette et al.,

1996b, 1997b, COLA - UC1, 2001), the design anchor forces for the temporary weak

0001' installation can be based on an input Joad of 150 kN instead of 500 kN, which is

still conservative. Therefore, the uplift force for designing the anchors for use in the weak

floor can be scaled down by 500/150 from those values listed in Table 5.4. The maximum

factored bond capacity that an Hilti HIT HY 150 Injection Adhesive anchor with a 1"

(25.4 mm) diameter threaded rad (6" or 150 mm embedment depth) can provide is 29,615

lb (131.7 kN) (Hilfi, 2001). Generally, three anchors are arranged to resist the uplift force

from each reaction except in the laterai brace positions where five anchors are specified.

Considering that the anchor rods will deflect axially under loading, springs were used ta

simulate the actual anchor support, where the stiffness was obtained as follows:

where

K = EA
1 L

E - Elastic modulus of anchor rods = 200000 MPa

A - Area of anchor rods = 507 mm2 for 1" anchor rods

(5 - 1)

L - Calculated length of anchor rods, which is equal to the height of channels plus

thickness oftwo bearing plates. Therefore, L = 337mm.

KI = 200x507 = 301 kN/mm
337

Fig 5.6: DeOection of Channels under Uplift Force
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The channel and its anchor rads then work in combination as a spring, as shown in Fig.

5.6, with a stiffness K' (=F/A) of 694.4 kN/mm obtained from the VisualDesign program.

The analysis model shawn in Fig. 5.6 represents the three-anchor-rod channel section

viewed in Fig. 5.3.

The results from the VisualDesign program also show that due to the bending flexibility

of the channel, the contribution with respect to the uplift force (F) of the middle spring

(in Fig 5.6) is 43.7%, while each of the end springs contribute only 28.2%. The computer

models were then revised to account for the flexibility of the supports. A comparison of

results for the different test frame models in which the support reactions have been

adjusted accordingly are shown in Table S.S. As revealed, the maximum displacements

and uplift forces are significantly affected while the maximum stresses of members

remain near constant. In these design scenarios the predicted maximum displacement

increases by up to 31.9% for the 12' wall and the maximum uplift force decreases by

30.8% for the 8' wall. However, it is important to note that the values contained in Table

5.5 are based on a 500 kN load, which exceeds the expected shear wall capacity by over

300%, hence the listed deflections, loads and stresses will not be reached during testing.

Table 5.5: Internai Forces and Deflections of the Test Frame with Modified Supports

1 8'-wall (+) 8'-wall (-) 12'-wall (+) 12'-wall (-)

L L L L
Maximum - - - -

displacement 594 570 761 715
(20.6% t) (25.3% t) (26.8% t) (31.9% t)

Maximum 425 525 421 545
uplift (kN) (30.8% ~) (l6.7%~) (27.0% ~) (12.4% ~)

1
Maximum 0.386Fy O.388Fy O.303Fy O.279Fy

1 stress (2.5% ~) (2.3% ~) (0.7% ~) (2.1% ~)

Note: 8'-wall and 12'-wall denote the input force at the height of8' (2.44 m) and 12' (3.66 m),
respectively. (+) denotes compression in the actuator and (-) denotes tension in the
actuator.

Finally, the anchor forces for each rod were recalculated by incorporatmg the spring

support conditions and the more realistic 150 kN load situation, and then checked to
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ensure that al! forces will not exceed the factored anchor bond capacity (Table 5.6). For

those supports that contain five rods, the anchor rad force is generally less than that

obtained for the corresponding three-rod model.

Table 5.6: Maximum Force for Anchor Rods with Input Load of 150 kN

,-------
J

!
1

1 1 2 20 22 3 4 5 6
~
i Middle

1
i i

Rad (kN)
53 64 28 41 48 48 56 72

End Rods
34 41 18 27 31 31 36 46

(kN)

@ Member sections

The member sizes, detailed below, were chosen to meet the deflection and stress limits.

Ali members are made of 040.21 - 350W grade steel (CSA-G40.21, 1992).

a) W310x 158 sections al:e specified for Parts A and C, whereas 2 parallel W31 Ox 158

members are utilised for Part B.

b) Part 0: In the best case scenario this column is subjected to two lateral forces equal

in value but opposite in direction, and hence would not develop an axial force.

However, the section must provide enough width to connect the actuator with the

bolts spaced at 7.25" (184 lllin) and must have adequate web crippling resistance.

Based on the attachment requirements the minimum width of the section is 184 mm

+ 2xSO (edge distance) = 284 mm. A W31 Ox97 with a width of 305 mm was chosen

for this member and web stiffeners were added at the actuator connection locations.

c) Part E: The load beam is comprised oftwo components, shown in Fig. 5.7, including

an HSS and a co1d-formed steel C-section (l.S-mm thick) to facilitate the changing

of test specimens. An HSS 89x89x6,4 member is to be used to match the common

width of track section found for a typical steel stud wall. 1/2" bolts are spaced at 8"

107



along this HSS in order that the maximum 250 kN actuator load can be transferred to

the test wall.

Section 1

Fig. 5.7: Configuration of Part E - Load Beam

d) Parts Gand F: Channels were specified to act as supports for the lower beams and

also, ta pravide enough width to connect the lateral braces as shawn in Figs. 5.2 and

5.3. Two MC 31 Ox67 members are ta be attached back-to-back (40 mm gap) with 16

mm plates ta accommodate for positioning of the anchor rads.

e) Part L: Plate L has three rows of hales, where the outer hales are be used ta connect

the plate to the lower beams and the central hole ta connect the plate to the test

specimen. The connection requirements were based on slip critical resistance of the

bolts under bath shear and tension loading. The plate itself was sized ta possess

enough moment and shear capacity to carry the applied shear and uplift forces. At the

uplift locations an HSS 203x203x9.5 section was welded ta the bottom of the plate

to enhance the moment capacity.

5.3.2 Connections

a) Connection 1 (Fig. 5.2): Part A - TriangulaI' section with Part B - Lower beams
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The connection capacity relies on the slip critical shear resistance of the bolts and the

design load can be taken as the axial force in the lower beam, obtained from the

VisualDesign program analysis results for the overall frame. Twelve 1" A325 bolts were

utilised on each side of the connection.

b) Connection 2 (Fig. 5.2): Part A - Triangular section with Part C - Upper beam

Considering that the restraint of this connection significantly influences the overall drift,

which is critical to the design of the frame, the connection was chosen based on the slip

critical shear resistance of the bolts, rather than the tension resistance of the bolts. Since

these bolts are subjected to a shear force and a moment from the end reaction of the

triangular Part A, they are placed outside of column to increase the moment capacity of

connection.

c) Connection 3 (Fig. 5.2): Pin connection of Part D - Second column

The hinge at the base of Part D allows for the transfer of the racking shear loads to the

test wall without a resulting moment at the base of the column. This column is

sandwichecl by two plates and connected by a pin and bearing assembly with pairs of

Teflon pads fastened between the column and plates to reduce friction. The connection

restrains displacement n0D11al to the plane of the wall, while allowing free rotation in the

plane of the wall.

5.3.3 Bntees

Lateral braces are necessary to ensure that aU loads and displacements are in the plane of

the test wall. Under ideal conditions, where a11 loads and resistances are in Hne with the

frame no force will be generated in the braces. However, as behaviour becomes non­

linear, or if the alignment is not perfect, then the braces will carry load. Hence, member

sizes were selected to provide enough stiffness ta minimise the possible out-of-plane

deflection of the braced members.
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a) Brace part H (Section 3 in Fig. 5.3)

The plU'pose of these members is ta laterally brace the test specimen. Attachments have

been provided at 0.6 m spacing sa that even a 2' (0.61 m) long wall can be tested. In the

initial set-up the loading beam (Part E) may be subjected ta a maximum 250 kN (the

capacity of the available actuator) compression force at one end. This force is assumed to

be distributed along the test wall, and essentially, is reduced to zero at the far end. For

simplicity Part E was regarded as a braced column subjected to an average concentric

loading of 125 kN. The required stiffness for this loading beam is stipulated in CSA

S16.1 (1994) as follows:

where

k := fJC f (1 +~)
li L il

b

(5 - 2)

kb = Required stiffness of the bracing assembly

Llo = Initialmisalignment of the braced member (loading beam Part E) at the point

of support as shown in Fig 5.8

Llb = Displacement of braced member (loading beam Part E) at the point of

support under force Cf. May be taken equal ta Llo

fJ= 2, 3, 3.41, or 3.63 for 1,2,3, or4 equally spaced braces, respectively

Cf= Force in a column, the compressed portion of a flexural member (125 kN)

L = Length of the braced member between brace points (0.6 m)

The pennissible variation in straightness (Llo) is L/1 000 for a W-shape beam with flange

width 150mm, Ll500 for those with a flange width < 150mm, and Ll500 for HSS

members.
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Fig. 5.8: Assumed Initial Deflection Llo and Deflection Llb of the Loading Beam (Part E)

Due to the possible out-of-plane displacement (Llo + Llb) of the braced member, the brace

part H tends to bend and thus, it must possess enough flexural stiffness to restrict this

displacement. Assuming fixed-end conditions (using appropriate connection details), an

HSS 102x51 xS.O was chosen as a brace to achieve the required bending stiffness as

follows:

(5 - 3)

where

kb = Required stiffuess of the bracing assembly from Equation (5 - 2)

0, b = Distances from braced point to both ends

E = Elastic modulus of the brace

L = Length of the brace

b) Brace Part A (Section 1 in Fig. 5.3)

Considering that the vertical section of Part A is mainly subjected to shear and bending,

the brace requirement for beams was utilized. The required stiffness kb is similar to that

expressed in Equation (5 - 2) except the definition of Cf is modified, as shown in

Equation (5 - 4):
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(5 -4)

where

Ive = Out-of-plane moment of inertia of the compression flanges

Cb = Factor for non-tmifonn moment

Lb = Braced length ofthe braced member

MF = Applied moment

h = Depth of the braced member

In this case the brace acts both in compression and in tension, and hence an HSS

1Ü2x51x8.0 member was selected to meet the cross-section area requirement.

(5 - 5)

where

f) = Angle between the vertical column and the brace

Other definitions are as found in Equation (5 - 3)

c) Brace part K (Section 2 in Fig. 5.3):

Ideally, the second column is subjected ta balanced loads at its top, which would not

result in an out-of-plane deflection. However, due ta misalignment and possible lateral

movement of the shear wall, the required stiffness for the braces was determined using

the same procedure as described for Part H, except that Cfwas conservatively replaced by

the expected compression resistance of the COhU11l1. Ta significantly increase the stiffness

of the braces, a combination of an HSS lü2x51x8.0 in bending and 2-L89x89x9.5

members in axial compression was utilised.
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CHAPTER 6 CONCLUSIONS AND RECOMMENDATIONS

6.1 CONCLUSIONS

This thesis inc1udes an extensive literature review that contains infom1ation on existing

cold-fonned steel stud shear wall test programs. The results of these studies were relied

on to develop a numerical method with which the shear strength of steel stud walls with

wood or steel sheathing can be estimated. In addition, the results of sorne of the existing

test progral11s were used to evaluate various lateral force design methods and ta

deterl11ine a preliminary force modification factor for use in the seismic design of steel

stud shear walls following the equivalent static approach prescribed by the National

Building Code of Canada. Furthem1ore, recommendations for future testing of cold­

fonned steel stud shear walls were made and a review of the design of a corresponding

test frame was provided.

The fol1owing conclusions are drawn from the theoretical investigation of shear capacity

and ductility of cold-fonned steel stud shear walls using existing test data:

1) The described numerical method is feasible ta approximately evaluate the shear

capacity of steel stud walls sheathed with wood panels and steel sheet, where the

l11ethod provided a more accurate estimate for walls sheathed with wood panels.

Refinement of the design method is warranted in arder that inelastic effects are

accounted for and ta incorporate Canadian Emit states design philosophy.

2) An R-value of 2.0 is shawn to be suitable for use in the NBCC design of steel stud

single-storey walls sheathed with wood panels. The value of this force modification

factor is preliminary and fUliher studies with respect to the seismic performance of steel

stud shear walls need to be canied out.
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6.2 RECOMMENDATIONS

To obtain a better evaluation of the shear capacity and ductility of steel stud shear wans

the following recommendations are made:

J) To better predict the seismic shear capacity, the proposed numerical approach should

be revised to include the inelastic effects before first failure, as well as the

degradation effects of cyclic loading. It will also be necessary to develop resistance

factors that are consistent with the National Building Code of Canada.

2) Further studies should be conducted to evaluate the effect of aspect ratio, Canadian

construction configuration and dynamic forces on the ductility of steel walls.

3) Additional cyclic tests for wall segments and complete structures, as well as more

advanced studies including time-history analyses of different design scenarios should

be calTied out to confinn the suggested force modification factor. In addition, studies

which include an evaluation of the loading protocol that was used for the SelTette and

UCI tests, the assumptions made in the bi-linear behaviour model used to evaluate R­

values from existing tests, and the natural period of steel-stud shear wans should be

completed.

4) A design method is required to estimate the shear capacity of wans that contain

diagonal strap bracing. This is especiany important for wans with strap braces on one

side only, due to the possible torsion mode of failure at the chord, trad: and brace

connection.

5) The performance of multi storey buildings with cold-formed steel stud shear walls

that extend over the full height of the structure will also require extensive study.
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Appel1dix 'A' Summary of Existing Steel Stud Shear 'Wall Test Data

1 Authors Tarpy & Girard
Salenikovich et al.

Serrette &
Tarpy & Hauellstein Ogunfunmi

1 Type ofwall
1

Gypsum wal!board; OSB; Gypsum
1

X-braeing-A; GWB
(in) & GSB (out) -B;

1 1
plywood wallboard i both -C

Opening (Sheathing area
-----

1.0,0.76,0.56,
-----

ratio) O.4S, 0.3
Type ofloading

Monotonie
Monotonie &

Monotonie
cvclie

Thiekness 1/2". 7116"; 112"
12.5mm; 20 gauge-

Type of braee

sheathing Orientation Vertical
Vertical Vertical

or brace Horizontal

Grade ----- -_.....- N/A

1 Type Low profile head (framing)
Low profile head

1

Wafer Head- A;
(framing) Bugle

Hex head (sheathing)
head (sheathing)

Bugle-head- B

Screw
Size

No.10 x 112" (framing)
No.8

No.S x 0.5in (wood);
No. 6 x 1" (sheathing) No.6 x lin (braee)

Spacing 12"
6"112" (exterior)

6"112" - B, C
1"110" (interior)

Blockinz @l mid-height ----- ...----
Grade A 36 Grade 350S150-33

ASTM A446 Grade
A

1 Stud Size& C-shape, 3-1/2" x 1-1/2" C-shape, 3-112" x C-shape, 6" 20 gauge
thickness 0.036" 1-1/2", 0.033" (O.SSmm)

1 Spacinz 24",16" 24" 24"
Size oftest 8' x 8'; 12' X 8' 40' X 8' 8' x 8'

Authors Serrette et al. Serrette et al. Serrette et al.
Type ofwall Plywood, OSB OSB OSB

Type ofloading Monotonie Monotonie Monotonie

Type of Thiekness 15/32"; 7/16" 7/16" 7116"
sheathing

Vertical Horizontal Verticalor brace Orientation

No. 8 x 1/2" wafer No. 8 x 1/2" wafer

1

No. 8 X 1/2" wafer

Type head (frame) head (frame) head (frame)

Screw No. 8 x 1" fiat head 1 No. 8 xl" flat head No. 8 x 1" fiat head
(sheathing) 1 (sheathim;) (sheathing)

Spacing 6"/12" 6"112" 6"112"

Blocking 1-1/2" x 0.0346"-----
strap @lmid-height

-----

Steel grade ASTM A446 Grade ASTM A446 Grade ASTM A446 Grade

1 A A A
Stud

1 Size C-shape, 3-1/2" x 1- C-shape, 3-112" x 1- C-shape, 3-1/2" x l-
I 5/8" X 3/8" 0.0346" 5/8" x 3/8" 0.0346" 5/8" x 3/8" 0.0346"

Spacinz 24" 24" 16"
1 Size oftest 8' x 8' 4' x 8'; 8' X 8' i 4' X 8'
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Authors McCreiess &
NAHB Tissei.!

TarllY
1 Type ofwall Gypsum wallboard

OSB; Gypsum OSB,

1 wallboard Plvwood
1 Opening (Sheathing area -_ ..._- 1.0,0,76,0,48 -_......-
i ratio)
j Tj)/Jc of/oadin,,? Monotonie Monotonie Monotonie

1
i Thiekness 112" 7/16"; 1/2"

7/16" (19/32"),

1sheathing
3/8" (5/8")

Orientation
Vertical

Vertical Vertical
Horizontal

Low profile head
Type (frame) Bugle head NIA -----

(sheathing)

Screw
No, 10 x 112"

No. 8 (OSB & framing)
No.10-24 (14ga.,16ga.)

Size (frame) No. 6 xl" No,6 (GWB)
No.8-18 (18ga.)

(sheathing) O.I44"dia, x 1-1/4" pin

Spacing 12"
6"/12" (exterior)

6"/12"; 4"112"; 3"112"
7"11 0" (interior )

. Blockinz (iij mid-height -- ..._- -----

Grade NIA NIA

Size & C-shape, 3-112" 20 C-shape, 3-112" x 1-
14ga,(0,068"),

Stud 16ga,(0,054")
thickness gauge (0,036") 1/2" 0.033" 18ga.(0.043")
Spacinz 24" 24" 24"

12' (16', 24') x 12';
Size oltest 12' (16', 24') x 10'; 40' x 8' 4' x 8'

1 8' (12', 16',24') x 8'

Authors Serrette et al. Serrette et al. Serrette et al.
1 Type of wall OSB OSB; GWB (other

GWB (both side)
side)

Type ofloading Monotonie Monotonie Monotonie

! Type of Thiekness 7116" 7116"; 112" 7116"; 112"
1 sheathing

Vertical Vertical Horizontali or brace Orientation

No. 8 x 112" wafer
No. 8 x 1/2" wafer

No. 8 x 1/2" wafer

Type head (frame)

1

head (frame); No. 8 x head (frame)
No. 8 xl" fiat head

1" fiat head (OSB);
No. 6 x 1-1/4" bugle

No. 6 x 1-1/4" bugleSerew (sheathing)
head (gypsum)

head (sheathing)

Spaeing
6"112"; 4"112";

4"112"; 3"112"; 2"/12" 2"/12"; 1"/7"; 4"/4"
7"17" (gypsum)

Bloeking 1-112" x 0.0346"_......-- - ..---
strap (iij mid-height

Steel grade ASTM A446 Grade ASTM A446 Grade ASTM A446 Grade 1

A A A 1

Stud
Size C-shape, 3-112" x 1- C-shape, 3-112" x 1- C-shape, 3-112" x l-

I
1

5/8" x 3/8" 0.0346" 5/8" x 3/8" 0.0346" 5/8" x 3/8" 0.0346"
Spacinz 24" 24" 24"

1 Size oftest 4' x 8' 4' X 8'; 8' x 8' 8' X 8'
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Authors Senette et al. Senette et al. Serrette et al.
Type o/wall OSB; Plywood OSB OSB; Plywood

Type ofloading Cyclie Monotonie Cyclie

Type of Thickness 7/16"; 15/32" 7116" 7116"; 15/32"
sheathing i Orientation Vertical Vertical Vertical
or brace

No. 8 x 112" wafer No. 8-18 x 112" truss No. 8-18 x 1/2" tmss

Type head (frame) head (frame); head (frame);

Screw No. 8 xl" flat head No. 8-18 xl" flat No. 8-18 xl" flat
(sheathing) head (sheathing) head (sheathing)

Spaeing 6"/12"; 4"112";
6"112"; 4"112"; 2"112" 3"112"; 2"112"

3"/12"; 2"112"
Blocking ----- - ..._...- -----

Steel grade ASTM A446 Grade
ASTM A 653 SQ33

ASTM A446 Grade

1 A A

1 Stud 1 C-shape, 3-1/2" x 1- C-shape, 3-112" x 1-
C-shape, 3-1/2" x l-

I 1 Size
5/8" x 3/8" 0.0346" 1/2"x 1/2" 0.033"

1/2"x 112" 0.033"
! 0.043" (chard)

Spacin.f!: 24" 24" 24"
Size oftest 4' x 8' 2' X 8' 4' x 8'

Authors
Serrette et al. Serrette et al. Serrette et al.

1 Type ofwall Steel X-bracing Steel X-bracing; Steel sheet sheathing

1 Type ofloading Monotonie & eyelie Jl1ollotonie & eyclie Monotonie & eyclic

Type of Thickness 4-1/2" x 0.033" 7-1/2" x 0.033" in.
0.018"sheathing or (Width x Thickness) (Width x Thickness)

braee
Orientation ---- ... ----- -_ .._...

Type 20 No. 8-18 x 1/2" 30 No. 8-18 x 1/2" No. 8-18 x 112"

Screw modified truss head modified truss head modified tmss head

1 Spacing ----- ----- 6"/12"

1 Blocking ... ---- ----- -----
i 1 Steel grade 1

1i
1 ASTM A 653 SQ33 ASTM A 653 SQ33 ASTM A 653 SQ331
1,

Stud Size C-shape, 3-1/2" x 1- C-shape, 3-1/2" x 1- C-shape, 3-1/2" x 1-
1/2"x 112" 0.033" 1/2"x 112" 0.033" 1/2"x 112" 0.033"

Spacing 24" 24" 24" 1

1 Size of test 4' x 8' 4' X 8'
4' x 8'; 2' X 8'

(monotonie only)
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Authors Serrette et al. Serrette et al. Serrette et al.
Type (Jf wall Plywood OSB Steel sheet sheathing

TFPe ofloadin;;; Cyc!ic Monotonie & eycfie Monotonie & eyclie

1 Type of Thickness 15/32" 1 7116" 0.027"
, sheathing

1 Orientation Vertical Verticalor brace --_...-

1
No. 8-18 x 112" truss No. 8-18 x 112" truss 1

1 Type
1

head (frame); 1 head (frame);
1

No. 8-18 x 1/2"

Screw No. 8-18 x 1" fiat No. 8-18 x 1" fiat modified truss head
head (sheathing) head (sheathing)

1

Spacing 6"112" 6"112"; 4"/12"; 2"/12"
4"/12"; 2"112"(cyclic

only)
Blocking _...... -- -----

Steel ~rade ASTM A 653 SQ33 ASTM A 653 SQ33 ASTM A 653 SQ33

Stud Size
C-shape, 3-112" x 1-

C-shape, 3-]/2" x 1- C-shape, 3-Jl2" x 1-
1/2"x 112" 0.043" &

0.054"
1/2"x 1/2" 0.033" 1/2"x 1/2" 0.033"

Spacinr; 24" 24" 24"
Size (Jf test 4' x 8' 2' X 8' 2' X 8'

Authors Serrette et al. TARPY COLA- UCI

Type ofwall Plywood; OSB; Gypsum Wallboard; Plywood; OSB,
GWB; Fiberbond Cement plaster

Type ofloading Monotonie Monotonie & eyclic Cyc!ie

Type of 1 Il.9l11lTI (Ply.),
sheathing 1 Thickness ] Umm (OSB), Jl2" (GWB);

15/32"; 7116"
or brace 12.7mm (FB), 7/8" (Cement Plaster)

l2.7mm (GWB)

Orientation Vertical Vertical Vertical

No. 8 x 12.7-mm
NoJO x 1/2" low

wafer head (frame);
profile head (frame); No. 18 x 1/2" button

Type No. 6 x 25.4-mm
No. 6 xl" bugle head

head (framing)
bugle head or No. 8 x No. 8 bugle head

Screw
3] .7-m111 fiat head

or No. 8 x Jl2" pan (sheathing)
(sheathing) head (sheathing)

Spacing ]2" 12",6"112", 6"112"; 4"/12";
24"; 7-3/4" 2"112"

Blocking ---- .. ----- -----

Steel grade NIA NIA NIA

1 Stud Size C-shape152-mm, C-shape, 3-1/2" x 1- C-shape, 3-112" x 1-
20 gauge (0.88 mm) Jl2"x 112" 0.0359" , l/2"x 1/2" 0.033"

Spacin~ 24" 24" 24"
i-

i Size oftest i 8' x 8' 8' x 8'; 12' x 8' 8' x 8'
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APPENDIX 'B'
CALCULATIONS AND RESULTS OF DESIGN SHEAR STRENGTH

Appendix Bi Calculation of the shear strength for the steel stud wall
(4ft.x8ft.) with stuc! thickness as 20 ga. sheathed with 7/16" OSB

ft.8

2.2

(OSB)

psi

KD =
5550

in.

45000 psi

Height of the wall: h ==

0.44

Fes ==

in. for 8d screw

ft.

Thickness of the panel ts = 7/16 in. =

Dowel bearing strength of panel:

Diameter of fastener: D = 0.165

Thickness of studs t2 == 0.0346 in.

Ultimate tensile strength for studs:
Length of the wall: a == 4

Searing strength of wood panel (nominal and considering the load duration):

Z = DtsFeslKD *3.5*CD= 1020 lb
Searing strength of steel studs:
Pns = 2.7t2dFu2 == 694 lb

Tilting strength:
Pns == 4.2(t23d) 1/2Fu2 = 494 lb

m= 1 (interior stud)
12 in. (fields)

n = 9 (end screws)e

xsi = 0 in.

Is = 0

Maximum force in the end fasteners:

Fs/P = 7.39

in.

18.75

24 in.
6 in. (edges)

(one side screws)

(interior screws per stud)

For OSS with screws 6in./12in.
Studs spacing is :
Screws spacing:

ns == 15

nsi == 7

Xei == 0,6,12,18,24

le = 2160

P= ns+(4Ie+2nsils)/w2 ==
Force in the side fasteners:
Fs/P=b/p== 5.12

Maximum load P==

=
1.623 Fs

801.99 Ibm.

lb/ft.

< Pbuckle = 1199 lb/ft.

m= 1 (interior stud)
12 in. (fields)

ne = 13 (end screws)

xsi == 0 in.

1 = 0s

< Pbuckle = 1199 Ibm.

Maximum force În the end fasteners:

Fs/P = 5.03

Ibm.

28.06

2.384 Fallow

1177.83 Ibm.=

For OSS with screws 4in./12in.
Studs spacing is : 24 in.
Screws spacing: 4 in. (edges)

ns = 23 (one side screws)

ns! = 7 (interior screws per stud)

Xe! = 0,4,8,12,16,20,24 in.

le = 2912

~ =ns +(4Ie+2nsi1s)/w2 =
Force in the side fasteners:

Fs/P =b/B = 3.42

Maximum ioad P =
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m= 1 (interior stud)
12 in. (fields)

n :::: 17 (end screws)e

xsi = ° in.

Is :::: °
Maximum force in the end fasteners:

Fs/P = 3.82

37.38

For OSS with screws 3in.l12in.
Studs spacing is : 24 in.
Screws spacing: 3 in. (edges)

ns :::: 31 (one side screws)

nsi :::: 7 (interior screws per stud)

Xei:::: 0,3,6,9,12,15,18,21,24 in.

le:::: 3672

~:::: ns +(4Ie+2nsils)/w2
::::

Force in the side fasteners:
Fs/P :::: b/j3 :::: 2.57

Maximum load p::::

=
3.144 Fallow

1553.36 lb/ft.

lb/ft.

> Pbuckle:::: 1199 lb/ft.

m= 1 (interior stud)
12 in. (fields)

n = 25 (end screws)e

xsi = 0 in.

Is = 0

Maximum force in the end fasteners:
Fs/P:::: 2.57

56.03

For OSB with screws 2in.l12in.
Studs spacing is : 24 in.
Screws spacing: 2 in. (edges)

ns = 47 (one side screws)

nsi :::: 7 (interior screws per stud)

xe; :::: 0,2,4,6,8,10,12,14,16,18,20,22,24 in.

le:::: 5200

j3 :::: ns +(4Ie+2nSiIS)/w2
::::

Force in the side fasteners:
Fs/P=b/~:::: 1.71

Maximum load p::::

::::

4.663 Fallow

2304.07 lb/ft.

lb/ft.

> Pbuckle:::: 1199 lb/ft.
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Appendix 82 Calculation of the stud buckling for the steel stud wall
with end stud thickness as 20 ga. sheathed with wood panel

Stud: 3.5In. x 1.625in. x 0.375in. (20 gauge =O.0346in.)

Ww = 88.9 mm Wf = 41.275 mm
d = 9.525 mm t = 0.879 mm
E = 203000 Mpa Fy= 33 ksi = 227.37 Mpa

Gross Properties: (neglecting round corner)

A = 328.659162 mm 2 lx = 424978.7 mm 4

Iy = 129355.971 mm4 rx= 35.96 mm

ry = 19.84 mm

Heigth of the wall:h = 8 ft.

W

2.332658

<

<

k=

Up is fully effective

(screw spacing)

42.93

13.99

< 0.25

Case III Flange

mm4

mm

mm

WUm :;::

WUm =

48.023

418.067

0.23

32.917

152.4 mm

33952.10 Mpa

182.76 Mpa

b=

< 60 OK

42.93

lA =
d/w =
b=

< 14 OK!

46.97

W Um2 =
mm4

<1

When the studs are sheathed, no need to consider the torsional buckling
X-direction: Y-direction:

Lx = 8ft = 2438.4 mm Ly = 6in. =

Fex = 435.7 Mpa Fey =
Àc = 0.72 =<1.5 Fn=

Check under Fn the effective area

Web: W=wjt:::: 101.16 <5000K

Effective width must be used
B = 54.644

Flange: W =wrlt =
W Um1 = 14.07

Is :::: 63.288

IR ::::ls/lA = 0.15

B = 37.46
Lip: W = dit = 10.84

Ae :::: 233.61 mm 2

Pn = AeFn :::: 42694.3473 N:::: 9594.2 lb

The applied shear force caused stud buckling:

P = Pn/h = 1199 Ib/ft.
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Appendix B3 Calculation of the shear strength for the steel stud wall
(4ft.x8ft.) with stud thickness as 20 ga. sheathed wlth 25ga. Sheet steel

Thickness of the steel sheet t1 is

Diameter of fastener: 0 =

Thickness of the stud t2 =

Ultimate tensile strength for stud:

Length of the wall: a = 4

25 ga. =
0.164
0.033

Fu =
ft.

0.018 in.

in. for 8d screw

in. Fy =
45000 psi

Height of the wall: h =

230

8

Mpa

ft.

t2/t1 = 1.83

Connection shear Pns :

Bearing strength of steel sheet:

Pns1 =2.7t1dFu1 =
Tilting strength:

P - 4 2( 3d)1!2F ­ns - • t2 u2 -

fort2/t1 =< 1.0, Pos =

for t2/t1 >= 2.5, Pos =

Thus for t2/t1 =1.833, Pos =

359

459

359
359
359

lb

lb

lb

lb

lb

Bearing strength of steel studs:
Pns2 = 2.7t2dFu2 = 658 lb

Maximum force ln the end fasteners:

F/P = 7.39

18.75

For sheet with screws 6in.l12in.
Studs spacing is : 24 in.
Screws spacing: 6 in. (edges)

ns = 15 (one side screws)

nsi = 7 (interior screws per stud)

xe; = 0,6,12,18,24 in.

le = 2160

~ = ns +(4Ie+2nsils)/w2 =

Force in the side fasteners:

Fs/P=b/~= 5.12

m= 1 (interior stud)
12 in. (fields)

n = 9 (end screws)e

xsi = 0 ln.

1 = 0s

Maximum load P=

=
1.623 Fs

582 lb/ft.
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Appendix B4 Calculation of the tension field force for the steel stud wall
(4ft.x8ft.) with stud thickness as 20 ga. sheathed with 25ga. Sheet steel

h

s = hcosS - asinS Screws were spaced 6in. S1= 6 in.

The number of the screws included in distance sis: N = S/(S1cos8)
19noring the tension force of the area between the screws,
The vertical component of force developed by tension field is:

VT= 0tA*N*sin8 = 0tA*s*tan8/s1= 0IsA(hsin8-asin2S/cos8)/S1 where A = d*t

d is the diameter of the screw and t is the thickness of the sheet steel

d= 0.165 in. t= 0.018 in.

Ta find the value of 8, set dVT/d8 =0 tg3e+2tge-h/a =0

Height of the wall is: h == 8 ft.
Length of the wall is: a = 4 ft.
Since the interior stud works as a stiffener, a can be taken as the space of the studs

a == 2 ft. E == 203000 Mpa
tg8 == 1.7971 8 = 60.91
Fy == 230 Mpa Kv = 5.34 +4.0(a/h)2 = 5.59

FeR = 0.58 Mpa

'y == FyI(3)1/2 = 132.8 Mpa 01 = Fy(1-FcRh:y) = 229.0 Mpa

T+t..T

r:-----a/-2---3>!'E---a-/2---?~1

01·d*t

T

1379.2 lb

lb/ft.

KN =
190.5

The number of the screws included in horizontal distance ais:

~Fhorz =0 t..T==(0IdtN1)cos8 = 0td*t*a*sin8/s1
~moment about 0 =0

Vr = t..T*h/a = 0td*t*h*sinS/s1 ==

The applied shear load is:
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ApPENDIX 'B' CALCULATIONS AND RESULTS OF DESIGN SHEAR STRENGTH

Table B5: Steel Stud Wall Nominal Shear Capacity (Data from Serrette et al. 1996b and
COLA-UCL 2001)

1

,

Predicted Strength (lb/ft.) Peak
Load

Samplc Description Yielding
from

First controlled
Connection Stud in failure mode

Strength Buckling Tension
Tests

Field
(lb/ft.)

7/16" APA rated OSB sheathing
AIS1- w/panels on one sîde - parallel to

802
1199

932
Tilting of

OSB1,2 framîng (fral11ing at 24" o.C. - (1658) - screws
fasteners at 6"/12" - 4'x 8' wall

1
A1SI- Same as AIS! - OSB1 except

1178
1199

1269
Tîlting of

1 OSB3,4 fasteners at 4"/12" (1658) - screws

AISI- Same as AIS! - OSB1 except 1199
Stud buckling

OSB5,6 fasteners at 3"/12"
1553

(1658)
- 1725 Tîlting of

*screw

1 AISI- SalUe as AISI - OSB 1 except
2304

1199
1985 Stud buckling

OSB7,8 fasteners at 2"/12" ·(1658) -

15/32" APA rated Plywood

AISI-
sheathing (4-ply) w/panels on

1199 Tilting of
1 PLYI,2

1 one side - paraIJel ta fral11îng 802
(1658)

- 990
1 (fralUing at 24" O.c. - fasteners at

screws,
1 6"/12" - 4'x 8' wall

AISI- 1 SalUe as AIS1- PLYI except
1178

1199
1312

Tilting of
PLY3,4 fasteners at 4"/12" (1658)

-
screws

AISI- SalUe as AISI - PLY 1 except 1199
Stud buckling

PLY5,6 fasteners at 3"/12"
1553

(1658) - 1753 Tilting of
*screw

AlSI- Same as AIS! - PLYI except
2304

1199
1928 Stud buckling

PLY7,8 fasteners at 2"/12" (1658) -

i
15/32" STR 1 APA rated Plywood

Group
sheathîng (4-ply) w/panels on

1116 Tîltîng of
1 14A,RC

one sidc - parallel ta fralUîng 669
(1658) - 891

(20ga. LGS fral11ing at 24" O.c.-
screws

fasteners at 6"/12" - 8'x 8' wall

Group 1
Same as Group 14 except

1002
1116

1222
Tilting of

15A,B,C fasteners at 4"/12" (1658) - screws

1 Gmup 1

1

SalUe as Group 14 except
1998

1116

1

2067 1 Stud buckling
16A,B,Cj fasteners at 2"/12" (1658) 1

-

1i
*Note: the underhned values govern the predlcted strength; denotes the first controlled

failure mode when consider the increased stud buckling resistance as discussed in Section
3.4. The values in the brackets are the increased stud buckling resistance.
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Table B6: Steel Stud Wall Nominal Shear Capacity (Data from Serrette et al. 1996b and
COLA-UCf, 2001)

1
1

Predicted Strength (lb/ft.) Peak
\ Loa<!

1 Sarnple
1 Yielding First controlled

1 1
Description

Connection Stud in
frorn

failure mode

1

,
Tests

Strength Buclding Tension (lb/ft.)
Field

7/16" APA rated OSB

Group
sheathing w/panels on one side

1116 Tiltingof
17A,B,C

- parallel ta framing (20ga. 669
(1658) - 726

LGS framing at 24" o.c.-
screws

1 tàsteners at 6"/12" - 8'x 8' wall

Group Same as Group 17 except
1002

1116
1065

Tilting of
18A,B,C fasteners at 4"112" (1658)

-
! screws

Group Saille as Group 17 except
1998

1116
2006 Stud buclding

19A,B,C fasteners at 2"112" (1658) -

15/32" APA rated sheathing
Plywood one side 18 ga. 3-112

AISI - in. back to back chord studs; 20
1553

1781
1933

Tilting of
AI,2 ga. 3-112" inlerior sluds and (2388) - screws

tracks; studs at 24" o.C. -
fasteners at 3"112" - 4'x 8' wall

AISI - Saille as AlSI - Al except 1781
Stud buclding

A3,4 fasteners at 2"112"
2304

(2388) - 2397 Tilting of
*screw

1
7116" OSB APA raled!

sheathing one side 18 ga. 3-112 1

AISI - in. back to back chord studs; 20
1553

1781
1652

Tilting of
A5,6 ga. 3-112" interior studs and (2388) - screws

tracks; studs at 24" o.C. -
fasteners al 3"112" - 4'x 8' wall

AISI - Saille as AISI - A5 except 1781
Stud buclding

A7,8 fasteners at 2"112"
2304

(2388) - 2263 Tilting of
•

screw

15/32" APA rated sheathing

AIS1-
Plywood one side 18 ga. 3-1/2

1781 Tilting of

1
81 ,2

in. studs; 20ga. 3-1/2" tracks; ill1 (2388)
- 1015

studs at 24" O.c. - fasteners at
screws

,
6"112" 4'x 8' wall

,

AIS1- Saille as AIS1- AI except
1201

1781
1063 Screw Fracture

83,4 using 16 ga. 3-1/2" studs (2388)
-

Note: the underlmed values govem the predlcted strength; denotes the first controlled
failure mode when consider the increased stud buckling resistance as discussed in Section
3.4. The values in the brackets are the increased stud buckling resistance.
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Table B7: Steel Stud Wall Nominal Shear Capacity (Data from Serrette et al. 1996b and
COLA-UCf,2001)

1 Predicted Strength (lb/ft.) 1 Peak 1
1

1 Yielding
Load

First controlled 1' Sample Description
Connection Stud in

trom
failure mode

Strength Buckling Tension
Tests

Field
(lb/ft.)

1

25 ga. Steel sheathing one side;
A1SI- 20 ga. 3-1/2" studs and tracks;

586 828 l2.l 438
Yielding in the

DU studs at 24" o.c. screws at tension field
6"112" - 4'x 8' wall

7/16" APA rated OSB

1 AIS"I-
sheathing w/panels on one side;

1116 Tilting of
20 ga. 3-1/2" tracks; studs at ID (1658) - 1065

El,,;,
24" o.C. - fasteners at 6"/12"-

screws

1 2'x 8' wall

AIS1- Same as AISI- El except 1116
Stud buckIing

E3,4 fasteners at 4"112"
1179

(1658) - 2006 TiItingof
*screw

AISI - 1
Same as AISI - El except

2272
1166

1933 Stud buckIing
E5,6 fasteners at 2"/12" (1658) -

25 ga. Steel sheathing one side;
AISI -

1

20 ga. 3-1/2" studs and tracks;
1123 828 447 538

Yielding in the
1 Fl,2 studs at 24" o.c. screws at tension field

4"/12" - 2'x 8' wall
.

Bath yie1ding
AISI - Same as AIS! - FI except

2164 828 833 1249
in the tension

F3,4 fasteners at 2"112" field and stud
buckling

Note: the underlmed values govem the predlcted strength; denotes the first controlled
failure mode when consider the increased stud buckling resistance as discussed in Section
3.4. The values in the brackets are the increased stud buckling resistance.

133



ApPENDIX 'Cv FORCE MODIFICATION FACTORS BASED ON EXISTING STEEL

STun SI1EAR WALL TEST DATA (ALL VALUES ARE BASED ON PEAK LüAD)

Table Cl: Steel Stud Shear Wall R-Values (Test Data from Serrette et al. 1996b, 1997b)
1

1 Sampie
R~= Rw

R
R

Description
~2j1-1 (UBC, 94) (NEHRP) (NBCC)(UBC, 97)

7/16" APA ratedOSB
sheathing w/panels on one

AISI - OSBI
side - parallel to framing

2.3 8.1 5.8 2.3
(framing at 24" O.c. -

1 fasteners at 6"112" - 4'x 8'
1 wall

1

AISl- OSB2
1

Same as AISI - OSB 1 2.5 8.7 6.2 2.5
1
1

AISI - OSB3
Same as AISI - OSBI

1.9 6.6 4.7 1.9
except fasteners at 4"112"

AISl - OS84 Same as AISI - OSB3 2.4 8.4 6.0 2.4

AISI -OSB5
Same as AISI - OSB 1

2.0 6.9 4.9 2.0
except fasteners at 3"112"

AISI - OSB6 Same as AISI - OSB5 2.0 7.0 5.0 2.0

1 AISI - OSB7
! Same as AISI - OSB 1
1 except fasteners at 2"112"

1.6 5.4 3.9 1.6
1

AISI - OSB8 Same as AISI - OSB7 1.6 5.4 3.9 1.6

15/32" APA rated Plywood
sheathing (4-ply) w/panels

AISI - PLYI
on one side - parallel ta

1.8 6.4 4.6 1.8
framing (framing at 24"

O.c. - fasteners at 6"112" -
4'x 8' wall

1
1 AISI - PLY2 Same as AISI - PLYI 2.2 7.9 5.6 2.2
1

1 AlSl- PLY3
Saille as AISI - PLYI

2.3 8.1 5.8 2.3
i except fasteners at 4"/12"

AISI - PLY4 Same as AISI - PLY3 2.0 6.9 4.9 2.0

AISI- PLY5
Saille as AISI - PLYI

2.0 6.9 1 4.9 2.0
except fasteners at 3"/12"

AISl- PLY6 Same as AISI - PLY5 2.0 7.1 5.1 2.0

1

AISl- PLY7
Same as AISI - PLYI

1.6 5.4 3.9 1.6
1

1 except fasteners at 2"/12"

1
AISI - PLY8 ! Same as AISI - PLY7 1.6 5.4 3.9 1.6 1
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Table C2: Steel Stud Shear Wall R-Values (Test Data from Serrette et al. 1996b, 1997b)

1 R= Rw
R

RSampie
1

).l

Description
~2,u-l (D'Be, (4)

(NEHRP)
(NBCC)

(D'BC,97)
1 15/32" APA rated 1

sheathing Plywoad one
side 18 ga. 3-1/2 in. back

AIS1- Al
to back chord studs; 20

2.4 8.4 6.0 2.4
ga. 3-1/2" interior studs
and tracks; studs at 24"

a.C. - fasteners at 3"/12"
- 4'x 8' wall

1

Same as AISI - Al 2.0 7.1 5.1 2.0i AISI -- A2
L
1 1 Same as AISI - Al
1 AISI-A3 except fasteners at 2"/12" 2.0 6.9 4.9 2.0
i

1 AISI -A4 Same as AISI - A3 1.9 6.6 4.7 1.9
7116" OSB APA rated

sheathing one side 18 ga.
3-1/2 in. back ta back

AISI-A5
chard studs; 20 ga. 3-

2.0 6.8 4.9 2.0
1/2" interior studs and

1

tracks; studs at 24" o.C. -
fasteners at 3"/12" - 4'x

8' wall
1

1 AISI - A6 Same as AISI - AS 1.9 6.6 4.7 1.9

1 AISI-A7 Same as AISI - AS
2.0 7.0 5.0 2.0except fasteners at 2"/12"

AISI -A8 Same as AISI - A7 2.0 7.0 5.0 2.0

15/32" APArated
sheathing Plywood one

side 18 ga. 3-1/2 in.
AISI-B1 studs; 20 ga. 3-1/2" 2.3 8.1 5.8 2.3

tracks; studs at 24" a.c. -
fasteners at 6"/12" - 4'x

8' wall

AISI - B2 Same as AISI - BI 2.4 8,4 6.0 2.4

1 Same as AISI - Al
1 AISI - B3 except using 16 ga. 3- 2.1 7.4 5.3 2.1

112"studs

AISI - B4 Same as AISI - B3 2.3 8.1 5.8 2.3
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Table C3: Steel Stud Shear Wall R-Values (Test Data from Serrette et al. 1996b, 1997b)

1

1

R= Rw
R 1 R 1

1 Sample Description
j.l

(NEHRP) 1 (NRCC) 1! ~2ft-l (URC, 94)
(URC,97) 1

4-1/2" 20 ga. f1at strap ,
X-bracing one side; 20

ga. 3-1/2" studs and

AfSI- Cl
tracks; studs at 24" on

1.6 5.4 3.9 1.6
center; No.S-1S x 1/2"
self-drilling modified

truss head screws - 4'x 8'
wall

AISI- C2 Same as AISI - C2 1.8 6.4 4.6 1.8

1
25 ga. Steel sheathing

1

1

one side; 20 ga. 3-î/2"
i AISI- DI studs and tracks; studs at 2.7 9.5 6.S 2.7

24" o.c. screws at 6"112"
- 4'x 8' wall

AIS! - D2 Same as AIS! - DI 2.6 9.0 6.4 2.6

7116" APAratedOSB
sheathing w/panels on

1

AIS! - El
one side; 20 ga. 3-1/2"

3.2 11.5 8.2 3.2

1

tracks; studs at 24" O.c. -
fasteners at 6"112" - 2'x

8' wall

AISI - E2 Same as AIS1- El 2.8 9.8 7.0 2.8

AIS! - E3
Same as AISI - El

2.7 9.5 6.8 2.7
except fasteners at 4"/12"

AIS! - E4 Same as AISI - E3 2.7 9.5 6.8 2.7

AISl- ES
Same as AISI - El

1.8 6.3 4.5 1.8
except fasteners at 2"112"

1 AISl- E6 Same as AISI - E5 2.0 6.9 4.9 2.0

25 ga. Steel sheathing
one side; 20 ga. 3-1/2"

AISI - FI studs and tracks; studs at 2.6 9.1 6.5 2.6
24" o.c. screws at 4"/12"

- 2'x 8' wall

AISl- FZ Same as AISI - FI 2.7 9.5 6.8 2.7

1 AISl- F3
Same as AIS! - FI

2.3 8.1 5.8 2.3
i except fasteners at 2"/12"

i AIS! - F4 Same as AISI - F3 2.2 7.8 5.6 2.2 1
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Table C4: Steel Stud Shear Wall R-Values (Test Data from COLA-UCl, 2001)

i Sampie
1

i 1

RJl= Rw
R

R
Description

~2Ji -1 (URC,94)
(NEHRP)

(NRCC)
1 (URC, (7)1

15/32" STR 1APA rated
Plywood sheathing (4-ply)

Group 14A
w/pane1s on one side-

parallel ta framing (20ga. 2.6 9.1 6.4 2.6
LGS framing at 24" o.c.-
fasteners at 6"/12" - 8'x 8'

wall

1

Group 14B Same as Group 14A 2.5 8.9 6.3 2.5

1
Group 14C Same as GrOllp 14A 2.4 8.3 5.9 2.4

Group 15A Same as Group 14A
2.5 8.7 6.2 2.5

except fasteners at 4"112"

Group 158 Same as Group 15A 2.4 8.3 5.9 2.4

Group I5C Same as Group 15A 2.4 8.5 6.0 2.4

Group 16A Same as Group 14A
2.4 2.4 5.9 2.4

except fasteners at 2"112"

1
GroLlp 16B Same as Group 16A 2.0 7.1 5.1 2.0

1 Group 16C Same as Group 16A 2.0 7.0 5.0 2.01

7116" APA rated OSB
sheathil1g w/panels on

Group 17A
one side - parailel ta
framing (20ga. LGS 2.2 7.8 5.6 2.2
framing at 24" o.c.-

fasteners at 6"/12" - 8'x
8'wall

Group I7B Same as Group 17A 2.6 9.1 6.5 2.6

Group 17C Same as Group 17A 2.4 8.5 6.1 2.4

1
Group 18A Same as Group 17A

2.7 9.5 6.8 2.7except fastel1ers at 4"112"
Group 18B Same as Group 18A 2.6 9.1 6.5 2.6

Group 18C Same as Group 18A 2.7 9.5 6.8 2.7

GrOLip 19A Same as Group 17A
2.8 9.7 6.9 2.8

except fastel1ers at 2"112"
Group 198 Same as Group 19A 2.7 9.0 6.4 2.7

1

Group 19C Same as Group 19A 2.3 8.0 5.7 2.3
i
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Table CS: Wood Stud Shear Wall R-Values
(Test Data from lCOLA-UC/, 2001 and 2Saienikovich et al., 2000)

1 R R in

lbased on CWC 2001as descnbed in Chapter 4 SectIOn 4.4

1
1 R,,=

1

w Design
1 in NEHRP Rin

1 Sampie 1 Description ~2J1-1 1
n R

Î UBC & NBCC NBCC\
1 ,94 UBC, 97
1 15/32" STR 1 APA rated
1 Plywood sheathing (4-ply)

Group 03A J 1 w/panels on one side _.
2.9 1.9 7.7 5.5 2.9 3.0

paralleJ to framing, D.F.
stud at 16"0.c. - lad nails

1 at 6"/12" - 8'x 8' wall

, Group 03B 1
Same as Group 03A 2.5 1.9 6.6 4.7 2.5 3.0J

! Group 03C1
1 Same as Group 03A 3.0 2.0 8.3 5.9 3.0 3.0J 1

Group 04A 1 Same as Group 03A except
2.8 1.8 7.1 5.1 2.8 3.0

nails at 4"/12"

Group 04B 1
Same as Group 04A 2.6 1.8 6.6 4.7 2.6 3.0

Group 04C ' Same as Group 04A 2.7 1.6 5.9 4.2 2.7 3.0

Group 09A! Same as Group 03A except
2.5 1.8 6.4 4.6 2.5 3.0

nails at 2"/12"

1 Group 09B 1
Same as Group 09A 2.5 1.8 6.2 4.4 2.5 3.0

1

1Group 09C) Same as Group 09A 2.4 1.9 6.3 4.5 2.4 1 3.0

15/32" STR 1 APA rated
OSB sheathing w/panels

Group 12A! on one side - parallel to
3.7 1.7 8.6 6.1 3.7 3.0

framing, D.F. stud at 16"
o.c. - lad nails at 4"/12"-

8'x 8' wall

Group 12B 1
Same as Group 12A 3.0 1.7 6.9 4.9 3.0 3.0

Group 12C ' Same as Group 12A 3.3 1.7 7.8 5.5 3.3 3.0

Group l3A I Same as Group 12A except
2.6 1.7 6.0 4.3 2.6 3.0

! 1 nails at 2"/12"

1 Group 13B 1 1 Same as Group l3A 2.6 1.8 6.7 4.8 2.6 3.0

Group 13C1
Same as Group l3A 2.7 1.8 6.7 4.8 2.7 3.0

15/32" STR lAPA rated
Plywood sheathing (4-ply)

Group 23A
1

1 w/panels on one side -
3.0 1.7 7.2 5.1 3.0 3.0

horizontal to framing, D.F.

i i stud at 16" D.C. - lad nails ! J
1 at 4"/12"- S'x 8' wall 1 1 11 1 1

! Group 23B 1
1 ! 1

1

l ' 1
Same as Group 23A 2.8 1.8 7.0 5.0 2.8 3.0 1

1 Group 23C! 1 Saille as Group 23A 2.8 1.7 6.4
!

4.6 2 51
1

3.0
1

.0
L.
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Table CS Continued

. -r R in 1 DesignR= Rwm 1 NEHRP 1 RioSample Jl

0 RDescription
~2Jl-l UBC, & UBC, NBCC

94 97 NBCC 1

2 15/32" STR lAPA rated
Plywood sheathing (4-ply)

Group 35A1 w/panels on same side -
2.6 3.4 12.4 8.9 2.6 3.0

parallel to framing, D.F. stud
at 16" O.c. - lad nails at

6"!l2" (6"/6") 8'x 8' wall
Group 35B ' Same as Group 35A 2.7 3.6 13.3 9.5 2.7 3.0

Group 35C1
1 Same as Group 35A 2.4 3.7 12.1 8.7 2.4 3.0

1
1 215/32" STR lAPA rated i

1 OSB sheathing w/panels on
1 Group 36AJ 1 bath side - parallel ta 2.9 1.8 7.0 5.0 2.9 3.0
1 framing, D.F. stud at 16" O.c.
1 - lad nails at 4"!l2" - 8'x 8'

~Gm"p 36B'
wall

Same as Group 36A 2.1 1.4 4.0 2.9 2.1 3.0

i Group 36C ' Same as Group 36A 2.5 1.7 5.7 4.1 2.5 3.0i
15/32" STR lAPA rated

OSB sheathing w/panels on

04Fac-1 2 one side - paraHel to
3.0 1.9 7.8 5.6 3.0 3.0

framing, SPF stud at 16" O.c. 1

- lad nails at 6"112" - 4'x 8'
1wall

04Fac-22
Same as 04Fac-1 2.9 2.3 9.4 6.7 2.9 3.0

08Fac-1 2 Same as 04Fac-1 except wall
3.2 2.1 9.3 6.6 3.2 3.0

lenQ:th as 8ft.

08Fac-22
Same as 08Fac-1 2.9 2.1 8.2 5.8 2.9 3.0

12Fac-f Same as 04Fac-1 except wall
3.3 2.2 9.9 7.1 3.3 3.0i lenQ:th as 12ft.

1 ! 2Fac-22
Same as 12Fac-1 3.3 2.4 10.7 7.7 3.3 3.01

1

3/8" Plywood and two Jl2"
1 GWB sheathing w/panels on

Group 06A! same/other side -parallel ta
2.4 1.8 6.0 4.3 2.4 2.0

framing, D.F. stud at 16 in.
o.c. - !Od nails at 4"/12"

(7"/7") - 8'x 8' wall

1 Group 06B 1
Same as Group 06A 2.3 1.9 6.1 4.3 2.3 2.0

Group 06C I
Same as Group 06A 2.4 1.9 6.4 4.6 2.4 2.0

(,roup 34A1

1

Same as Group 06A except
2.5 1.5 5.3 3.8 2.5 1 2.0 !1 onlv one GWB on other side ,

GroLlp 34B J
1

Same as Group 34A 3.0 1.5 6.2 1 4.4 ! 3.0 2.0!

Group 34C1
j Same as Group 34A 2.7 1.4 1 5.5 3.9 1 2.7 2.0

lbased on CWC 2001as descnbed 111 Chapter 4 SectlOn 4.4
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Table C6: Masonry Shear Wall R-Values (Test Data from Shing et al., 1991)

based on CSA S304.1 - 94 as descnbed ID Chapter 4 SectIOn 4.4

1
Ver. 1 Rin 1 Design 1

Sample fm steel R,,= R w in 1 NEHRP 1 R in
1 1

~2,u -1 n R 1(psi) Hor.
1

UBC, 94 1 & 1 NBCC NBCC1 1
steel UBC,97

Specimen 1 2900
5 x #5

2.8 1.7 6.8 4.8 2.8 1.5
5 x #4

Specimen 2 2900
5 x #5

4.0 1.8 10.2 7.3 4.0 1.5
9 x #3

-,

Specimen 3 3000
5 x #7

3.8 1.8 9.7 6.9 3.8 1.0
5 x #3

1
Specimen 4 2600

5 x #7
2.6 1.9 6.7

1
4.8 2.6 1.0

5 x #3 ,

Specimen 5 2600
5 x #7

2.0 1.8 5.1
1

3.6 2.0 1.0
5 x #3

Specimen 6 2600
5 x #5

2.6 1.7 6.3 4.5 2.6 1.5
5 x #3

Specimen 7 3000
5 x #7

2.8 1.8 7.0 5.0 2.8 1.0
5 x #3

Specimen 8 3000
5 x #5

3.1 1.5 6.4 4.6 3.1 2.0
5 x #4

Specimen 9 3000
5 x #5

2.9 2.1 8.4 6.0 2.9 1.0
5 x #3

r Specim~n 10
, 5 x #5

3200
5 x #3

3.4 1.7 7.8 5.6 3.4 1.5

Specimen Il 3200
5 x #7

3.1 1.3 5.7 4.1 3.1
1

1.5
5 x#4

Specimen 12 3200
5 x #5

3.7 1.5 7.6 5.4 3.7 1.5
5 x #4

Specimen 13 3300
5 x #6

3.0 2.3 9.7 6.9 3.0 1.0
5 x #4

Specimen 14 3300
5 x #6

2.6 2.2 8.1 5.8 2.6 1.0
5 x #3

I~ Specim" 15 3300
5 x #6

4.5 1.5 9.6 6.9 4.5 1.5
5 x #4

Specimen 16 2500
5 x #7

2.9 2.0 8.3 5.9 2.9 1.0
1 5 x #4

1·
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ApPENDIX ID' Table Dl: Overstrength Factor for Wood and Masonry Wall
(Test Data from ICOLA-UCf, 2001 , 2Salenikovich et al., 2000 and 3Shing et al., 1991)

i Nominal Design Sample Nominal Design! Sam]Jle
Strength Strength n Stren2th , Stren2th

n
1 Group 03Aw1

372.7 703.7 1.9 08Fac-1 w2
231.0 479.1 2.11

1 Group 03Bwl
372.7 705.6 1.9 08Fac-2w2

231.0 473.0 2.1
w' 12Fac-lw2

1 Group 03C ' 372.7 750.6 2.0 231.0 743.9 2.2

Group 04Awl
556.9 1024.1 1.8 12Fac-2w2

231.0 815.1 2.4,
Group 04BW

] 556.9 1018.8 1.8 Group 06Aw1
609.2 1085.2 1.8

Group 04Cw1
556.9 867.3 1.6 Group 06BW

! 609.2 1151.4 1.9

Group 09/1.W1
926.32 1680.3 1.8 Group 06Cw1

609.2 1161.6 1.9

! Group 09B
wl

926.32 1666.9 1.8 Group 34Awl
609.2 914.4 1.5

Group 09Cwl
926.32 ]756.2 1.9 Group 34Bw1

609.2 905.8 1.5

Group 12Aw
556.9 921.3 1.7 Group 34CW

] 609.2 879.2 1.4

Group ]2BWI
556.9 927.2 1.7 Specimen 1m3 205.7 351.6 1.7

1 Group 12C
wl

556.9 942.1 1.7 Specimen 2m3 205.7 369.4 1.8

1 Group 13Awl 926.32 ]534.5 1.7 Specimen 3m3 ]97.1 356.0 1.8

IGroup l3B
wl

926.32 ]679.9 1.8 Specimen 4m3 ]25.3 235.9 1.9

i Group l3Cw
] 926.32 ]674.8 1.8 Specimen 5m3 149.7 267.0 1.8

Group 23Aw
556.9 947.7 1.7 Specimen 6m3 125.3 215.8 1.7

Group 23BW
] 556.9 1006.4 1.8 Specimen 7m3 155.5 278.1 1.8

Group 23Cw1
556.9 921.1 1.7 Specimen 8m3 ]44.8 215.8 1.5

1 Group 35A
w1

372.7 1277.7 3.4 Specimen 9m3 197.1 409.4 2.1

Group 35BW
] 372.7 1321.9 3.6 Specimen 10m3 158.3 262.6 1.7

Group 35Cw
. 372.7 1372.7 3.7 Specimen Ilm3 188.6 249.2 1.3

1 Group 36Awl 1113.8 1998.3 1.8 Specimen 12m3 213.0 309.3 1.5j •

Group 36BW
] 1113.8 1507.1 lA Specimen 13m3 219.5 498.4 2.3

Group 36Cw1
1113.8 ]837.9 1.7 Specimen 14m3 20].2 451.7 2.2

i 04F<lc-l w2
231.0 216.2 1.9 Specimen 15 m3 214.4 327.1 1.5

i 04Fac-2w2
231.0 263.7 2.3 Specimen 16m3 191.0 382.7 2.0

1

Note: w denotes wood walls and m denotes masomywalls
TI1C w1its for wood and masomy walls are lbs/ft. and kN, respectively.
Design strenglh for wood walls arc obtained from Shearwall Selection Tables in CWC (2001) and those for
masonry walls are evaluated from equation (4 - 29) as discussed in Section 4.4 in Charter 4.
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Table Dl: Parameters for Steel Walls
(Test Data from Sen'ette et al. 1996b, 1997b and eOLA-ueL 2001)

Specimen r Boer.
Seq Om Specimen r B ner

Seq Om(%) (%)
R AISI-Cl s,l 1.10 3.6 12.5 LOS

Undetlned
AlS1-0SB1,,1 1.26 5.8 S.5 1.35 AIS1-C2,,1 1.03 6.0 6.7 1.20

AISI-OSB25
.1 1.15 9.8 10.3 1.31 AISI-Dl s

.
1 1.36 9.3 10.2 1.11

1
AlSI-0SB3'·1 1 1.07 8,0 9.7 1.30 AIS1-D2,,1 1.55 8.9 10.7 LI2

1 AISI-0SB4'·1 LI3 8.8 8.6 1.50 AIS1-EI 5,1 17.3 7.5 1.131 ---
A1SI-0SB5',1 LI3 --- --- 1.21 AIS1-E2,,1 --- --- --- LIO

AISI-OSB6,,1 1.05 --- --- 1.54 A1S1-E3,,1 --- --- --- LI7

A1S1-0SB7,,1 1.16 8.0 12.7 LI9 A1S1-E4,,1 --- --- --- 1.12

AlSI-0SB85
•
1 1.03 --- --- US A1S1-E5,,1 --- 11.7 6.8 1.09

AlSI-PLY1,,1 1.28 5.6 10.5 1.29 A1S1-E6,,1 1.08 ILS 10.0 1.13

AI31-PLY2,,1 1.06 8.5 9.9 1.25 Grp. 14A',3 1.20 12.6 10.1 1.25

AISI-PLY3',1 1.05 8.5 9.8 1.24 Grp. 14B,·3 1.28 13.1 10.2 1.23

A131-PLY4,,1 1.04 8.2 7.2 1.42 Grp. 14C,·3 1.23 14,6 9.0 1.23

AIS1-PLY5,,1 1.02 --- --- 1.20 Grp.15A,,3 1.33 14.6 9.2 1.20

A1S1-PLY6,·1 --- --- --- 1.20 Grp.15B,,3 1.22 14.3 9.2 1.21

AI31-PLY7,,1 1.06 --- --- 1.16 Grp. 15C,,3 1.21 13.7 9.1 1.21

A1SI-PLY8,,1 1.04 --- --- 1.21 Grp.16A,,3 1.11 14.7 8.1 1.14

AI81-Al s
.
1 --- 14.3 7.1 1.10 Grp. 16B,·3 --- 11.7 8.6 1.23

AI81-A2 5
•
1 1.12 7,5 8.3 1.08 Grp, 16C5,3 --- 13.2 10.0 1.09

AI31-A3'·1 --- 15.2 7.6 1.07 Grp. 17A"3 1.22 12.2 10.4 1.25

AI8I-M,,1 1.14 --- --- 1.12 Grp. 17B,·3 1.23 13.9 10.9 1.20

AI31-A5'·1 1.07 5.4 9.5 1.08 Grp. 17C,,3 1.12 13.1 10.7 1.23

AlS1-A6,,1 1.12 5.5 9.4 1.09 Grp.18A',3 1.27 11.7 10.3 1.21

A131-A7',1 1.04 --- --- 1.11 Grp. 18B,,3 1.26 11.9 10.4 1.21

AI81-1\8'·1 1.04 --- --- 1.09 Grp. 18C,·3 --- 13.4 11.1 1.18

AI81-B]5.1 1.26 --- --- 1.13 Grp.19A,,3 1.17 15.0 8.2 1.17

! AI81-B2,,1 1.28 --- --- US Grp. 19B,,3 1.08 15.0 8.2 1.17

AI81-B3,,1 1.04 --- --- 1.21 Grp. 19C") 14.9 1 8.5 1.16--- 1 1

AI81-B4"i 1.16 i --- --- 1.14 1
11 1

'cold-fom1ed steel walls
ISerrette et al. (l996b, 1997b) 3COLA-UC1 (2001)
Note: Enor ofwood and steel walls are based on Ppeak
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Table D3: Parameters for Wood and Masonry Walls
(Test Data from COLA-UC/, 2001, Salenikovich et al., 2000, andShing et al., 1991)

1 S'pecimen r Enor.
çe'l 0", Specimen r Enor

C;e'l 0 01
Î (%1) Clio)

R=3.0 1 OSFac-2w
,2 l.61 15.8 13.2 1.14

1

Grp.03A IV
,3 1.41 26.8 13.2 1.15 12Fac-l w,2 1.47 16.1 13.4 1.15

Grp.03B IV
,3 1.68 16.1 13.1 1.16 12Fac_2w,2 1.43 15.8 13.3 1.15

[ Grp.03C IV
,3 1.24 25.0 12.G 1.19 R=2.0

j

1 Grp.04AIV
) --- 29.1 11.8 1.19 Grp.OGAw,3 1.57 11.1 12.6 1.14

1

Grp.04Bw
,3 1.28 24.3 12.G 1.14 Grp.06Bw

•
3 1.36 11.8 13.1 1.14

Grp.04CW
•
3 1.32 23.0 12.8 1.20 Grp.06e,3 1.32 8.8 13.3 1.14

Grp.09Aw
•
3 1.51 25.5 1004 1.13 Grp.34Aw,3 1.39 12.5 12.9 1.15

1 Grp. 09Ew
,3 --- 23.2 1004 1.11 Grp.34Ew,3 1.26 24.4 13.3 1.15

1 Grp. 09Cw
,3 1.46 19.4 10.8 1.10 Grp.34cw,3 1.29 11.0 11.8 1.15

Grp.12Aw
,3 1.27 33.7 13.7 1.14 Spec.8m

,4 2.01 2.4 --- 1.39

i Grp. 128w
,3 1.51 27.9 14.5 1.15 R=1.5

1

Grp, nc lV
,3 1.43 22.7 15,3 1.14 Spec. 1m,4 1.26 1.36 --- 1.38

Grp.13Aw
•
3 ---

1
17.2 1704 1.14 Spec. 201

,4 1.39 1.02 --- 1.37

Grp. 1313w
.3 1.44 32.5 12.9 1.14 Spec. 61ll,4 273 3.58 --- 1.65

Grp. 13Cw
) 1.23 26.2 13.9 1.14 Spec. 10m,4 l.65 0.72 --- 1.48

Grp.23AW
.3 1.38 34.5 13.7 1.16 Spec. 11 m,4 1.44 0.58 --- 1.46

Grp.238w
•
3 1.46 19.6 14.9 1.17 Spec. n m,4 1048 0.72 --- 1.54

Grp.23Cw
,3 1.15 25.1 14.0 1.17 Spec. 15m•4 1043 0.91 --- 1.52

Grp.35Aw
.
3 1.25 21.8 11.2 1.11 R=1.0

Grp.358w
•
3 1.42 17.6 12.0 1.16 Spec. 3m,4 1.52 0.61 --- 1.28

Grp.35Cw
,3 1.39 16.3 11.7 1.14 Spec. 4m

,4 1.27 0043 --- 1.22

Grp.36Aw
.
3 1040 25.5 11.5 1.13 Spec. 5ID

,4 1.19 0.38 --- 1.05

Grp.36Bw
,3 1.59 16.5 12.6 1.14 Spec. 7 ID,4 1.09 0.39 --- 1.17

Grp.36CIV
,3 lAI 18.9 10.6 1.12 Spec. 9m,4 1.18 0.32 --- 1.26

04Fac-1 w
,2 1.82 9.7 11.2 1.10 Spec. 13m,4 1.63 0.55 --- 1.25

! 04Fac-2w
,2 lAI 16.9 10.2 1.13 Spec. 14ffi,4 1.23 0.39 --- 1.24

08Fac-l lV
,2 1045 1504 12.9 1.15 Spec. 16ID

•
4 1.05 1 0.39 --- 1 1.19

'l'wood \Valls O1masonry walls
"Saienikovich et al. (2000) 3COLA-UCI (2001) 4Shing et al. (1989, 1990a,b, 1991)
Note: 8,,0' of wood and steel walls are based on Ppea10 while those ofmasonry based on 0.5 post Ppeak,
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Appendix D4: Calculation of Shear and Flexural Capacity for Masonry Wall
(Test Data fromShing et al., 1991)

d1
d2 1

d3

1:: u

WALL CROSS SECTION

STRAIN

yfm'

f 81 f 82 f 83

!
f 84

~

STRESS
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mm143

200000 Mpa

(Clause 10.2.3.1.7)

Es =
KN
KN
Mpa

Mpa

Mpa

b = 5-5/8 ir

(CSA S304.1 Clause 11.5.3)

Yg =1.0 for fully grouted

= 359.69 KN

Vr = 359.69 KN

(should >=0.25 and =<1.0)

mm
mm
mm
mm
mm

101.6
508

914.4
1320.8
1727.2

di = 4 in. =
d2 = 20 in.=
d3 = 36 in.=
d4 = 52 in.=
d5 = 68 in.=
Wall specimen 1

1= 6 ft = 1828.8 mm h = 6ft = 1.8288 m
Vertical steel 5 x # 5 Asv = 199 mml\2

Horizontal steel 5 x # 4 Ash = 129 mml\2
Axis Load P = 80 kips = 356
Shear Load Hmax-ave = 82.5 kips = 367.13
Masonry: fm' = 2900 psi = 19.981

Steel (Ver.): fyv = 64 ksi = 440.96

Horizontal fyh = 67 ksi = 461.63

s = 431.8 mm y = 0.85
d = 0.8*1 = 1463.04 mm (CSA S304.1 Clause 11.5.3.1)

~ = 0.8 for fm' <20Mpa, and 0.8-0.1 x(fm'-20)/1 0 for fm'>= 20Mpa

~ = 0.8
Shear resistance calculation:

Vm= 0.16 (2 - MtI(Vtd))fm'1/2

MrI(Vtd) = h/d = 1.250

vm= 0.71520179

Factored shear resistance Vr:

$m = $s =

Vr = $m(vmbwd + 0.25P)Yg + $s(0.60Ahfyd/s)

Vrmax =$m*0.4(fm')1/2bwdYg = 374.08 KN

Considering half contribution of the masonry wall and axialload in the plastic hinge region
$m = 0.5 Vr = 240.38 KN for wall with R=: (CSA S304.1 A6.1)

Calcuate the compression strain at ultimate state:

P =y~fm'cb - LAs/ sj

M =H*h = yf3fm'cb(l/2-f3c/2) + LAsifsi(dj - 1/2)

Five different cases were assumed for different walls.
The steel stress were checked after getting the forces.
Those met the assumption were considered as the acceptable case (expressed as good).

1) Assume fs2 = fs3 = fs4 = fs5 = fy fs1 = -fy
Assume Gu = 0.003

c = (P*1 000+fy*(As2+As3+As4+As5-As1 ))/(y*f3*fm'*b)

= 318.72 mm < O.21w = 365.76 mm

M = y*[3*fm'*C*b*(1/2-13*c/2)+fy*(As2*(d2-1/2)+As3*(d3-1/2)+As4*(d4-i/2)+As5*(ds-1I2)-As1 *(d1-1/2))
= 629946398.6 N*mm

H = M/h = 344.46 KN
check steel stress:
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Es] = Eu*(d,-c)/c= -0.002043667 fs' = Es*Esl : -408.73 Mpa <fy

1052 = Cu*(d 2-c)/c= 0.001781663 fs2 = Es*1052: 356.33 Mpa <fy

Es3 = Eu*(d3-c)/c= 0.005606993 fs3 = Es*Cs3 : 1121.40 Mpa > fy

Cs4 = Eu*(d4-c)/c= 0.009432323 fs4 = Es*Cs4 : 1886.46 Mpa > fy

Es5 = Gu*(ds-c)/c= 0.013257653 fs5 = Es*Es5 : 2651.531 Mpa > fy
notgood

2) Assume fs3 = fs4 = fs5 = fy fsl = Gu*Es"(d l -c)fc fs2 = Eu*Es*(d2-c)/c

P = y*~*fm'*c*b - fy"(As3+As4+Ass)-As2*fs2-Asl *fs1
r*Wfm'*b*c2-(P+fy"(As3+As4+As5)-Es*Gu*AsrEs*Eu*Asl )*c-(As2*Eu*Es*d2+Asl *Eu*Es*dl )=O

Assume Eu = 0.003

/12 = (P+fy"(As3+As4+As5)-Es*Eu*As2-Es*Eu*Aslf +4*y*13*fm'*b*(As2*Bu*Es*d2+Asl*Eu*Es*d l )
= 7.10425E+11

c = 314.81 mm < 0.21w = 365.76 mm

M = y*p*fm'*c*b*(1/2-13*c/2)+fy*(As3*(d3-1/2)+As4*(d4-1/2)+Ass*(d5-1/2))

+As2*Es*Eu*(d2-c)*(d2-1/2)/c+Asl *Es"Eu*(d,-c)*(d l-lf2)/c
= 625215042.7 N*mm

H= M/h= 341.87 KN

check steel stress:

Esl = Eu*(d l-c)/c= -0.002031796 fsl = Es*Esl : -406.36 Mpa <fy

Cs2 = Eu*(drc)/c= 0.00184102 fs2 = Es*Es2: 368.20 Mpa <fy

Es3 = Eu*(d3-c)fc= 0.005713836 fs3 = Es*Es3: 1142.77 Mpa > fy

Es4= Eu*(d 4-c)/c= 0.009586652 fs4 = Es*Es4: 1917.33 Mpa > fy

Cs5 = Eu*(d 5-c)/c= 0.013459468 fs5 = Es*Es5: 2691.89 Mpa > fy
good

3) Assume fs3 = fs4 = fss = fy• fsl =-fy fs2 = Eu*Es*(d 2-c)/c

P = Y*Wfm'*c*b - fy"(As3+As4+Ass-Asl)-As2*fs2

Y*13*fm'*b*c2-(P+fy"(As3+As4+Ass-Asl)-Es*Bu*As2)*c-As2*Eu*Es*d2=0

Assume Eu = 0.003

8.2 = (P+fy"(As3+As4+As5-ASl )-Es*Eu*As2)2 +4*y*13*fm'*b*As2*Eu*Es*d2
= 6.41229E+11

c= 312.12 mm < 0.2Iw =365.76 mm

M = Y*13*fm'*c*b*(1/2-13*c/2)+fy"(As3*(d3-1/2)+As4*(d4-1!2)+As5*(d5-1/2)-Asl *(d1-1/2))

+As2*Es*Eu*(d2-c)*(d2-112)fc
= 626669219 N*mm

H = Mfh = 342.67 KN

check steel stress:

Esi = Eu*(d,-c)fc= -0.002023453 fsl = Es*Es1 : -404.69 Mpa <fy

Es2= Eu*(d 2-c)/c= 0.001882733 fs2 = Es*Es2: 376.55 Mpa <fy

Cs3 = Eu*(d 3-c)/c= 0.00578892 fs3 = Es*Es3: 1157.78 Mpa > fy
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8u*(d4-c)/c:::

Eu*(ds-c)/c:::

0.009695106

0.013601292

fs4 :::: Es*8s4:

fss = Es*8ss :

1939.02

2720.26

Mpa

Mpa

> fy

> fy
notgood

4) Assume fs2 :::: fs3 ::: fs4 :::: fss :::: fy f51 :::: 8u*E5*(d1-c)/c

P :::: y*~*fm'*e*b - fy*(As2+As3+As4+Ass)-As1 *fs1
y*~*fm'*b*c2 -(P+f/(As2+As3+As4+f\s)-Es*8u*A.1)*c-As1 *eu*Es*d1=0

Assume eu ::: 0.003

62::: (P+fy*(As2+As3+As4+As2)-Es*eu*As1 )2 +4*y*Wfm'*b*As1 *8u*Es*d1
::: 4.39559E+11

c:::: 321.83 mm < 0.2Iw :::: 365.76 mm

M ::: y'P*fm'*c*b*(1/2-p*e/2)+fy*(As3*(d2-1/2)+As4*(d3-1/2)+Ass*(d4-1/2)+As1 *(ds-1/2))

+A.1*Es*c;u*(d1-c)*(d 1-1/2)/c
::: 629011712.6 N*mm

H::: M/h = 343.9477868 KN

check steel stress:

Ssl = su*(d 1-e)/c:::: -0.002052913 fs1 ::: Es*Ss1 : -410.58 Mpa <fy

es2 ::: Su*(d2-e)/c= 0.001735436 fs2 = Es*l>s2 : 347.09 Mpa <fy

Ss3 = Eu*(d3-c)/e= 0.005523784 fs3 = Es*"53 : 1104.76 Mpa > fy

8s4 ::: eu*(d4-c)/c:::: 0.009312133 fs4 = Es*"54 : 1862.43 Mpa > fy

ess :::: eu*(ds-c)/c= 0.013100481 fss = Es*e5s : 2620.10 Mpa > fy
notgood

5) Assume fs4 :::: fss = fy fsi = eu*E:(di-clIc i = 1,2,3

P ::: Y*Wfm'*c*b - f/(As4+Ass)-As3*fs3-As2*fs2-As1*fs1

y'P*fm'*b*cz-(P+fy*(As4+Ass)-E.*su*As3-Es*su*AsrEs*su*As1 )*c-(As:,*su*Es*d3+As/su*Es*dz+As1*su*Es*d1):::0

Assume Eu :::: 0.003

6 2 = (P+fy*(As4+A.s)-Es*Eu*(AS3+As2As1)2 +4*y*Wfm'*b*Eu*Es(As3*d3+A,;2*d2+f\1*d1)
::: 1.44424E+12

c = 407.17 mm > 0.21w = 365.76 mm

M = y*P*fm'*c*b*(1/2-p*c/2)+fy*(As4*(d4-1/2)+Ass*(ds-I/2))

+Es*Eu*(As/(d3-c)*(d3-1/2)+As2*(d2-e)*(d2-1/2)+As1 *(d r c)*(d 1-1/2))/e

= 762345286.6 N*mm
H::: M/h:::: 416.86 KN

check steel stress:
Es] :::: Eu*(d1-e)/c= -0.002251415 f51 ::: Es*es1 : -450.28 Mpa > fy

Es2 ::: Eu*(d2-e)/e::: 0.000742925 f82 ::: Es*Es2 : 148.59 Mpa <fy

Es3 :::: Eu*(d3-c)/c:::: 0.003737266 f83 :::: Es*E83 : 747.45 Mpa > fy

Ss4 = Eu*(d4-c)/e::: 0.006731606 fs4 = Es*es4 : 1346.32 Mpa >fy

Es5 ::: Su*(ds-e)/e::: 0.009725946 fss = Es*Ess : 1945.19 Mpa > fy
notgood
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Table D5: Scope ofAISI Shear Wall Design Guides (AlS!, 1998: AIS/, 2002)

Assembly Description Wind or AISI 1998 AISI2002
Earthquake Draft

15i32" Structurall Sheathing (4-ply) one side,
W Approved Approvedfasteners spaced at 6"; Studs maximum 24" oie Max

aspect ratio 2:1
1 7i16" Rated Sheathing (OSH) one side spaced at 6", 4" W Approved Approved
i 3",2"; Studs maximum 24" oie Max aspect ratio 2:1

i 7116" Rated Sheathing (OSH) one side oriented
W Proposed 1 Approved! perpendicular ta framing spaced at6"; Studs maximum

1
1

[ 24" ole Max aspect ratio 2:1 i
i 7i16" Ratcd Shcathing (OSH) one side spaced at4", 3"

1

W Proposed 1 Approved
1 2" Max aspect ratio 4:1

0.018 inch steel sheet, one side, screws spaced at 6"; W Proposed Approved
Studs maximwn 24" olc Max aspect ratio 2:1

0.027 inch steel sheet, one side, spaced at 4",3",2"; W Proposed for 4" Approved
Studs maximmn 24" ole Max aspect ratio 4:1-.

~/2 gypsum board on one side of wall with screws
W Approved 1 Approvedspaced at 7", 4"; Studs maxÎ111w1124" ole Max aspect

L ratio 2:1

1
15/32 Structural 1 Sheathing (4-ply) plywood one side

E Approved Approved1 spaccd al 6",4",3",2"; Studs maximum 24" ole Max
aspect ratio 4: 1

15/32 Structural 1 Sheathing (4-ply) plywood one side
E Proposed 1 Approvedspaced at3", 2"; end studs 0.043 inch min thickness;

Studs maximum 24" oic Max aspect ratio 2: 1
15/32 Structurall SheathÎ11g (4-ply) plywood one side

spaced at 6",4",3",2"; ail studs 0.043 Î11ch min E Proposed Approved
1

thickness; Studs maximwn 24" ole Max aspect ratio
2:1

Approved for Max

7/16" OSH one side spaced at 6", 4",3",2"; Studs
aspect ratio 2:1 1

E

1

Approved
maximum 24" oie Proposed for Max

aspect ratio 4:1 1

7/16" OSB one side spaced at 3", 2"; end studs 0.043
E Proposed Approvedinch min thiekness; Studs maximum 24" ole Max

aspect ratio 2:1
0.018 illch steel sheet, one side, screws spaced at 6"; E Proposed ApprovedL Studs maximum 24" olc Max aspect ratio 2: 1

1 0.027 illch steel sheet, Olle side, spaced at 4",3",2"; E Proposed Approved
L Studs maximum 24" olc Max aspect ratio 4: 1

r Perforated Walls W&E Not Included Approved
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