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Influence of Size on Punching Shear Strength of Concrete Slabs

Abstract

The punching shear behaviour of interior slab-column connections in flat plates is
investigated. The response of six two-way slab specimens, which were designed such
that they would fail in punching shear, are presented. The parameter introduced in the
experimental program is member depth. The effects of this parameter on the punching
shear capacity of slab elements are investigated. The results show a strong “size effect”.
with deeper members having a smaller shear stresses at failure than shallow ones.

Test results obtained from this experimental program are compared with the
punching shear predictions of the Canadian CSA A23.3-94 Standard, the American ACI
318-95 Code. the British BS 8110-85 Standard and the European CEB-FIP 1990 Model
Code. Predictions were also made using computer program “Response 2000”. assuming
an equivalent beam analogy to represent the slab. It is concluded that the shear design of
slabs. according to the current Canadian and American codes, can be unconservative
under certain conditions, particularity for thick slabs. It is recommended that the punching
shear expressions of the CSA Standard and the ACI Code be modified to take into
account the “size effect” on the punching shear strength of slabs.



Effet d'échelle sur la résistance au poinconnement des dalles en béton armé

Résumé

L'auteur étudie e poingonnement des dalles armées dans les deux directions
principales au droit des joints dalle-colonnes, a l'aide de six sous-assemblages daile-
colonne testés en laboratoire. Le paramétre étudié dans le programme d'essais est
I'épaisseur de la dalle. Les résultats d'essais indiquent un effet d'échelle important, les
dalles les plus épaisses présentant des containtes de cisaillement a la rupture inférieures a
celles des dalles plus minces.

Ces résultats expérimentaux ont également été¢ comparés aux prédictions des
normes canadienne CSA A23.3-94. américaine ACI 318-95. britannique BS 8110-85 et
européenne CEB-FIP 1990. Des calculs de résistance au poingonnement ont également
été faits a I'aide du logiciel "Response 2000", en utilisant un modéle de poutre équivalente
pour la dalle.

Les conclusions de I'étude indiquent que les formules suggérées pour la résistance
au poingonnement des dalles dans les normes canadienne et américaine peuvent étre non
sécuritaires dans certaines conditions, en particulier pour les dalles épaisses. L'auteur

recommande de modifier ces formules afin de tenir compte de cet effet d'échelle.
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Chapter 1

Introduction and Literature Review

1.1 Introduction

Punching shear failures of concrete flat plate structures are undesirable modes of
failure since they give little warning and have catastrophic consequences. Therefore, it
has been of special interest to engineers to try to understand the behaviour of slab-column
connections. However, although extensive research has been done on the punching shear
strength of slabs, to date there is still no generally applicable, rational theory. The current
building code design procedures are based on empirical studies and concerns have been
raised about their ability to accurately predict the punching shear strength of slabs for all
situations. This lack of understanding is more evident in the shear design provisions of
the ACI Code (ACI committee 318-1995) which consists of 43 empirical equations for
different types of members and different loading conditions. Moreover, there is great
discrepancy between design codes of different countries. Many of these codes do not
even account for some basic and proven factors affecting the shear capacity of concrete
members. Of these factors, much confusion is expressed with regards to the effect of
member size on the shear capacity of slab elements. The focus of this research is to
investigate the “size effect” in normal-strength concrete siabs in order to better
understand the mechanisms involved.

This chapter will give a brief overview of the previous research on punching
resistance of two-way slabs and size effect investigations. The current punching shear

strength provisions used in the various codes will also be discussed.



1.2 Previous Research on Punching Shear Resistance of Two-Way Slabs

In the early 1900°s, E. Mdrsch of Germany made significant contributions to the
understanding of the behavior of reinforced concrete structures with his work on shear. In
his 1906 and 1907 papers, Mdrsch presented an explanation of diagonal tension and

proposed the following expression for the nominal shearing stress, v:

V=— (1.1)

where V is the applied shear force,

b is the perimeter of the loaded area, and,
d is the effective depth.

The shear stress from Morsch’s equation is calculated along the perimeter, b. of
the loaded area. Hence. for a uniformly loaded slab, the shear stress was evaluated
around the perimeter of the column.

Talbot (1913) published a report of 114 wall footings and 83 column footings
tested to failure. Twenty of these footings failed in shear. They exhibited failure
surfaces that were at an angle of approximately 45° to the vertical and that extended from
the bottom face of the slab at its intersection with the column, reaching the level of the
reinforcement at a distance d from the column face. From these test findings. Talbot
concluded that it would be reasonable to take the vertical section located at a distance d
from the face of the column as the critical shear section. He proposed the following
expression for the nominal shearing stress, v, which is similar to Morsch’s, except that the
critical section was moved from the face of the column to a distance d from the face.

Therefore b was now equal to 4(c+2d). giving:

v= L (1.2)
4(c+2d)d

where c is the length of one face of a square column.

Talbot also recognized that increased percentages of flexural reinforcement

resulited in an increase in the shear strength of the slabs.



In 1924, the ACI code committee reported that the diagonal shear stress appeared
to be critical at a distance (h-1.5 in.) from the periphery of the loaded area, where h is the
slab thickness. Furthermore, the committee recommended that the shear stress, which is a

working stress limit, be limited to:
v=0.02f", (1+n) < 0.03f", (1.3)

where f{ is the concrete compressive strength in MPa, and,

n is the area of steel in the loaded region divided by the total area of steel
in the slab.

Graf (1933) studied the shear strength of slabs loaded by concentrated loads near
the supports. From the test findings, he concluded that the shear capacity decreases as
the loads move away from the supports and that flexural cracking had some influence on
shear strength. Graf also proposed the following expression for the shear stress:

e (1.4)

\
c
where h is the thickness of the slab..

Richart (1948) presented a report on a number of reinforced concrete footing tests.
He concluded that the high tensile stresses in the flexural reinforcement lead to extensive
cracking in the footings. This cracking reduced the shear strength, resulting in the
footings failing at lower shearing stresses than expected.

Elstner and Hognestad (1956) reported on tests of thirty-four 6 feet square slabs
that exhibited punching shear modes of failure. In two of these slabs, 50% of the flexural
reinforcement was concentrated over the column. They then compared these two slabs
with two others that were similar except that the flexural reinforcement was uniformly
distributed throughout the width of the slabs. They concluded that concentrating the
flexural reinforcement near the column did not result in any increase in the punching

shear strength of the slab specimens. Elstner and Hognestad (1956) also revised an

w



earlier formula initially proposed by Hognestad in 1953, to evaluate the ultimate shear

strength of slabs. The revised expression is as follows:

v=

’

8 0

v =23 +0.046$—‘ (N and mm) (1.5)

where ¢_ is the ratio of the ultimate load to the load at which flexural failure

should occur. and b is the perimeter of the loaded area.
Whitney (1957) reviewed the results of slab tests by Richart (1948), Elstner and
Hognestad (1956). He reported that in these tests the slab specimens that had a high
percentage of reinforcement probably also failed due to bond failure and not shear.
Furthermore, Whitney proposed an ultimate shear strength theory and concluded that the
shear strength is primarily a function of the “pyramid of rupture”, which is a pyramid
with surfaces sloping out from the column at angles of 45°.
The 1956 ACI Building Code recommended two different limits for shear stresses
in slabs at a distance d away from the periphery of the loaded area:
v £0.03 f{ £0.69 MPa,

if more than 50% of the flexural reinforcement passes through the periphery; or
v <0.025 f¢ £0.59 MPa,

if only 25% of the flexural reinforcement passes through the periphery.

Kinnunen and Nylander (1960) proposed a rational model for predicting punching
shear behaviour in slabs. Basically, in this model the slab is divided into rigid radial
segments, each bounded by two radial crack lines, the periphery of the column or loaded
area where the initial circumferential crack usually forms the slab boundary. Before
failure occurs. the main deformation of each radial segment is a rotation around a centre
of rotation (C.R.) located at the periphery of the column and at the level of the neutral
axis. Failure takes place when the frontal part of the radial segment fails to support the
force at the column face, that is the concrete crushes in the tangential direction.

Moe (1961) tested forty-three 6 feet square slab specimens and reviewed the test
findings from 260 slabs and footings tested by previous investigators. He concluded that
the shear strength of slabs is to some extent dependent upon the flexural strength. He also



concluded that the concentration of the flexural reinforcement does not result in an
increase in the shear strength, but does increase the stiffness of the load-deformation
response and increase the load at which initial yielding occurs. He proposed the

following expression for evaluating the ultimate shear strength of slabs:

) ;’:1 =|:15(l—0.075%)‘5-25¢o]\/f—'c- (N and mm) (1.6)

<
]

Regan (1974) reviewed previous research by various investigators on the
punching shear strength of slabs. He noted that the shear strength increases with
increasing reinforcement ratios and concrete strengths, but the effect is less than linear.
Hence. the rate of increase of shear strength should decrease at higher reinforcement
ratios and concrete strengths.

Hawkins and Mitchell (1979) reported that in a punching shear failure the shear
strength is dependent on the flexural capacity of the slab and that it will decrease if there
has been significant yielding of the flexural reinforcement.

Rankin and Long (1987) proposed a method for determining the punching shear
strength of conventional slab-column connections based on rational concepts of the
modes of failure of these connections. They proposed the following punching shear

strength expression:

P, =166, (c +d)xdx4/100p (N and mm) (1.7)

where f; is the compressive strength in MPa,
p is the reinforcement ratio, Ay/bd, and,
Pys is the punching shear strength.

Alexander and Simmonds (1988) noted that the CSA Standard (1984) ensures that
a large portion of the flexural reinforcement pass through or near the column. However.
they recognized that there was little indication as to how the amount of reinforcement
actually affects the punching shear strength. They believed that there should be a



beneficial effect for the amount of flexural reinforcement to be included in the
calculations for the shear strength capacity in the CSA Standard.

Shehata and Regan (1989) proposed a mechanical model to estimate the punching
resistance of slabs. The model was based on test observations as well as numerical
analyses. The authors believed that their model was an improvement over that of
Kinnunen and Nylander (1960) as it included the influence of the deformation of the part
of the slab on the top of the column and bounded by the shear crack. Furthermore, they
suggest that their model provides a more complete definition of failure. Shehata and
Regan also performed a parametric study of their theoretical model and of the American
Code and the British Standard approaches. This study revealed that the British Standard
results were closer to their theory in accounting for the steel ratio, which the ACI Code
ignores.

Alexander and Simmonds (1992) studied the effects of concentrating the
reinforcement near the column on the shear strength of slab specimens. They concluded
that all the tests exhibited the classical pyramid shaped punching shear failure, but several
tests actually had loss of anchorage. The anchorage failures were not distinguishable
from punching shear failures on the basis of external appearances. They suggested that
many of the punching shear failures reported in the previous tests were actually bond
failures. They believed that investigators such as Moe, Elstner and Hognestad wrongly
diagnosed the mode of failure in many of their tests and that it prevented them from
observing an improvement in the shear capacity of slabs with the concentration of the
flexural reinforcement near the column.

Gardner and Shao (1996) reported the experimental results for the punching shear
of a two-bay by two-bay reinforced concrete structure. They reviewed the code
provisions of the ACI 318-89 Code. the BS 8110-85 Standard, and the CEB-FIP 1990
Model Code. and compared these predicted values to previous experimental research
from various investigators. They concluded that the code equations that included size
effects and reinforcement ratios (such as the BS 8110-85 and CEB-FIP Model Code
equations) had smaller coefficients of variation than the ACI expressions. They also
noted that a parametric study by Shehata and Regan showed that the punching shear
strength is approximately proportional to the cube root of the concrete strength, steel



ratio, and steel yield stress. This led them to derive a shear stress expression that includes

these various parameters. The equation is as follows:

v, = b‘:; = 079 x T4 (2007 @) x fpf, x YTy x @7 5y) Nand mm) (1.8)

where fa, is the mean concrete strength. in MPa, and b, is the perimeter of the
loaded area. Gardner and Shao also cautioned that although increasing the amount of
flexural reinforcement increases the punching shear capacity of the slab-column
connection, it results in a more brittle behaviour.

Sherif and Dilger (1996) reviewed the CSA A23.3-94 punching shear strength
provisions for interior columns. After comparing these provisions to results from
previous research experiments, they concluded that these provisions can be unsafe under
certain conditions, particularly for slabs with low reinforcement ratios (p < 1%). They
also noted that since most slab design has a reinforcement ration, p. of less than 1% it is
important that the code equations for the shear strength be modified to include p. In
addition. they also concluded that the shear resistance of slabs decreases with increasing
depth. They suggested that these provisions can be unconservative for thick slabs. For
slabs with d > 300 mm, they recommended the use of size factors used by the Canadian
Code for one-way shear, while for slabs with d < 300 mm. a size factor is not required.

They proposed the following design equation for the punching shear resistance at failure:

- (1300
=0.73100pf, -2 d 1.9
v Ple (1000+d) (N and mm) (19



1.3 Current Code Provisions for Punching Shear Strength of Two-Way Slab

The current understanding of the mechanics involved in the punching shear failures
in flat slab structures is based mainly on experimental research programs conducted to
investigate the behaviour and strength of conventional slab-column conditions. Due to
the differences in the previous research, there exists a significant variation in the methods
of evaluation of the punching shear capacity of slabs in the concrete codes of North
America, Europe and Britian. The American ACI Code and Canadian CSA Standard are
largely based on the work of the German investigator Moe. while the European and
British codes are primarily based on Regan’s work. The equations used to determine the
nominal shear strength in the CSA Standard, the ACI Code, the BS Standard and the
CEB-FIP Model Code are compared in Table 1.1. The expression given in Table 1.1 for
the ACI Code and the CSA Standard is for a circular column or a rectanguiar column with
an aspect ration of long to short side of two or less. For aspect ratios greater than 2.0 or

for very large lengths of shear periphery, the shear stress at failure is reduced.

Table 1.1 Comparison of code provisions for nominal shear strength for square columns

Code Critical Periphery, b, = Nominal Shear Strength

33 3. 9 -
CSA 23.3-94 Located at d/2 from v=(0.33 x\/{ )
ACI 318-95 column face

b, = 4 (¢ + d) for square

column
- p)
S 8110-85 located at 2d from column v =1.05% 3100 x ¥2007d
face
o =4 (c + 3d) for square multiply by {/fc 125 for £2 > 25 MPa
column

but f; is limited to 40 MPa

where, p = ratio of steel within 1.5d of column face.

4400/d should not be taken as less than |

CEB-FIP 1990 located at 2d from column y
v= 0.16x§x131100pf
face c

b, = 4 (¢ + nd) for square where, & = 1 + 200 / d

column




The ACI 318-95 Code (1995) does not include the amount of flexural
reinforcement in its shear strength calculations. The current CSA A23.3-94 Standard
(1994) requires that haif of the flexural reinforcement needed in the column strip be
placed within 1.5 times the slab thickness, h, either side of the column face, but does not
give beneficial effects for this distribution in the calculation of the shear strength. Neither

the American Code or the Canadian Standard include a size effect term in their

expressions for shear strength and both use the relation v « \/E . [tis noted that the 1994

CSA Standard uses a factored shear stress at failure of 0.4 %/E . where ¢ is the material

resistance factor for concrete, equal to 0.60. The factor of 0.4 in this expression was

increased from 0.33 to 0.4 to account for the low value of §.. Hence, the nominal shear

stress resistance should be taken as 0.33\/%: . The CEB-FIP Model Code (1990) and the

BS-8110 Standard (1985) include the flexural reinforcement concentration and a size

effect term in their calculations of the shear resistance of the connection. They both use

the relation v = {/F. . In addition the BS Standard limits f? to 40 MPa in computing the

shear strength and the CEB-FIP Model Code sets its limit on f¢ to 50 MPa. Although the
coefficient in the design shear stress equation is 0.12 in the CEB-FIP Model Code, Regan
(1999) has indicated that a coefficient of 0.16 (see Table 1.1) represents the nominal shear
stress at failure. Although the coefficient for the design expression in the BS Standard is
0.79. using the same partial safety factor of 1.33 suggested by Regan results in an

increase in this factor to 1.05 for the nominal resistance (see Table 1.1).



1.4 Previous Research on Size Effect Investigations

There has been little research on the size effect of the punching shear failure of two-
ways siabs. Most of the investigations on size effect of the shear strength are for beams
or one way slabs. Kani (1966 and 1967) was among the first to investigate the effect of
member size on concrete shear strength. He tested four series of beams without web
reinforcement with varying member depths, d, longitudinal steel percentages, p, and shear
span-to-depth ratios, a/d. He concluded that member depth and steel percentage had a
great effect on shear strength and there is a transition point at a/d = 2.5 at which beams
are shear critical.

[t was found that the value of a/d to be the transition point between failure modes
and is the same for different member sizes and steel ratios. For an a/d value greater than
2.5. failure was sudden. brittle and in diagonal tension soon after the first cracks
appeared. For an a/d value lower than 2.5, the test specimens developed arch action and
had a considerable reserve of strength beyond the first cracking point. This transition
point is more evident in test specimens with higher reinforcement ratios and almost
disappears in test specimens with lower reinforcement ratios.

Bazant and Kim (1984) proposed a shear strength equation based on the theory of
fracture mechanics. This equation accounts for the size effect phenomenon and the
longitudinal steel ratio was calibrated using 296 previous tests obtained from the
literature.  They concluded that for very large specimen depths, the safety factor in the
ACI Code almost disappears. However, apart from Kani’s test, no experimental evidence
was available yet to confirm that fact as all the tests performed up to that time were on
relatively smali specimens.

Sohiya (1989) conducted a number of tests on large-scale beams in which the
influence of member depth and aggregate size on shear strength was investigated. Lightly
reinforced concrete beams, varied in depth from 100 mm to 3000 mm. containing no
transverse reinforcement were tested under a uniformly distributed load. Sohiya
concluded that the shear stress at failure decreased as the member size increased and as

the aggregate size decreased. Figure 1.1 illustrates the results obtained by Shioya.
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Figure 1.1 Influence of member depth and aggregate size on shear stress at failure for tests

carried out by Shioya 1989 (Source: Collins and Mitchell, 1997)

Bazant and Kazemi (1991) reported on tests on geometrically similar beams with
a size range of 1:16 and having a constant a/d ratio of 3.0 and a constant longitudinal
steel ratio. p. The depth of specimens varied from 1 inch (25mm) to 16 inches (406mm).
The main failure mode of the tested specimens was diagonal shear but the smallest
specimen failed in flexure. This study confirmed the size effect phenomenon and helped
corroborate the previous published formula. Since the deepest beams tested was
relatively small, Bazant and Kazemi concluded that for beams larger than 16 inches
(406mm) additional reductions in shear strength due to size effect were likely.

Collins and Mitchell (1991) introduced a design approach for shear, based on the
modified compression field theory (Vecchio and Collins 1986, Collins et al. 1996). The
design approach was adopted by the 1994 CSA Standard and the AASHTO LRFD
specifications (AASHTO. 1994). For members without transverse reinforcement, this
design approach includes a size effect by relating the crack spacing to the effective depth.
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d of the member. Members, without stirrups, therefore have larger crack spacing as they
get deeper and consequently the model predicts larger crack widths and hence smaller
crack-slip resistance. Collins and Mitchell (1991) demonstrated the accuracy by
predictions using this approach on the size-effect series tested by Shioya (1989).
Additional tests on size effect are reported by Collins et al. (1993) which clearly showed

the importance of size effect in beams without transverse reinforcement.

1.5 Current Code Provisions for Shear Strength of One-Way Slabs and
Beams Without Transverse Reinforcement

The ACI Code (1995) shear design equations for non-prestressed reinforced
concrete beams were derived in 1962 based on tests involving relatively small (dayg = 340
mm) and rather heavily reinforced (pas = 2.2%) beams and do not recognize the size
effect on the shear performance. The equations for predicting the shear strength of
concrete beam elements are based on the shear causing significant diagonal cracking. In
addition to the General Method using modified compression field theory. which includes
a size effect and also accounts for amount of flexural reinforcement. the CSA Standard
(1994) provides a simplified design expression. It includes a term to account for the size
effect in its shear design expression but does not take account of the reinforcing steel
ratio. p. This shows the concern of this code regarding the size effect phenomenon. It is

noted that the 1994 CSA Standard uses a factored shear stress at failure of
V. = 02¢CE b,d where ¢, is the material resistance factor for concrete. equal to 0.60.
The factor of 0.2 in this expression was increased from 0.166 to 0.2 to account for the low
value of ¢.. Hence. the nominal resistance can be taken as V,=0.166,f".b,d. The

equations used to determine the nominal shear strength in the CSA Standard and the ACI

Code are compared in Table 1.2.



Table 1.2 Comparison of code provisions for nominai shear strength of one-way members

Code Nominal Shear Strength

ACI3I89S v —0.166,F"b,d

CSA 23.3-94  (a) Simplified Method

® For sections having either the minimum amount of transverse
reinforcement required in the Standard or an effective depth, d not

exceeding 300 mm

V, =029, b,d

e For sections with effective depths greater than 300 mm with no transverse

reinforcement or less transverse reinforcement that the minimum required

,
V, = (ﬁ)%,/ﬂbwd not less than  0.10¢,/F,b,,d
-+

(b) General Method

e Accounts for member size, moment shear interaction and distribution of

longitudinal reinforcement

1.6 Research Objectives

The objective of this research program is to investigate the “size effect” in
punching shear. An experimental program is planned to investigate the reduction in
punching shear stress at failure as the thickness of the slab increases. Six slab column
specimens were designed and detailed according to the ACI Standard (1995) and the CSA
Standard (1994). All specimens were instrumented to enable their variations behavioural
aspects to be studied as each test was carried out. The test results obtained from this
experimental program will be compared to the ACI Code, the CSA Standard, the BS
Standard and CEB-FIP Model Code predictions for the punching shear strength of two-

way slabs.
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Chapter 2

Experimental Program

2.1 Design and Details of the Slab Specimens

Six slab specimens with similar geometry and steel reinforcement were
constructed and tested in the Jamieson Structures Laboratory in the Department of Civil
Engineering at McGill University. The specimens were cast and tested in an inverted
position to facilitate construction and test setup. The concrete compressive strength for all
of the specimens is 30 MPa, while the columns have a design concrete strength of 80
MPa. The overall thickness. h, of the slabs varied from 135 mm to 550 mm, while their
widths varied from 925 mm to 1950 mm. The stub columns are 300 mm square for the
slabs with h greater than 450 mm. For the slabs with h smaller than 450mm, the stub
columns are 200 mm square. There is a 30 mm clear concrete cover on the column ties.
Specimens were numbered according to their effective depth (in mm) as follows: P100.
P150, P200, P300, P400 and P500. Details of the test specimens are given in Fig. 2.1 and
Table 2.1.
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Figure 2.1 Details of test specimen and test setup
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Table 2.1 The dimensions and steel reinforcement details of the specimens

SteelReinforcement P100:- | PISG- | P20} P300- | P40 | PS00
h (mm) 135 190 240 345 450 550
d* (mm) 100 150 200 300 400 500
¢ (mm) 200 200 200 200 300 300
L (mm) 925 1190 1450 1975 1975 1975
a (mm) 262.5 395 525 787.5 737.5 737.5
Flexural tension 9No.10 | 8No.153 | I12No.15 | 15No0.20 | 12 No.25 | 15 No.25
reinforcement
s (mm) 102.8 48.8 120.8 131.7 164.6 131.7
p (%) 0.98 0.90 0.83 0.76 0.76 0.76
Compressive 2No.l0 | 2No.l0 | 2No.l5 | 2No.20 | 2No.20 | 2No.25
reinforcement
(structural integrity)
Column bars 4 No.l5 | 4No.I5 | 4No.15 | 4No.20 | 4No.20 | 4 No.25
Column hoops 5No.10 | 5No.I0 | 5No.i0 | 5No.i0 | 5No.l0 | 5No.I0

* d is equal to the d,,, of the top and bottom layer of the tension reinforcement

The reinforcement was distributed uniformly along the width of the specimens.
leaving a 25 mm clear concrete cover on both sides. The uniform distribution of
reinforcement is representative of a design carried out using the 1995 ACI Building Code.
The top reinforcement layouts contained equal number of bars in both the strong and weak
directions. Due to the fact that the slab-column specimen was tested upside down, the
flexural tension reinforcement was placed near the bottom of the slab. Square steel plates
were welded to the ends of every bar to ensure that the reinforcement was properly
anchored. The specimen'’s steel reinforcement details are summarized in Table 2.1 and
Fig. 2.2. The flexural tension reinforcement layout is summarized in Fig. 2.3. [n order to
satisfy the structural integrity requirements of the 1994 CSA Standard, two bars were
made continuous through the column in both the strong and weak directions. The column
reinforcement consisted of four vertical bars and five No.10 hoops. Figure 2.4 shows the

slab reinforcement for the slab column specimens.




Figure 2.2 Typical distribution of the flexural tension reinforcement

Figure 2.3 Slab reinforcement
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Figure 2.4 Slab reinforcement details
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2.2 Material Properties

2.2.1 Reinforcing Steel Properties

The steel reinforcement used in the construction of the specimens consisted of hot-
rolled deformed bars with a minimum specified yield stress of 400 MPa. The material
properties are summarized in Table 2.2. The values reported are the averages of values
obtained from tension tests performed on sample coupons taken from three random bars
used. Figure 2.5 shows the typical tensile stress-strain responses of the reinforcing bars.
including the yield stress f,, the ultimate stress, f,, the yield stress €,, and the strain at

commencement of strain hardening, €,,.

Table 2.2 Reinforcing steel properties

vipuien | b | oo | omw: | b | &
No.10 T 03 08
(std. Deviation) (6.6) 2.7
No.I5 200 465 588 T 0.23 0.50
(std. Deviation) 3.5 (5.0)
No.20 300 468 618 0.23 0.94
(std. Deviation) (1.3 (0.9)
No.25 500 433 592 0.22 0.74
(std. Deviation) (1.9) 0.3)
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Figure 2.5 Typical tensile stress-strain curves for the reinforcing steel



2.2.2 Concrete Properties

The mix designs for the two different strengths of concrete used to construct the
specimens are summarized in Table 2.3. Following the cast, the normal-strength concrete
was moist cured for three days and the high-strength concrete was cured for seven days.

Standard cylinders, 150 mm in diameter and 300 mm long, were used for the
compression and split-cylinder tests to determine the compressive strength, f!. its
associated strain €, and the splitting tensile stress, f,,. The modulus of rupture, f,, was
determined from 100 mm by 100 mm by 400 mm long flexural beams with three point
loading. At least three tests were conducted in order to obtain the mean values of these
material properties. The test results are summarized in Table 2.4. Figure 2.6 shows the

typical compressive stress-strain responses for both concrete strengths.

Table 2.3 Concrete mix designs

- 36MBa 70 MPa
Characteristics | Normal-Strength: | - High-Strength
i Concrete Concrete
Cement (Type 10), kg/m> 355 480
Fine aggregates (sand), kg/m> 790 803
Coarse aggregates, kg/m- 1040 1059
(max. size, mm) (20) (10)
Total water . kg/m3 178 135
Water-cement ratio 0.50 0.28
Water-reducing agent, ml/m> 1110 1502
Superplasticizer. L/m> - 13
Air-entraining agent, mi/m> 180 -
Slump, mm 170 180
air content, % 8.8 -
Density. kg/m3 3130 3491

* [ncludes the water in admixtures



Table 2.4 Concrete properties for both series

Series S MBe) | xI6> ol (M - (MPR).
Normai-Strength Concrete 39.4 2.13 3.26
(Std. deviation) 031 (0.16) 0.24)
High-Strength Concrete 79.8 297 7.09
(Std. deviation) (0.57) 0.31) (0.67)
a0
80 I
70
60
g
50
: :
8 40
&
30
20 70 MPa
— 30MPa
10
0

0 0.0005 0001 0.0015 0002 0.0025 0.003 0.0035 0.004
Strain (mm/mmy)

Figure 2.6 Typical compressive stress-strain curves for concrete

Shrinkage measurements were also taken on two standard 50 mm by 50 mm by
275 mm long shrinkage specimens which were cast and cured in the same environment as
the full scale specimens. The readings were taken between two small studs empedded in
either end of the concrete prisms. The variations of shrinkage versus time are shown in
Fig. 2.7.
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2.3 Testing Procedure

2.3.1 Test Setup and Loading Apparatus

All specimens were tested under the MTS universal testing machine in the
Jamieson Structures Laboratory of the Department of Civil Engineering at McGill
University. The specimens were tested in an inverted position in order to facilitate the
test up. The specimens were supported on four lengths of hollow structural sections
(HSS): each centered at 100 mm from the outside edge. The head of the MTS machine
was seated in capping compound on the top of the column of each specimen. The load
was applied monotonically. with the load, deflection and strain values being recorded at
each load increment. At key load stages, the crack pattern was recorded. Figure 2.8

shows the test setup for the two-way slab specimens.

Figure 2.8 Photographs of test setup for two-way slab specimens
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2.3.2 Instrumentation

Each test specimen was carefully instrumented to provide detailed data on its
behaviour throughout its entire loading history. The column load applied to each
specimen was obtained from the load cell in the MTS machine. The vertical deflections
were monitored with linear voltage differential transformers (LVDTs). A total of eight
LVDTs. as shown in Fig. 2.1, were attached to an aluminium section to measure the
deflection of the slab relative to the column. Four LVDTs were placed a distance of 100
mm from the outside edge at the centre of each column face. The outer four LVDT's
measured the displacement of the slabs at the location of the neoprene bearings, relative to
the column. These LVDTSs readings were used to detect the start of a punching shear
failure. Electrical resistance gauges with a nominal resistance of 120 ohms and a gauge
length of 5 mm were glued to the reinforcing bars in the top mat in line with the column
face in the two principal directions of the slab as shown in Fig. 2.9. In order to minimize
the impact of the gauges on the bond characteristics of the steel. the grinding of the
deformations on the reinforcement was kept to a minimum and the protection was
confined to the immediate vicinity of the gauges. The steel strain measurements enabled
the detection of first yield for each bar passing through the column and the spread of
vielding across the width of the test specimen. All the load, displacement and strain
readings were recorded with a computerized data acquisition system as each test

proceeded.

Figure 2.9 Strain gauge locations on top mat reinforcement
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Chapter 3

Response of Two-Way Slab Specimens

In this chapter. the observed behaviour of the six slab specimens is presented.
Loads, deflections and strains were recorded in order to provide key response data at each
load increment. Important load stages included first cracking, full service load. first
vielding and failure. The full service is taken as 60% of the nominal shear strength
predicted by both the ACI Code and CSA Standard. All of the deflections reported in this
chapter are the average of the measured deflections from the four LVDTs, either at the
inner location 100 mm from the face of the column or at the outer location over the

supports.

3.1 Specimen P100

The total load versus deflection response of Specimen P100. with a concrete
strength of 39.4 MPa and a uniform distribution of the top mat of reinforcement. is shown
in Fig. 3.1. As can be seen from this figure, the load-deflection curve exhibits a change in
stiffness when first cracking occurs at a load of 61 kN. No yielding occurred in the
reinforcing bars in both directions. The maximum load was 330 kN with a
corresponding average outer deflection of 2.64 mm, before failing abruptly in punching
shear. The failure was instantaneous, with the load dropping to 96 kN and the deflection
increasing to 11.70 mm. A photograph of Specimen P100 at failure is shown in Fig. 3.2.

Figures 3.3a & 3.3b show the measured strains in the strain gauges in the mat of
tension reinforcement at full service load and at the peak load. The highest strains were
recorded in the strong direction in the first reinforcing bar, 107 mm away from the centre
of the slab, and in the weak direction in the first reinforcing bar, 107 mm away from the
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center of the slab. As can be seen from Figure 3.3a, the first reinforcing bar in the strong
direction reached 2033 micro-strain at the peak load, while the first bar in the weak
direction reached 1802 micro-strain at the peak load as shown in Fig. 3.3b. All measured
strains were below the yield strain of the bars (2240 micro-strain).

350

300 S
——outside LVDTs
250 ~---inside LVDTs
200

150

Load (kN)

100

50

1] 2 4 6 8 10 12
Average deflection of LVDTs (mm)

Figure 3.1 Load versus average deflection responses of Specimen P100

Figure 3.3 Failure at slab-column connection for Specimen P100

27



2500

2000 e
- —s—peak
% --«--full service
= -~ - yield strain
® 1500 I
e
8
£
g 1000
£
n
L
|
5 P e vttt e et e, -
0!
1 2 3 4
Strain gauge (east-west)
a) Strong direction
2500 -
2000 : n
; —e—peak
£ --=--full service
£ ] yield strain
@® 1500 ! T
o .
-
2
£
g 1000
£
7] ! - N
500 |
|
s N
‘ ca-
; )
0 i
1 2 3 4
Strain gauge (north-south)
b) Weak direction

Figure 3.3 Strains in tension reinforcing bars at full service and peak load for

Specimen P100

28



3.2 Specimen P150

The total load versus deflection response of Specimen P150, with a concrete
strength of 39.4 MPa and a uniform distribution of the tension reinforcement is shown in
Fig. 3.4. Compared to Specimen P100, the load-deflection curve was stiffer up to the
point of first cracking at a load of 154 kN. The maximum load reached was 583 kN with
a corresponding deflection of 3.75 mm, before failing abruptly in punching shear. No
yielding occurred in the reinforcing bars. The failure was instantaneous. with the load
dropping to 173 kN and deflection increasing to 12.43 mm. A photograph of the failure

at the slab-column connection of Specimen P150 is shown in Fig. 3.5.

The measured strains in the strain gauges in the tension reinforcement at full
service load and at the peak load are shown in Figure 3.6a & 3.6b. The highest strains
were recorded in the weak direction in the first reinforcing bar, 75 mm away from the
center of the slab. As can be seen from Fig. 3.6b. the first reinforcing bar in the weak
direction reached 2158 micro-strain at the peak load. that is just below yield level of 2325
micro-strain. As in the case of Specimen P100, strains decreased with distance from the

column face.
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Figure 3.4 Load versus average deflection responses of Specimen P150

Figure 3.5 Failure at slab-column connection for Specimen P150
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3.3 Specimen P200

The total load versus deflection response of Specimen P200, is shown in Fig. 3.7.
As can be seen from this figure, the load-deflection curve exhibits a change in stiffness
when the first crack occurs at a load of 236 kN. First yielding occurred in one of the bars
in the strong direction (north-south direction) at a total load of 594 kN and a
corresponding average deflection of 1.93 mm. This yielding occurred in the first
reinforcing bar, 75 mm from the column face. The maximum load reached was 904 kN
with a corresponding deflection of 4.23 mm, before failing abruptly in punching shear.
The failure was instantaneous, with the load dropping to 375 kN and deflection increasing
to 13.6 mm. A photograph of the failure of the slab column connection of Specimen
P200 is shown in Fig. 3.8.

Figures 3.9a & 3.9b show the measured strains in the strain gauges in the tension
reinforcement at full service load and at the peak load. The highest strains were recorded
in the weak direction in the first reinforcing bar, 75 mm away form the center of the slab.
and in the strong direction in the first reinforcing bar, 75 mm away from the center of the
slab. As can be seen from Figure 3.9b, the first reinforcing bar in the weak direction
reached 2461 micro-strain at peak load. and the first reinforcing bar in the strong
direction aiso reached 2523 micro-strain at peak load, that is, just above the yield level of

2325 micro-strain.
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Figure 3.7 Load versus average deflection responses of Specimen P200

Figure 3.8 Failure at slab-column connection for Specimen P200
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3.4 Specimen P300

The total load versus deflection response of Specimen P300 is shown in Fig. 3.10.
As can be seen from this figure, the load-deflection curve exhibits a change in stiffness
when first cracking occurs at a load of 442 kN. No yielding occurred in the reinforcing
bars in both directions. The maximum load reached was 1381 kN with a corresponding
deflection of 4.34 mm, before failing abruptly in punching shear. The failure was
instantaneous, with the load dropping to 501 kN and deflection increasing to 13.44 mm.
The photo of the failure of the slab column connection of Specimen P300 is shown in

Figure 3.11.

Figures 3.12a & 3.12b show the measured strains in the strain gauges in the
tension reinforcement at full service load and at the peak load. At the full service load
and peak load. none of the bars reached yield and the reinforcing bars throughout the
entire width of the slab exhibited similar strain readings. The highest strains were
recorded in the weak direction in the first reinforcing bar, 130 mm away from the centre
of the slab. and in the strong direction the first reinforcing bar, 130 mm from the centre of
the slab. On average, the strains were higher in the strong direction. The maximum
strain recorded was 1976 micro-strain, less than the yield level of 2340 micro-strain of the

No.20 reinforcing bars.
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Figure 3.10 Load versus average deflection responses of Specimen P300

Figure 3.11 Failure at slab-column connection for Specimen P300
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3.5 Specimen P400

The total load versus deflection response of Specimen P400, with a concrete
strength of 39.4 MPa and a uniform distribution of the top mat of reinforcement, is shown
in Fig. 3.13. As expected, the load-deflection curve was stiffer up to the point of first
cracking at a load of 270 kN. The maximum load reached was 2224 kN with a
corresponding deflection of 2.87 mm, before failing abruptly in punching shear. The
failure was instantaneous, with the load dropping to 1033 kN and deflection increasing to
13.46 mm. A photograph of the failure of the slab column connection of Specimen P400

is shown in Fig. 3.14.

Figures 3.15a & 3.15b show the measured strains in the strain gauges in the
tension reinforcement at full service load and at the peak load. At full service and peak
load none of the bars reached yield and the reinforcing bars throughout the entire width of
the slab exhibited similar strain readings. The highest strains were recorded in the first
bar from the centerline in both the strong and weak direction. The maximum strain

recorded was | 553 micro-strain. which is below the vield level of 2165 micro-strain.
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Figure 3.13 Load versus average deflection responses of Specimen P400

Figure 3.14 Failure at slab-column connection for Specimen P400
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3.6 Specimen P500

The total load versus deflection response of Specimen P500 is shown in Fig. 3.16.
As can be seen from this figure, the load-deflection curve exhibits a change in stiffness
when the first crack occurs at a load of 360 kN. First yielding occurred in one of the bars
in the weak direction at a total load of 1417 kN and a corresponding average deflection of
0.17 mm. This yielding occurred in the first reinforcing bar, 148 mm from the column
face. The maximum load reached was 2681 kN with a corresponding deflection of 2.79
mm. before failing abruptly in punching shear. The failure was instantaneous. with the
load dropping to 1007 kN and deflection increasing to 15.58 mm. Figure 3.17 shows a
photograph of the failure of the slab column connection of Specimen P500.

Figures 3.18a & 3.18b show the measured strains in the strain gauges in the top
mat of reinforcement at full service load and at the peak load. The first bar from the
centre of the slabs in the weak direction displayed the highest strain during the test and
was the only bar to have reached yield at full service load. The highest strains were
recorded in the first reinforcing bar of the weak direction, 148 mm away from the center
of the slab. As can be seen from Fig. 3.18, the reinforcement in the strong direction
reached 1416 micro-strain at full service load, that is below the yield level of 2165 micro-
strain of the No. 25 reinforcing bars. In general, strains decreased with distance from the

column face.
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Figure 3.16 Load versus average deflection responses of Specimen P500

Figure 3.17 Failure at slab-column connection for Specimen P500
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3.7 Summary of Results

. Table 3.1 summarizes the test results for the six specimens giving the failure shear
and the shear stress at failure, based on the CSA critical shear section. [t is observed that

all specimens failed in punching shear.

Table 3.1 Summary of results

Specimen Vaax . Vib,d

@y | (MPa)
P100 330 2.76
P150 383 2.78
P200 904 2.83
P300 1381 232
P400 2224 2.00
P500 2681 1.68

Figure 3.19 shows the failure shear stress versus specimen effective depth. d.
From Fig. 3.19, it can be seen that for effective depths up to 200 mm, the failure shear
stress is relatively constant. For effective depth depths greater than 200 mm, the failure
shear stress decreases as the effective depth of the specimen increases. Specimen P200
has the highest failure shear stress at failure, while Specimen P500 has the lowest failure
shear stress. It is evident that for this test series. there is a significant size effect for

effective depths greater than about 200 mm.
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Figure 3.19 Shear stress at failure versus specimen depth
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Chapter 4

Analysis of Results

4.1 Comparison of Two-Way Slab Test Results

This section compares the observed experimental behaviour of the six slab test
specimens. Some of the experimental results that are compared include the load versus
deflection responses of the slabs and the load versus strain distribution in the reinforcing

bars.

4.1.1 Load-Deflection Responses

Table 4.1 provides the measured total loads and the average deflections at first
cracking, first yielding, full service load and peak load for the slab specimens. Figures
4.1 and 4.2 compare the total load versus average deflection responses of the six slab test
specimens.

From Table 4.1. it can be seen that the first cracking loads increased with the
increase in the effective depth of the slab test specimen. Specimen P100 exhibited the
smallest first cracking loads while Specimen P500 exhibited the highest loads. It is
interesting to note that the first cracks in the slab specimens started at the corners of the
column where the stresses were the highest and then the cracks propagated towards the
edges of the slab. The peak loads for the test specimens ranged from 330 kN for
Specimen P100 to 2681 kN for Specimen P500.

All the slabs exhibited an abrupt shear mode of failure. The specimens failed
along inclined surfaces extending out from the compression zone at the column face to
some distance away from the column face. After the peak loads were reached, all of the
loads dropped instantaneously to approximately one-half of the load carrying capacities
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of the slab specimens. Only Specimens P200 and P500 experienced some yielding of the
. tension reinforcement before failing in punching shear.

Table 4.1 Summary of key loads and deflections for slab test specimens

Specimen | . First ;'-E'nI:FS‘e"tviée: First- Peak
3 - Cracking: Load - Yielding Load
PIOO | loadkN) | 61 | 149 no 330
deflection (mm) 0.08 0.44 yielding 2.64
P150 load (kN) 154 261 no 383
deflection (mm) 0.20 0.67 yielding 3.75
P200 load (kN) 236 398 594 904
deflection (mm) 0.28 0.86 1.93 4.23
P300 load (kN) 242 746 no 1381
deflection (mm) 0.39 1.20 yielding 4.43
P400 load (kN) 270 1392 no 2224
detlection (mm) 0.28 1.00 yielding 2.87
P500 load (kN) 360 1989 1417 2681
deflection (mm) 0.04 1.00 0.44 279
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Figure 4.1 Comparison of load versus average deflection responses
of the outer LVDTs for the six slab specimens
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Figure 4.2 Comparison of load versus average deflection responses
of the inner LVDTs for the six slab specimens
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4.1.2 Strain Distributions of Reinforcing Steel

Tables 4.2 and 4.3 show the strain distributions recorded for the flexural tension
reinforcement in the strong and weak directions at the full service and peak load for the
test specimens. The six specimens had very similar strain distributions. As expected. the
reinforcement exhibited higher strains near the column. Due to the two-way action in
slabs, the slab moments are higher at the column face due to the larger stiffness of this

region.

Table 4.2 Strain distributions in the strong and weak directions at full service load

Strains in the:Strong Direction at Full Service Eoad (micro-strain)

1 2 | 3 1 4 | 5 6 7T | 8

P100 505 501 245 233 - - - -

P150 663 647 601 351 - - - -

P200 1354 704 517 495 488 331 - -

P300 932 818 743 618 518 397 245 144

P400 657 637 642 600 581 600 - -

P500 860 800 743 417 319 228 - -

Strains in the Weak-Directiom-at Fulk Service Load: (micro-strain)

———

1 2 | 3 ] 4] 5 | 6 7 ] 8

P100 281 254 216 133 - - - -

P150 712 636 560 584 - -

P200 777 766 753 733 635 365 - -

P300 898 832 530 397 377 312 259 144

P400 980 988 796 463 227 123 - -

P500 2611 868 841 838 752 357 - -
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Table 4.3 Strain distributions in the strong and weak directions at peak load

sminsimngs‘tmgb_imﬁmgmfw@gmmm ‘

P T PR &) 5-1. 6 F T | &
PI00 | 2033 | B8 | 610 | 483 | - | - | - -
P150 1891 | 1641 | 662 405 " n - -
P200 2461 | 1442 | 1471 | 1432 | 1382 | 1350 . -
P300 932 818 743 618 518 397 245 144
P400 1553 | 1372 | 1193 | L154 | 1147 | 965 - :
P300 1416 | 1139 | 1152 | 608 564 438 - -

Strains i the Weak Direction at Peak Load: (micro-strain)

i 2 3 [ 4 | 5§ 1 6 | 7 8
P100 1802 | 686 667 636 - - - .
P150 | 2158 | 1846 | 710 307 " " - "

P200 2523 2275 1972 1775 1416 1147 - -

P300 1886 1501 1219 1003 751 497 395 180

P400 1542 1136 1133 796 331 150 - -

P500 3524 1992 1236 1243 735 681 - -
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4.2 Comparison of Predictions with Failure Loads

The experimental results obtained for the punching shear strength of the slab
specimens will be compared to the predicted failure loads using different code equations
in this section. Table 4.4 summarizes the nominal punching shear strength capacities for
the six test specimens as predicted by the CSA Standard (1994), the BS Standard (1985)
and the CEB-FIP Model Code (1990). All of the code expressions used to determine the
values in Table 4.4 are given in Table 1.1. Figure 4.3 shows the comparison between the
experimentally determined failure loads and the failure loads predicted using the three
different expressions. Figure 4.4 compares the failure shear stress to the code predictions
for the slab specimens. It must be noted that the punching shear stresses reported in Fig.
4.4 were obtained by dividing the punching shear capacity. V. by the area of the CSA
critical shear section. b,d. This approach was necessary because the expressions for the
punching shear strength in the CEB-FIP Model Code and the BS Standard are based on
different critical sections than that assumed by the CSA Standard.

Table 4.4 Comparison of failure loads to code predictions for slab specimens

Shear Resistance (kN)
Specimen { A p Expe_rimenta! €CSA: Standard BS 8110 CEB-FIP

MPa) | (%) Results 1994y (1995) (1990)
P100 39.4 097 330 249 342 268
P150 394 | 0.90 583 435 587 456
P200 394 | 083 904 663 873 677
P300 394 | 0.76 1381 1243 1581 1237
P400 394 0.76 2224 2320 2676 2112
P500 394 | 0.76 2681 3314 3013 3034

The punching shear strength expression of the CSA Standard do not include a size
effect term. As can be seen from Fig. 4.4 and from Table 4.4, the lack of a size factor in
the code equations leads to unconservative predictions for the slabs with effective depths
greater than 300 mm. The expressions for the punching shear strength of the BS Standard

51




and the CEB-FIP Model Code both include a size effect term in their calculations of the
shear resistance. The BS Standard has a size factor of 4400 / d, which should not be

taken as less than 1. In the other words, the shear stress resistance is reduced up to an

effective depth, d, of 400 mm, after which the shear stress resistance becomes constant

with increasing d. The CEB-FIP Model Code has a size factorof 1 + (200 / d. As
can be seen from Table 4.4 and Figs. 4.3 and 4.4. the BS Standard gives conservative
predictions of the punching shear strength, except for slabs with effective depths greater
than about 300 mm. The CEB-FIP Model Code expression is also conservative as it
results in shear strength values that are smaller than the experimental results recorded for
the punching shear strength of all but one of the slab test specimens (P500).

4500
4000 ——CSAA23.3-94 e
1500 - »--Experimental value
-+-BS 8110 ,
3000 -e-CEBFIP
3 2500
<
> 2000
1500
1000
500
b}
0 100 200 300 400 500 600

d (mm)

Figure 4.3 Comparison of experimental and predicted failure loads
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Figure 4.4 Comparison of experimental and predicted failure stress

For one way beam shear. the CSA Standard reduces the shear resistance of

0.29,+/f". for d > 300 mm using a size reduction factor of 1300/(1000+d) which should

not be taken as less than 0.5. A comparison of the size reduction factors of the CSA
Standard. the BS Standard and the CEB-FIP Model Code is given in Fig 4.5. For the
modified CSA Standard expression, the size reduction factor is for one way shear. while
the size reduction factors of the BS Standard and the CEB-FIP Model Code are for two-
way punching shear. For the CEB-FIP Model Code expression, the size effect was taken

as ((1 +m )/2) such that for d = 200 mm. the size reduction factor is 1.0. From Fig
4.5. it is clear that the size effect expression of the CSA Standard for one-way shear is
very similar to the expression in the CEB-FIP Model Code. Both of these expressions for
the size effect are more conservative than the size effect expression of the BS Standard.
Figure 4.6 compares the experimental result and the punching shear strength expression
of the CSA Standard with and without using the size reduction factor. It can be seen that
when the size reduction factor is used, the CSA Standard gives conservative predictions
for the slabs with effective depth less than 400 mm. In addition, the expression also gives
more realistic prediction of the shear capacity for Specimen P500. Thus, it is
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recommended to include the size reduction factor of 1300/(1000+d) into the CSA
Standard expression for the punching shear strength.
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Figure 4.5 Comparison of the size reduction factors according to different codes
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Figure 4.6 Comparison of experimental results and CSA Standard modified with
size reduction factor of one way shear
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Table 4.5 provides a summary of the nominal punching shear strength values for
the six test specimens as predicted by Rankin et al. (1987), Gardner et al. (1996) and
Sherif et al. (1996). The equations used to evaluate the punching shear strengths in Table
4.5 can be found in Chapter | (see Equations 1.7, 1.8 and 1.9).

Table 4.5 Comparison of failure loads to predictions using equations proposed by various
investigators

‘Shear Resistance:(kNy
Specimen | p | Experimental | Rankinetal. | Gardneretal. | Sherifetal.
MPa) | (%) Results | (1987) | (1996} (1996)
P100 394 | 097 330 310 271 283
P150 394 | 090 383 532 454 482
P200 39.4 | 0.83 904 795 674 716
P300 394 | 0.76 1381 1459 1231 1304
P400 394 ! 0.76 2224 2724 2073 2260
P500 394 | 0.76 2681 3891 2992 3014
4500
4000 ——Rankin et al. (1987)
-+~ Gardner et at. (1996)
3s00 -~ Sherif et al. (1936)
w000 |  —=—Experimental value
3 2500
A
> 2000
1500
1000
500
0
0 100 200 300 400 500 600
d (mm)

Figure 4.7 Comparison of experimental results and predicted failure loads
by various investigators
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Rankin er al. (1987) proposed Equation 1.7 for the punching shear strength of

slabs. In their expression, the shear stress is assumed to be a function of the square root

of the concrete compressive strength and a function of i]E . As can be seen from Table
4.5 and Fig. 4.7, the use of Equation 1.7 results in shear strength predictions that are
significantly higher than the experimental results obtained for the slab test specimens with
effective depths, d, greater than 300 mm.

Gardner et al. (1996) suggested that the punching shear load is approximately
proportional to the cube root of the concrete strength, steel ratio and steel yield stress.
They proposed Equation 1.8 for the shear strength of slabs. From Table 4.5 and Fig. 4.7.
it can be seen that. except for Specimen P500, Equation 1.8 conservatively predicts the
shear strength of the slab specimens.

Sherif et al. (1996) proposed Equation 1.9 for the shear strength of slabs. [n this
equation. the shear strength is assumed to be a function of the cube root of both the
concrete compressive strength and the steel reinforcement ratio. It can be seen from
Table 4.5 and Fig. 4.7 that, except for Specimen P400 and P500. Equation 1.9
conservatively predicts the shear strength of the slab specimens.



4.3 Predictions Using the Modified Compression Field Theory

The program Response 2000° developed at the University of Toronto by Micheal
P. Collins and Evan C. Bentz (Collins and Bentz, 1998) was used to obtain predictions
according to the modified compression field theory. This program uses a sectional
analysis method that assumes that plane sections remain plane, combined with a dual-
section analysis and the modified compression field theory to determine shear response.

It is important to realize that for small shear span-to-depth ratios. a/d. sectional
analysis may not be appropriate. For small a/d ratios. the applied load is close to the
support and this causes a disturbance in the flow of stresses. There is a tendency for the
forces to flow from the point of application of the load, directly into the support reaction.
This “strut action” creates a “disturbed region” in which the assumptions of plane section
and of uniformly distributed shear stresses are inappropriate. The behaviour of Specimen
P500 may have been influenced by the relative smail a/d of 1.48 and hence may have a
higher failure load than if it had a larger a/d ratio

In order to predict the results. the slab was modeled as four beams framing into
the column. These beams have a width equal to the column width at the column face and
a variable width away from the column face. It is assumed that the width spreads at an
angle of 45°. For the predictions using Response 2000°. the locations chosen for the
sectional analyses were taken at a distance equal to the effective depth, d from the face of
column and at d/2 from the face of the column. This is to see what predictions result for
these two critical sections. subjected to differing shear and moment. The measured
material properties were used for the predictions, as well as, the “as-built” cross-sectional
dimensions. The input and output values for each specimen are presented in Appendix A
and the results obtained from Response 2000° are summarized in Table 4.6 and Figs.4.8
and 4.9.
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Table 4.6 Modified compression field theory predictions by Response 2000°

Specimer | ExperimentafResults: | Response200GResults: [ Response2000'Results
P100 303 215 170
P150 583 344 361
P200 904 511 374
P300 1381 928 681
P400 3734 1972 1250
P500 2681 3466 1708
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3500 -<- BS 8110 -
- CEB-FIP R
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52500
x
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0
100 200 300 400 500 600
d (mm)

Figure 4.8 Response 2000° predictions for distance d from the column face
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Figure 4.9 Response 2000° predictions for distance d/2 from the column face

The prediction at a distance d from the face of the column gives higher shear
strength than that predicted using distance d/2 from the column face. When these
Response 2000° predictions are compared with the test results, it can be seen from Table
4.6 that the predictions are very conservative, particularly the predictions for section at
d/2 from the column face. For d = 500 mm, the Response 2000° prediction for section at
d from the column face is unconservative and has a predicted shear strength which is
almost 27% larger that the experimental value. When compared to the code predictions.
the Response 2000° predictions for section at d from the column face has a similar trend
to the ACI Code and CSA Standard value as shown in Fig 4.8. The predicted shear
strength values for both sections are very conservative. When compared to the BS
Standard and the CEB-FIP Model Code, the Response 2000° predictions are very

conservative and significantly smaller than the code predictions.
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Chapter 5

Conclusions

5.1 Conclusions of this Experimental Program

The following conclusions were drawn from the results of the experimental

program on the six two-way slab specimens:

I

2

(%}

[t is observed that all the specimens failed in punching shear.
It is evident that for this test series. there is a significant size effect for

effective depths greater than about 200 mm.

. The CSA Standard (1994) expressions result in conservative predictions of the

punching shear strength. except for the slabs with effective depth greater than
300 mm. The BS Standard gives conservative predictions of the punching
shear strength, except for slab with effective depths greater than about of 300
mm. The CEB-FIP Model Code expression is conservative except for slabs
with effective depth greater than 400 mm.

The CSA A23.3-94 Standard expressions for the punching shear strength of
interior slab-column connections should be modified to take into account the
effect that the size effect has on the punching shear strength of slabs. The size
reduction factor of 1300/(1000+d) used for one way shear in the CSA
Standard results in better predictions of the experimental results.

The punching shear strength expressions proposed by Gardner ef al. and Sherif
et al. both overestimate the punching shear capacity of Specimen P500. The
equation proposed by Rankin et al. for computing the shear strength of slabs
results in very unconservative strength predictions for specimens with

effective depth greater than 300 mm.
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6. The modified compression field theory which accounts for the size effect.
moment-to-shear ratio, and amount of reinforcement gives overly conservative
predictions at a distance d/2 from the column face, but more realistic
predictions of the shear capacity, if the critical section is taken at d from the
column face. The predictions are conservative for effective depths up to and

including 400 mm, but unconservative for an effective depth equal to 500 mm.

[t is hoped that the results obtained from this experimental program will help other
research efforts in better understanding the “size effect” affecting punching shear in
concrete. [t is hoped as well that the experimental data obtained will be use to researchers
working towards a more accurate prediction of the punching shear strength of two-way

slabs
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Note: The program RESPONSE 2000° version 1.0.0 (beta) was used.
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