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ABSTRACT 
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Three buildings in Montreal and three buildings in Vancouver we~e designed for - . -
different level of "dqctility" according to the 1985 Niltional Building Code of Canada 

and the 1984 Canadian Concrete Cod~. 

Three full scale reinforced concrete specimens representing an exterior beam-"'" 

column-slab subassemblage of the 'Montreal structure were tested in o~der to de termine 
" 

the behaviour of these components. The rore of 'the spandrel.~~am in limiting the effec-

tive sI ab width and its role in transferring shear to the joint region were investigated. 

Analytical procedures were developed in order to predict the responses of main 

, structural components to the combined loading effects of axial load, moment and 

. shear: In addition a hystere,tic behavioural model was developed in onter to account 
o 

for strength and stiffness degradation as weil as piziching of the hysteretic response . . 
The analytical procedures were th en used to mode} the responses of the components 

of ~hese buildings. NOll-linear dynamic' analyses were carried out on each building for 

a series of artificially generated accelerograms. The results of the tests as ,~e1Las--the 
" 

'results of the non-linear dynamic analyses enabled an assessment of the performance 
,.. 

of different building designs and.an assessment of current code requireme.nts . 
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SOMMAIRE -;- \" 

,-
Trois bâtimentS' ~itués à Montréal et trois bâtiments situés à Vancouver ont étl' di-

~ / 

mensionnés avec d~s fa;teurs de ductilité différen~s '!5elon le Code 'N"ational du B,Î.timl'lIt. 
'\. 

édition 1985 et le Code Canadien du Béton édition 1984. 

Trois spés:imens grandeur réelle représentant, un ensemble colo.nnc cxt.{>rielln', POli­

tre et plancher des bâ~ments de -Montréal ont été testés dans le but dl' dét.erminer [('lIr 

comportemen\,.sous charges renversées. Le rôle de la poutre de rive dans la particip,tt.ioT\ 

d'une largeur "éfficace" de la dalle dans la résistance de la poutre principale a. été ét.udi(', 

de mêrJe que la transmission des contraintes de cisaillement d~ la poutre de rive au 

joint. 

Des méthodes analytiques ont été dévelopées permettant de prédire les déforma.­

ti~ns des élémen~s principaux d'une structure sous une combinaison de charge axialt', 

flexion et cisaillement. De plus un modèle permettant de décrire la réponsè d 'un él~meIl t. 

en béton-armé sous 'charge cyclique a été développé. Ce modèle tient compte de la pprf.(' 

de rigidité, de ra perte de résistance ainsi que du rétrécissement de la courbe de réponl:J(!~ 

Ces méthodes furent utnisées dans la modélisation de la réponse des compmmT\t(~H 
de~. bâtiment mentionnés plus haut. Des analyses dynamiques non-linéaires de cc~ 

• r,~' .. 

bâtfments ont été éffectuées avec comme chargement dynamique un ensemble ~e trem-

hlements de terre g~nérés artificiellement . . 
Les résultats des essais ainsi que les résultats des analyses dyna.miques non-linéairctl 

ont permis une évaluation de la pèrformance des différents genres de bâtiments ct Iln(! 

évaluation des règlements des codes du bâtiment ên vigueur. 
') 

\ 
o 

ii 

" c 

c 



( 

) 

\ 

. , 

~ 

\ 

' .. 

- \ 

'II 
t 

ACK~OWLEDGEMENTS 
l, 

\ 

The autho~ would li~e to express his appre~~atio~ ta Professor Denis Mitchell for 

his skillful guidance, his encou~agement aIld his ~nderst~dlng tb.roughou't the, course 

of this research programme. 

The author takes this opportunity to thank Pliofessor René Tinawi of Ecole Poly-. 

technique for his interest in the research programme. 

In addition the w~iter wishes to express his gratitude to Suzanne Rattray for testing 

specimens KD.7 and 'K1.3 and to Dan Castele an.1J.. George Covell for assisting with the 

construction and testing of specimen OldK1.3. 

The exp~rimental resea-rch was carrieii out in the Jamieson Structures Laboratory 
. ' 

in the Department of Civil Engineering and Applied Mechanics at McGill University. 

The authoT is particularly grateful for the assistance given by B. Cockayne and R. 

SheRpard. . 
Thanks are extended to Alain Dandurand for his expert assistance in preparing 

sorne of the figures. .. 
The financial assi,sta.Îlce provid~d by" the N·atur.al Sciences and Engineering Re­

l 

search Couneil of Canada and by the Fonds pour la Formation de Chercheurs et l'Aide 

à. la Recherche of the Government of Québec -is gratefully acknowledged. 

This manuscript was p.repared with Donald Knuth's TEX typesetting program and 
, . . 

printed on a. HP LaserJet+ Printer . 

• 

" 

iii . 

- --- -~------



.. 
_ • J .... fi .... 

, 

l 

. 
1> -

TABLE OF CONTENTS 

ABSTRACT 

SOMMAIRE 

ACKNOWLEDGEMENTS 

LIST OF FIGURES 

LIST OF TABLES 

LIST OF SYMBOLS 

1 

ii 

Hi 

vii 

xiii -

1> xvi 

1 INTRODUCTION 1 
.J 

1.1 PREV~US RESEARCH .......•. '/. .. 2 

1.1.1 Seismic Risk Analysis and Seismi~ Zoning '.' .~. :~ 

-1.1.2 Reversed Cyclic Loading Tests . . . . . . . . . 3 

1.1.3 Non-linear Dynamic Analysis of Reinforced Concrete Structures 6 

1.2 OBJECTIVES . . . . . .. .. -. . . . 
2 CANADIAN SEISMICIT.Y 

AND GENERATION OF ACCELEROGRAMS 
.... ) " 

2.1 SEISMIC Il.ISK ANALYSIS .. . . . 

2.1.1 Extreme Value Method - Milne and Davenport . 

2.1.2 Point S'ource Model - Cornell Method . . . 

·2.2 THE 4985 SEISMIC ZONING MAP OF CANADA 

2.3 GENERATION OF ACCELEROGRAMS . . . . 

3 MOMENT RESISTIN'G FRAME STRUCTURES DESIGNED 
FOR MONTREAL AND VANCOUVER , , 

3.1 GEOMETRY OF STRUCTURES 

3.2 DESIGN PARAMETERS . . . . . 

3.3 ANALYSIS ASSUMPTIONS AND IDEALIZATION . ! 

3.4 10AD COMBINATION AND LOAD ÊFFECTS . 
(10 

3.5 DESIGN SUMMARY AND COMPARISONS ." . 

iv 

• .1 

12 

14 

14 

14 

15 

18 . 

19 

34 

34 

-35 

37 

38 

39 



~.,--~--------~------~~--~ 
1 -

! 

(~ 

(~ 

1 

1 <9 

( 

. . , \ 

4 REVERSED CYCLiC LOADING tEST~ OF FULL SCALE 
CON CRETE FRAME SUB-ASSEMBLAGES 

4~1 DESIGN 'OF TEST SPECTh1ENS 

4.2 DETAILS OF TEST SPECIMENS 
• -:1 

4.2.1 Test 'Set-Up . ... 

4.2.2 Details of Reinforcement . . 
'à 

4.2.2.1 S'p~~imen o Id" .K1.3 

. . . . '. . 
. '.' . .' . 

. . ...... .. 

. .., . 

1 

4.2.2.2 Specimen K1.3 

4.2.2.3 Specimen KO'. 'i -
4.2.3 Material Properties 

4.2.3.1 Steel . 

. .. ... ~ '. . 

4.2~3.2· Concrete 

4.2.4 Instrumentation and Experimental Procedur.e-

4.3 EXPERIMENTAL RESULTS AND OBSERVATIONS 

4.3.1 Specimen Old K1.3 

4.3.2 Specimen K1.3 1 • ." •• • • 

1 

4.3.2 Specimen KO.7 

4.3 COMPARISONS OF EXPERIMENTAL RESULTS . 

5 PREDICÎIONS 'OF ME·MBER BEHAVIOUR 
AND COMPA~ISONS WITH TEST RESULTS 

5.1 PREDICTING FLEXURE AND AXIAL LOAD RESPONSE 

5.2 PREDICTING MOMENT-AXIAL LOAD-SHEAR RESPONSE 
. 

5.3 ACCOUNTING FOR BOND-SLIP EFFECTS 

5.4 ij.ESPONSE OF SUBASSEMBLAGES 

" 5.4.1 Role of Spandrel Bean;t 

5.4.2 Bearn Responses . . . 
-

5.4.3 Column and Joint. Responses .. ~. 
5.4.4 Total Responses -. . . 
1 • 

) 
v 

" 

o 1 

45 

45 

47 

47 

48 

51 

51 

53 

56 

56 

56 

57 

61 

61 

65 

69 

,75 

81 

81 

89 

98 

103 c 

103 

105 

107 ' 

110 

. 
) 



1 

a '" 

\ 

J 

6 PREDICTING NON-liNEAR DYNAMIC RESPONSE 
OF CONCRETE STRUCTURES 

6.1 NON-LmEAR DYNAMIC ANALYSlS USING DRAIN-2D 

6.1.1 Equation of Motion 

6.1.2 Solution Procedure 

6.1.3 Mass Matrix . . . 

6.1.4 Tangent Stiffness Matrix .". 

'. 

6 

6.1.4.1 Dual Component Element - Beam-Column Model 

.' . 
115 

/ 115 

115 

116 

ll9 

lH> 

120 

6.1A.2 Single Component Element - Physical hinge beam model 12:3 

6.1.4.4 p-t:. Effects - Geometrie Stiffness . . 

6.1_.5 Damping Matrix . . . . . 

6.2 REFINED HYSTERETIC MODEL , 

6~3 ESrr:IMATING DAMAGE . . . . . 
\ 

6.3.1 Member Dafuage .,. . 

1 ,. 

'6.3.2 Structural and No~itructural Damage 

7 EVALUATION ,OF PREDICTED RESPONSES 

J 7.1 ROOF DISPLACEMENT TIME HISTORIES 
L \ 

7.2 LOCATIONS AND TYPES OF PLASTIC HINGES 

7.3 ENVELOPES OF LATERAL DISPLACEMENTS . 

7.4 INTERSTOREY DRIFTS AND DAMAGE ESTIMATES 

7.5 INELASTIC DEFORMATION AND 
FLEXURAL STRENGTH DEMANDS . . . 

7.6 LATERAL FORCES AND SHEAR STRENGTH DEMANDS . ... 
'" 

7.7 INFLUENCE OF COLUMN SIZE ON THE RESPONSE 
.. 0 ,\ .. , 

8 DESIGN RECOMMENDATIONS AND CONCLUSIONS 

-' 

REFERENCES 

STATEMENT OF ORIGINALITY 

APPENDIX A 
/ 

vi 

124 

124 

12f.l 

129 

131 

140 1 

111 

142 

178 

183 

189 

190 . 

\ 



1 

( 

1.1 

+.2 

1.3 

2.1 

2.2 . 

2.3 

2.4 

2.5 

~.6 

le 2.7 

2.,8 

2.9 

2.10 

2.11 

2.12 

2.13 

2.14 
~ 2.15 

2.16 

)3.1 
, 

3.2 

3.3 

3.4 

(' 

, 
" " 

.' 
.;-~ of LIST OF FIGURES . " 

/ . 
Summary qf/detailing requirements for beams and coI11;mn~. 

Hysteresis models. . . :' . . . . . ' 
Modified Takeda model, Litton [36] 

1970 Seismic Zomng Map of Canada 

Methodology for denvation c; seismic z'oning map. • . . 
~ . 

Zonee of earthquake occurence . . . . . . . . . 
and magnitudes (M) of earthquakes in Eastern Canada [491 

Zones of earthquake occurence . . . . . . . . . . . . . 
and mrlgnituri~s (A1) of carthquakes in 'Western Çanada [49] 

1984 Seismic zoning maps of Canada [2]. ',' 

Representative variation of response spectra 
for four different locations in Canada 

-. 
" 

General charactcflstics of intensity function , • • t· • -G· 

Intensity functions assumed for Western and Eastern Canada. 

Simulated Ground Motion 1-MontreaI Region 

Simulated Ground Motion 2-Montreal Region 

Simulated Ground Motion 3-MontreaI Region 

Simulated Ground Motion 1-Vancôuver Region. 

Simulated G'round Motion ,2-Vancouver Region. 

S imulated G"rollnd Motion 3-Vancouver Region. . 

Pseudo-Velocity Res~se Spectra-Montreal Region. 

Pseudo-Velocity Response Spectra-Vancouver Region 

Elevation and plan view of prototype structure. . . 

Mathematica! model for CMPT FRAME-2D program 

.~ . 

Mode shapes and natural period of vibration for Montreal buildings. 
including modal participation factor (mpJ) 

Mode shapes and natural period of vibration for Vancouver buildings 
including modal participation factor (mpf) i 

VIl 

1 

, 

-

. 2 • 7 

10 

15, 

·~117 . 

19 

.. 
19 .. 

21 

22 1 

24 

24 

26 

27 

28 0 
' 

29 

30 

31 \. 

32 / 
/ 

33 

36 

37 

40 

41 



3.5 

" 

, 
" Reinforcement Details for Montr~al Buildin~s 

Reinforcement Details for Vancouver Buildings, 

Specimen location .......... . ' 
Test specimen dimensions and t(:st set-up 

Photograph of test set vp for speêimsn OIcl K1.3 

Reinforcement details of specimens . . ... ,. . . . , 

" 

PhotograpM of reinforcing cage for specime~ 01(1" K·1.3 

43 

44 

46 

47 

·t9 

50 

52 

3.6" 

4.1 

4.2 

4.3 

4.4 

4.5 

4.6 Photographs of reinforcing cage for specimen K1.3 . -~5·', 
- 1-.7 

4.8 . 

4.9 

, . 
Photographs of reinforcing cage for specimen K~. 7 

Specimen instrumentation . . . 
Loading anfl ~~H~~'1hon history 

4.10 Hysteretic load-tip defiection response for Specimen Old K1.3 

4.11 Specimen ql'd K1.3 at different load stages. . . . . 
l 

4.12 Buckling of longitudinal reinî.'rcement in main beam 

4.13 

4.14 

4.15 

of Specimen Old K1.3 
- ~ 

Strain distribution in slab longit,ldinal reinforcement . . . . . . . . 
for all three specimen~ 

~ 

Bearn ~ip deflection components for Specimen Old"-K1.3 

Hysteretic k>ad-tip defiection response for Specimen K1.3 

, 4.16/p ecimen KJ.3 at different load stages. . . . -.. 

4.17 Exterior face of specimen K1.3 at end of test. . . 

4.18 

4.19 

4.20 

4.21 

4.22 

4.23 

4 

Bearn tip deflection components for specimen K1.3 

Hysteretic Ioad-tip defiectiC'n response for Specimen Ka.7 

Specimen KO.7 at different Ioad stages. . . . .\ . 

Exterior face of specimen KO_7 at end of test. . \ . 

Bearn tip deflection components for specimen KO 7 

Specimen KO.7 close to fallure . . . . . . . . . 

\-

55 

58 

60 

62 

6:~ 

64 

6.5 

66 

67 

68 

70 

71 

72 

73 

74 

75 

76 

4.24 Comparisons of resp6nses and appearance of specimens near fa.ilure . 79 

4.25 Envelopes of responses 80 

5.1 Predicting flexural response 82 

viii 

.. 

~ 

• ,... 

, 



c 

( 

( 

5.2 

5.3 

5.'1 

5.5 

5.6 

5.7:' 

5.8 

5.9 

5.10 

5.11 

5.12 

5.13 

5.14 

5.15 

5.16 

5.17 

.5.18 

5.19 

5.20 

5.21 

5.22 

5.23 

5.24 

Stress-strain relationship for concrete confined by . 
rectangular hoo~s, Kent and Park [14] 

Idealization for the stress-strain relationship for 
steel in tension or compression, Park and Paulay [18J 

Average stress-strain relationship. . . . . . . . . 
for cracked concrete in tension, Vecchio and Collins [71]\ 

-
Accounting for variatIOn of strains across . . 
the flange of T section 

Influence on moment-curvature response of non-linear . 
strain distribution in Range of T beam 

Prcdicted axial lood-moment interaction and axial 
load-curvature response 

Influence of axial load on the moment curvature 
response of a column section 

Influence of spalling on the response of a colurnn section. 

Detailed analysis using the compression field theory . 

Simplified analysis using the compression field theory 

Predicting axial Ioad-moment-shear response . 

Spacing of inclined cracks .. 

" Equilibrium considerations for beam in shear . 

Stress-strain relationship for diagonallycracked concrete 

Influence of axial Ioad on shear respons~. . .. . 

Influence of moment to shear ratio on the response : 

Effect of bond-slip on deformation . .. ... 

Aotual and ide<\lized moment-rotation due to bond-slip 

Determining bond-slip from assumed . 

Approximating bonck-slip from assumed 

Raie of spandrel beam. ., . >. 

Comparisons of moment-curvature predictions with . 
experimental results for specimen OId Kl.? 

,1 

Comparisons of moment-curvature predictions with 
experimentaI results for specimen K1.3 

. . --. 

ix 

. " 

82 

84 

84 

86 

87 

88 

90 

91 

91 

92 

93 

94 

95 

97 

98 

99 -

99 

100 

102 

104 

106 

107 



....... 

5.25 

5.26 

5.27 

5.28 

Comparisons of moment-curvature predictions with 
experimental results for specimen KO.7 

\ 

Comparisons of predicted curvatures and shear strains. 
with experimental rcsults for specimen Old K1.3 

Comparisons of predicted curvatmes and shear strains. 
with e."{perimental results fOT. specimen K1.3 

Comparis~ns of predicted curvatures an'd shear strains 
with experimental results for specimen KO.7 

108 

{on 

110 

1 Il 

5.29 Comparison of predicted joint shear vs joint tic strain re~pOllses with. ll~ 

experîmental values for specime1 SP7 tested by Uzurneri and Seckin 1111 

5.30 Comparison of predicted joint shear vs joint tic st~am re;pollses wit.h Il:~ 
experimentcil values for specimen 7 tested by Ehsani and Wight [22, Z:l, 2'11 .po-

5.31 Predicted and measured tip deflection components 

6.1 Multi-linear force-displacement relationship 
• 

6.2 Computation of force increment [37]. 

6.3 Non-linear hysteretic behaviour. 

6.4 Two-components element used to model beam-columns [28] 

6.5 

6.6 

6.7 

6.8 

6.9 

6.10 

6.11 

6.12 

7.1 

7.2 

7.3 

Yielding states and stiffness of inelastic component 
of parallel element 

Use of axial load-moment interaction curve to determine . 
yield point, adapted from Reference [27] 

Sample loading excursion with corresponding moment 
rotation response, adap~om Rèference [27J 

Element degrees of freedom 

Refined hyster~tic model for reinforced concrete members 

Definition of rotational ductility demand. 

Definition of yield rotation. 

Definition of curvature ductility demand . 

Roof displacement time histories for different levels of maximum 
peak ground acceleration, a, for Old K=1.3 structure in Montreal 

Roof displacement time histories for different levels of maximum 
peak ground acceleration, a, for K=1.3 structure in Montreal 

Roof displacement time histories for different levels of maximum 
peak ground accelerati0f!.' a, for K=~.7 structure in Montrea~ 

) 

x 

11·\ 

117 

11H 

120 

121 

~21 

122 

122 

12:3 

127 

129 

130 

131, 

145 

146 

, ' 



C 

J 

1 

( 

-; 

7.4 

7.5 

7.6 

7.7 

7.8 

Roof displacement t-Îme histories for different levels of maximum 
peak ground acceIeration, a, for OId K1.3 structure in Vancouver 

Roof displacement time histories for different levels of maximum 
peak ground acceleration, a, for K=1.3 structure in Vancouver 

Roof displacement time histories for different levels of maximum 
peak ground acceleration, a, for K=O.7 structure in Vancouver 

Deformed shapes and corresponding types and locations . . . . 
of hinges, for K=0.7 structure in Montreal for the most critical motion 

Summary of hinge types and locltions du ring entire. . . 
time history responses for Montreal structures 

147 -

148 

149 

150 

151 

-- ""/---1 
7.9 

7.10 

t.Il 

7.12 

7.13 

7.14 

7.15 

7.16 

7.17 

7.18 

1.19 

7.20 

7.21 

7.22 

7.23 ' 

7.24 

7.25 

Summary of hinge types and locations during entire 152 
time history responses for Vancouver structt'Ires 

Envelopes of lateral displacements for Old K=1.3 structure in Montreal 153 
"'- -

Enve[opes of lateral displacements for K=1.~ structure in Montreal 154 

Envelopes of lateral displacements for K=0.7 structure in Montreal 155 

Envelopes of laternl dispIacements for OId K1.3 structure in Vancouver 156 

Envelopes of lateral displacements for K=1.3 structure in Vancouver 157 

Envelopes of lateral dispIacements for K=0.7 structure in Vancouver 158 

Storey drift indices for OId K=1.3 structure in Montreal. 159 

Storey drift indices for OId K=1.3 structure in Montreal. 160 

Storey drift indices for K=0.7 structure in Montreal. . . 

Storey drift indices for Old K=1.3 structure in Vancouver . 

Storey drift indices for K=1.3 structure in Vancouver 

Storey drift indic~ for K=O.7 stTucture in Vancouver 

Estimated curvature ductiIities and plastic hinge rotations . 
for Old K=1.3 structure in Montreal 

Es~i_mated curvature ductilities and plastic hinge rotations. 
for K=1.3 structure in Montreal , 
Estimated curvature ductilities and plastic hinge rotati~ . 
for K=0.7 structure in Montreal 

Estimated curv:lture ductilities and plastic hinge rotations. 
for OId K=1.3 structure in Vancouver ~ 

,--

xi 

o 

161 

162 

163 

164 

165 

" 166 

167 

G 168 



#,.. 7.26 

-
7.27 

7.28 

7.29 ...... 
7.30 

7.31 

7.32 

7.33 

7.34 

10 

Estitnated curvature ductilities and plastic hinge rotations . 
for K=1.3 structure in Vancouver 

Estimated curvature ductiliti~ and plastic hinge rotations . 
for K=O.7 structure in Vancouver 

-
Shear force envelopes for Old K=1.3 structure in Montreal. 

Shear force envelopes for K=1.3 structure in Montreal. 

Shear force envelopes for K=O.7 structure in Montreal. 
. . 

Shear force envelopes for Old K=1.3 str_ucture in Vancouver 

Shear force,envelopes for K=1.3 structure in Vancouver~. . 

Shear force envelopes for Old K=O.7 structure in Vancouver 

Summary of non-linear dynamic analyses for K==1.3 structure 
in Montreal with smaller tolumns 

xii 

.. 

169 

170 

171 

1 ... ') / .. 
ln 

17·' 
175 

176 

177 



\ 

( 

2.1 

4.1 

4.2 

4.3 

6.1 

7.1 

7.2 

7.3 

7.4 

7.5 

A.1 

A.2 

A.3 

LIST OF TABLES 

Peak Ground Accelerations 

Reinforcing Steel Properties 

Concrete properties . .. 

Comparison of Failure Mode and Key Response 'Parameters 

41: Used ta Estimate Damage 

·Peak Ground Accelerations . \ 

Predicted Peak Displacements for Montreal 

Predictëd Peak Displacements for Vancouver. 

Damage Estimates for Montreal Structures. . 

Damage Estimates for Vancouver Structures . 

. ~ 

Distribution of Wind Loading Over Height f~r Montreal Buildings 

Distributi0!1 of Wind Loading Over fIeight for Vancouver Buildings. 

l?istribution of Earthquake Loading Over Height for Montreal Buildings 

25 

57 

-57 

77 

133 

135 

137 

138 

138 

139 

191 

191 

" 192 

A.4 Distribution of Earthquake Loading Over Height for Vancouver Buildings 192 

A.5 

A.6" 

A.7 

A.8 

A.9 

A.lG 

A.II 

Béam 'Bending Moment (kN·m) at Joint A(B) Line 2 
for Montreal K=1.3 Buildings 

<l 

Beam Bending Moment (kN·m) at Joint (A)B Line 2 
for Montreal K=1.3 Buildings . 
Beam ~ending Mornent (kN·m) at Joint B(C) Line 2 
for Montreal K=1.3 Buildings 

Beam Shear Force (kN) at Joint A(B) Line 2. 
for Montreal K=1.3 Buildings 

• lr • 

Bearn Shear Force (kN) at Joint (A)B Line 2, . . .. ... 
"for Montreal K=1.3 Buildings '" 

. , 
Bearn Shear FQrce (kN) at Joint B(C) Line 2. 
for Montreal K=1.3 Buildings 

Exterior Columns Bending Moments (kN·m) 
for Montreal K= 1.3 Buildings . . 

xiii 

'" 

• • • • • • 4' • 

193. 

193 

194 

, 194 

195 

195 

196 

o 

\ 



.. . 

1 

-...... 
. .. 

\ 

.. 

., 
...... 

\ 
.. 

.. 
A.12 Interior Columns Bending Moments (k-N·m) 

for Mont~eal K=1.3 Buildings 

A.13 Exterior Columns Shear Forces (kN) for Montreal K= 1.3 Buildirtgs . 

A.14 Interior Columns Sh~ar Forces (kN) for Montreal K=1.3 Buildings 

A.15 Beam Bending Moment (k~·m) at Joint A(B) Line 2 ..... . 
for Montreal K=0.7 Building' 

~ 

A.16 Bearn Bending Moment (k,N·m) at Joint (A)B Line 2 ..... " 

A.17 

A.18 

A.19 

for Montreal K=0.7 Building '> 

Bearn Bending Moment (kN.m) at Joint B(C~ Line 2 
for Montreal K=0.7 Building 

Bearn Shear Force (kN) at Joint A(B) Line 2 .. 
for Montreal K=0.7 Building Ç) 

Bearn Shear Force (kN) at Joint (A)B Line 2 :-: 
for Montreal K=0.7 Building 

A.20 Bearn Shear Force (kN) at Joint B(C) Line 2. 
for Montreal K=0.7 Building 

A.21 Exterior Columns Bending Moments (kN·m) 
for Montreal K::!O. 7 ~uiIding 

A.22 Interior Columns Bending Moments (kN·m) 
for Montreal K=0.7 Building 

196 

197 

197 

198 

198 
" 

199 

199 

200 

200 

201 

201 

A.23 Exterior Columns Shear Forces (kN) for Montreal K=O.7 Building 202 

A.24 

A.25 

A.2"{L 

A.27 

A.28 -
A.29 

A.3D 

o 

Interior Columns Shear Forces (kN) for Montreal K=0.1 Building. 202 

'Bearn Bend~g Moment (kN·m) at Joint A(B) Line 2 203 
for Vancouver K=1.3 Buildings 

Bearn Bending Moment (kN·m) at Joint (A) B Line 2 
. for Vancouver K=1.3 Buildings - ' -

Bearn Bending Moment (kN·m) at Joint B(C) Line 2 
for Vancouver K=1.3 Buildings 

Bearn Shear Force (kN) at Joint A(B) Line 2. 
for Vancouver K=1.3 Buildings 

. . . . . . . . . . . 
Bearn Shear Force (kN) at Joint (A)B Line 2. 
for Vancouver K=1.3 Buildings. 

Bearn Shear Force (kN) at Joint B( C) Line 2 . 
for Vancouver K=1.3 Buildings 

xiv 

~ " . 

203 • 

204 

204 

205 

205 



( 

( 

c 

A.SI 

A.32 

A.33 

CI 

Exterior Oolumns Bending Moments (kN .m) 
for Vancouver K=i.3 Buildings -

Interior Columns Bending Moments (kN·rn) . . . . • . . . . ... 
for Vancouver K=1'.3 Buildings 

Exterior Columns Sh'ear Forces (kN) for Vancouver K=1.3 Buildings . 

206 

206 

201 

A.34 Interior C~lumns Shear Forces (kN) for Vancouver K=1.3 Buildings. 201 

A.35 Bearn Bending Moment (kN·m) at Joint A(B) Line 2 ... ". .. 208 
for Vancouver K=0.7 Building 

A.37 

Bearn Bending Moment (kN·m) at Joint (A)B Line"'2 
for Vancouver K=-o.7 Building 

Beam Bending Moment (~N.m) at Joi:q~,B(C) Line 2 
for Vancouver K=0.7 Building .l 

A.3s Bearn. Shear Force (kN) at Joint A(B) Line 2. 
for Vancouver K=O.7 Building 

A.39 Bearn Shear Force (kN) at Joint (A)B-Line--2. 
for Vancouver K=O.1 Building 

A.40 Beam Shear Force (kN) at Joint B(C) Line 2. 
for Vancouver K=O.7 Building 

" . . . 
~ 

III • • • • 
1 

A.41 Exterior-Columns Bending Moments (kN·m) . 
for Vancouver K=O.7 Building 

. _. . ,. . . 
. 

A.42 Interior Columns Bending Moments (kN·m) 
for Vancouver K=O.7 Building 

A.43 Exterior Columns Shear Forces (kN) for Vancouver K '0.7 Building. 

208 

209 

209 

210 

210 

211 

211 

212 

A.44 Interior Columns Sheap Forces (kN) for V~couver K=O.7 Building 212 

A,45 

AA6 

Lateral Defiection Envelope under Specified Earthquake . 
and Wind Load, mm, Montreal Buildings 

,Lateral Defiection Envelope under Specified Earthquake . 
and Wind Load, mm, Vancouver Buildings 

, 

xv 

. . , 

213 

213 

'" . 



-
Ali 
Ai 
Au 

a 

~ a(t) 
ao 
al 

b 
bu 
bIt 

bo 
C 

Ce 
Cg 
Cp 
CT 

C 

D 

fi: Rf 
Rw 

d 
db 
du 
Ee 
El 

. E. 
F 
f 

fe 
I! 

fer 
Ici 
fe2 

11:2". •• 
. fii 

.. 1. 
f.u 
lu 

LIST OF SYMBOLS 

area of bar 
amplitude of ,"th contibuting sinusoid to earthquake motion 
area of transverse reinforcement within distanse s 
peak horizontal ground acceleration; maximum aggregate size 
ground acceleration 
scalar multiplier 
scalar multiplier 
total web width 
web width resisting shear 
width of confined core measured to outside of hoops 
width of shear flow p~th in a beam subjected to torsion 
damping matrix 
exposure factor 
gust factor 
external pressure coefficient 
tangent damping matrix 
distance from.extreme compression fibre to neutral axis 
dead load 
damage ratio 
damage threshold of 0.5% 
damage threshold of 50% 
window damage ratio 
effective dèpth 
nominal diameter of a bar 

• 

effective shear .depth which can he taken equal to the flexural lever arm 
modulus of elasticity of concrete 
flexural stiffness 
modulus of elasticity of reinforcement 
foundation factor 
element local flexihility matrix 
compressive stress in concrete 
crushing stress of concrete cylender 
cracking stress of concrete 0 

average principaf tensile stress in concrete 
principal compres~ive stress in concrete 
maximum possible value of fe2 
flexibility influence coefficient 
steel stress 
steel stress at ultimate 
tensile stress in trans~erSe reinforcement 
\.. 

xvi 



-( 9 
l 

\~ I(t) 
K 

K 
kG 

KT 
kT 
kT 

k TO 
k'P , 

L 
Id 

Idu 

M 
·M 

Mer 
Mel 

M maz 

Mu 
Mil ( 

m 
m· -' 

mpf 
N 

(. Np 
Nt) 

""" p. 
4 

q 
r 
r" 
r 
r 

rg 
s 
s 

Si 
SL 

( 
SNL 

acceleration due to gravit y 
importance factor ' 
intensity function 

d 

facior' which refiects the type of construction, ductility and ability tç' 
dissipate energy ~ 

factor used in Equation 5.6 
element geometric ~tiffness 
structure global tangent stiffness matrix 
elem~nl local tangent stiffnèss matrix 
combined element tangent stiffness matrix 
element tangent stiffness matrix at the beginning of a step 
stiffness of r70;;::-nnear fiexural spring acting at end i 
live load 
development length - distance beyond any section a reinforcing bar must 
extend in order to develop a given force at that section 
development length at the ultimate stress 
bending moment; magnitude of earthquakes on the Richter sc ale 
mass matrix 
cracking moment 
elastic moment 
maximum ben ding moment 
ultimate moment 
yielding moment 
integer; constant; factor used in Equation 5.3 

.. mass 
modal participation factor 
axial force 
axial force calculated from plane sections analysis 
axial compression on ctmcrete due to shear 
external pressure coefficient . ' 
torsiQnal shear flow 
reference velocity pressure 

~ factor used in Equation 5.3 
acceleration vector 
velocity vector 
displacement vector 
ground acceleration ,r-

seismic response factor 
external force vector 
element force aJ; beginning of cycle i 

.. 
\ 

linear element force vecto& based on state .of element at the beginning of 
the step , 

non-linear force vector which accounts for changes in element tangent 
stiffness 

xvii 



Su - S" 
S 

Sil 

Sml 

Sm" 

5mB 

T 

Tdecall 

T" 

T,.ue 
T~uata'f'\ed 

t 
U .. 

V 
V 

, V 
\ 
1 V \ 

~\ Vci 

\w 
\ 
,~ - W 

-- Z 
Za 

Z" 
Z" 

6, 

6,.: 

ÂI 

Â' 1 

Âa 

Ât 

81 
olu 

fc 

fc "' •• 

fer 

EC'DP ,- Eco 

fI 
~ 

J 

, 

. . . , 
unbalanced force vector resulting from change in element stiQEess state 
element force at yield 
spacing of tranverse reinforcement; factor used in Equation 5.3 
spacing of hoops 
spacing of transverse cracks 
spacing of longitudinal cracks 
spacing of cracks i~clined at 0 
period of vibration; tension 
decay time of earthquake motion 
period of nt Il normal mode 
rising time of earthquake motion 
sustained strong motion duration 
time 
bond stress -
l~teral seismic force 
shear force 
peak horizontal ground velocity 
zonal velocity ratio 
shear stress on crack face 
weight 
wind load 
crackwidth 

1 

slope of assumed linear falling branch of concrete sress~strain curve 
acceleration related zone 
velocity related zone 
distance from critical section of a beanl to the point of contraflexure 
incrementj interstorey drift; drift index 
ratio of interstorey drift to storey height corresponding to DRc 
component of the tip deflection of specimen tested correspending 1.0 fJcx~ 
urai yielding . 

- \ 

component of the tip deflection of specimen tested associated with shear 
distortion of the joint together with bond slip of the flexural bars anchl>red 
into the joint 
component of the tip defiection of specimen tested corresponding to HIII:a.r 

distortion 
ratio of interstorey drift to storey height carresponding ta D Re 
beam crack opening at the level of the longitudinal steel 
beam crack opening at the level of the longitudinal steel at ultimaf.e 
concrete strain 
maXimum strain at which concrete is assumed to crush 
cracking st;ain of conerete 
top fibre strain 
cylinder compressive strain at peak cylinder stress 
longi tudinal strain 

xviii 



." 

, f/lftl~ t\ 
f, 

E.h 

..:E,u 

fu '. 

..... ft! 

E-11 

El 

E2 

f:iOc 

ESOh 

ESOu 

Il, 
J.L; 
J.Le 
Wi 

l/l 
l/li 

if>u 
~U 
p, 

8 

Omaz 
( 

8u 

(Ju 

en 
• 

c 
. . 

longitudinal tensile strain at mid-depth of member 
steel strain 
commencement of strain hardening 
strain in steel at ultjmate moment 
ultimate strain 
tensile strain in tranverse steel 
steel yield strain 
average principal tensile strain in concrete . 
avèrage principal compressive strain in concrete 

, strain factor used in Equation 5.1 
strain factor used in Equation 5.1 
strain factor used in.Equation 5.1 
proportionàlity factor used in Equation 6.6 
curvature· ductility demand 
rotational ductility demand 
undamped natural circular frequency 
curvature , 

.' 

phase angle of i th conti~uting sinusoid to earthquake motion 
ul timate curvature 
yield curvature 

\ 

ratio of volume of tranverse confining steel to volume of concret~ core 
measured to outside of hoops 
rotation; angle of inclination of principal compressive stresses in concrete 
maximum rotation 1 

ultimate rotation ~ / • 
yield rotation / 
dàmping ratio 
end of algorithm .. 

1 

xix 

o 



-

\ 

.. 
~ 

CHAPTER 1 

INTROOUC~TtÙN 

, ' " ~ . .. .,., t p. 

E~thquake reslstant design provides.,a gte~t challenge fol structural engin('<:\s, ~~~~ ... ,,, ," 
. . 

As Newmark and Rosenblueth [1] point out "Earthquake effects on strurtun',s ::;ys-

tematically bring out the mistakes made in design and con~uction, cven the miü-: 

ute~t mistakes." Lessons learned fro9 past earthqu~kes such as~,tn Francisco (190(i), '.:'.:. 

.Long Beach (1933), El Centro (1940), Alaska (1964), Caracas (196ï) and Mana~\1a ' 

(1972) have had a profoùnd effect on North American codes. The recent 1985 Mexica.n 
~ 

earthquake further highlighted deficiencies in building co~ and re~ulted in cmergcIl~Y .., 
changes to the Mexican building codes. 

Experimental research on the reversed cyelic loading response of building CDmp~ 

nents together with the recent development of non-linear dynamic analysis prograrns 

have provided basic tools for predicting the complete response of structures to strong 

ground motion. AIthough experiences from actual earthquakes provlde the real test 

of building codes,. the advent of these new analytical tools provide a means of eval­

uating design practice. The 1985 -National Building Code of Canada [2] introducèd 

new seismic zoning maps baSed on two ~arameters, the horizontal acceleration and 

the horizontal velocity_ The 1984 Canadian Con crete Code [31 introduced new seismic 
, . 

design and detailing requirements for reinforced con crete structures. The design pro­

visions for ductile moment 'resisting frame members were revised and neY! provision:; 

were presented for members with "nominal 'iiuctility". Figure 1.1 summarizes sorne of 

the detailing requirements for the beams and columns corresponding to the lcvcl of 

"ductility" chosen in the design. The factor, K, reRects the type of construction, the 

~ree of ductility and the energy dissipating ca:pacity. In' the light of thes~ recent code 
~ 

changes there is a need for- research i·n order to provide (he following: a) experirnenta~ 
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Fig.1.1 Summary of detailing requirements for beams and columns 

response' data on large scale specimens designed and detailed according to the 1984 

. Canadian Concrete Code. b) non-linear response predictions of structures designed in . .., 
-

different Canadian seismic zones with different levels of ductilitY. '1/ 

1.1 PREVIOUS RESEARCH 

In the field of earthquake engineering thousands of papers have been written-on . 
various subjects and research is still underway in many countries. The brief summary 

of previous research presented in this section will be restricted to research programmes 

'which ha~ had a direct influence on North American codes as,weJl as on this research 

programme. 
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Seismic Risk Anâlysis and SeiS'mic Zoning 
,7 

... t./ ~ 

The times of occurrence, the sizes and the locations of future earthquakes are un-

certai~ an~ therefore should be described in ~ic terms. The seismic zonÎng 

map introduceâ in the 1953 edit ion of the National Building Code [41 was only qualita­

tive and based oJiIy on historicai considerations:- The first prohabilistic seismic zoning 
o 

map was introduced in the 197b edition of the éode [5]. This mup developed from tlw 

work of Milne and Davenport [6], was based on the extreme value method and only 
...l~q 

- the recùrrence ·time was treated as a random variable. The seismic zoni!1g maps, b.l.:;~1 

on the Cornell method [7], given in the 1985 edition of National Building Code [21 

represent a major departure from the' previous code. Different rÎlaps are pr~sentcd for 

peak horizontal ground acceleration and peak-horizontal velocity, having a probability 

bf exc'eedance of JO% in 50 years. The provision of two ~arameters (i.e., accelerati~n 
and velocity) for each location in Canada provides a more refined regional distinction 

and also,provides a means of distinguishing between short and long period structural 

responses. More details on seismic risk analysis are given in Chapter 2 . ., 

1.1.'2 Reversed Cyclic Loading Tests of Reinforced Concrete co"\.:nents 

Quasi-stati.c reversed cyclic loading tests have been used' to study the gencral 

responses of members un der earthquake loading. -Mahin and Bertero [8] have shown 

tkat the strain rate does not significantly affect the stiffness, the strength, the ductility 
- /' 

nor the overall energy dissipating ability of reinforeed conerete members. Renee quasi­

statk rev~fsed eyelic loading tests are used to study the seismie résponses of building 

c{)mpo~nts. . 

Earf9. tests on beam-eolumn connections were carried out, by the Portland Cernent 

,Assoc!ation and the University of Illinois in 1960 [9]. ~hese experiments dearly demon­

strate'd theoenefit; of confinement on the hysteretie response of beaffiB. Thcse tests 

however failed to simulate the eomplex behaviour of the beam-eolumn joint region. 

Ma, Bertero and Popov [10,11] reported the' results of a ~eries of tests carried out 

at ,the University of California at Berkeley on beaffi,-column sub-assemblages. Sorne 
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o of the test specimens included part of the slabs. Failure -of the test specimens were 

either due to buckling of the bottom longitudinal bars and subsequent loss of load 

carrying capacity or due to loss of shear transfer across full depth 'open cracks in the 

beam. They concluded that the effect of the presence of tpe slab was to increase the 

negative moment capacity, which led to greater energy dissipation per cycle than was 

achieved in specimens without slabs. Increased compressive and sh6~r forces due to the 

'.. presence of the sl,abs were found to promote early buckling of the bottom longitudinal 

\ 

, 
bMS as wc!! as to aggravate shear degradation. Supplementary ties in the beams to 

support compressed longitudinal bars increased the energy dissipation capacity. It 

was also found by the authors that the amount of bottom longitudinal steel had a 

significant effect on the energy dissipation capacity of the sections. They suggested 

that to improve the energy dissipation capacity of frames the ratio of corppressive 
.. ..... 

rein forcement to tensile 'reinforcement shaH not be less than 0.75. The advantaje of 

designing beams in frames with larger positive moment capacity has also been pomted 

out by Paulay [12]. Ma, Bertero and POI?ov also presented a detailed discussion of the 

cffects of high shear in critical flexural regions. The pinching effect induced by high 

shear on the load-displ~cement relationship was clearly highfighted by the authors: A 

reduction in the energy dissipation capadty of more than 66% and a reduction in the 
o 

plastic hmge rotation capacity of 30% occurred due to the presence of high shear. 

Park [13J suggested that each beam bar in compression regions should be sup­

ported laterally by a c-orner of a tie. He recommended that the sp'1.cing of stirrup ties' 

surroupding compression steel bars should not exceed six times the lnameter of the 

longitudinal bar in order to prevent buckling of the longitudinal bars in plastic hinge
o 

zones. 

Kent and Park [14J studied the influence of size anq spacing of transverse ties 

in columns on the çonfinement of the concret.e core of the column. Th~y proposed an 

, equation to modify the post peak stress-strain relationship of the concrete as a function 

of tie reinforcement ratio. Sheikh and Uzumeri [15) conducted a series of tests in 
~ '1 

which both the transverse reinforcement layout as weIl as the longitudinal reinforcement 
Q 

were varied. They found that both of these variables have a significant effect ono the 
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confinement which could result in an increase in strength as well as ductility. 

Uzumeri [16] at the University of Toronto and Uzumeri and Seckin [171 h,\,Vt~ pt'jr­

formed a series of tests on beam-column connections to study tilt' cff('ct of tht' joint. 

behaviour on the response ·of the sub-assemblages. The authors ronc\udt'd from tht' 

results of tests on nine full-scale specimens that: 1) the energy dissipctt.ion CclPclCil.y 

of beam-column sub-assemblages is dependent on the anchoragc clnd cOllfillt'IIWll t. 1'10-

vMed by the joint ties which therefore should be fully anchored in tlH' fOrt', '2) t.llt' 
o 

a:ssumption of rigid beam-column connections can lead to erroncolls rcsuIts 111 irj(·I.L"t.i( 

,dynamic analysis of reinforced concrete frame structures, 3) the ductility ,t( hit'v('d hy 

the test specimens is affected by the strain in the joint ties, 4) the yiclding of tht· jOlllt 

steel should be prevented, and 5) the 450 truss analogy for the design of joint slwar 

reinforcemen~ dq~s not predict the behaviour of the joint weil. 

Park and Paulay [13,18] give an excellent sumrnary of the behavioural a..'ilwrt.s 

of beam-column joints. Paulay, Park and Priestley [19] discussed the contributioll o[ 

joint shear reinforcement and inclined concrete compressive struts on the jOlJlt. sh(ljll 
) 

resistance. Due to the yield penetration into t:he joint under cyelic loading it Wc!.!, 

suggested that the contribution of the concrete to the shear resistance of Uw Joint 

sho~e ?eglected. It was aiso suggest~d that, in order to Iimit bond slip, the dia.rnetPr 

of the beam longitudinal bars p<\§sing through the joint should be limit.!'d to 1/'2;) 01 

the column depth. 

Zhu and Jirsa [20] studied the bond deterioration in bearn-column jomts .and f('r-

ommended .that the beam bar diameter not exceed about 1/20 of the coll1mn wirlt.h 

and that the column bar diameter not exceed 1/22 of the beam depth . . 
There are still sorne uncertaintie'S &. determining the effective width of the !loor 

slabs and in particular the amount of slab reinfôrcement participating in the develop-

o ment of the flexural capacity of beams. Large differences in the measurcd and predictl~d 

responses of a seven-storey, one-fifth sca}e reinforced concrete frame-wall morIel tested 

under the U.S.-Japan Cooperative Research Prograrn at the Univl'fslty of C~l.ltforni.l. 

at Berkeley [21) were attributed to the participation of the slab in the rcsistanœ of 

the mode!. In the past few years sorne studies have been undertaken to in vestigate t.he 
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bchaviour of beam-column sub-assemblages with slabs and transverse beams. Ehsani 

and Wight [22,23,241 observed that t~ improved confinement provided by transverse 

beams prevented the pullout of the beam longitudinal bars. The authors no'ted that 

the ratio of columnllexuraI strength to beam fle~uraI strength may be over estirnated 

by neglecting the contribution of the slab reinforcement in negatiye bending. It was 
Q , 

suggestp...d that the effective width of the slab in tension be taken at least equal to the 
, ,-

width of the beam on each side of -the column and that the ratio of the column flexural 
" 

strength to beam flexural strength be no less than 1.4. 

Hawkins and Lin, [25J studied the reversed cyclic loading bond characteristics of 

reinforcin,g bars anchored in joints_ They concluded that the deformations in joints 

must be considered and that tpe bond slip can be modelled by a rigid bedy rotation 

of the beam at the colmtl1l face. They concluded that the bond-slip characteristics 

for bars are as i~portant as their stress-strain -cllaracteristÏcs in rnodelling m~mber 

response. 

1.1.3 Non-Linear Dynamic Analyses 9f Reinforced Concrete Structures 

Non-linear dynamic analysis frame programs have been used to study the response 

of structures to earthquake loadings. These programs -8se beam elements with concen-

o trated non-linear springs IOé~t~d at their ends. These springs are usually assLgned sorne 

empirically derived hysteretic behavioâr in the forrn of Ioad-response rules. These Ioad­

response ruIes were typically determined from e.,,<periments. A few of the hysteretic 

models for reinforced concrete mernbers are described below: 

,a) Bi-/inear mode! - In the early stage of development elastic-perfectly plastic 

models which were successfully" used to model steel members had also been i!-pplied 

to reinforced con crete structures. The imprbve~ent of this model by assigning a finite 

slope to the post yielding stiffness resulted in the bi-linear model as shown in Fig. 1.2 a. 

This model does not represent the degradation of the loading and unloading stiffnesses 

afler yielding and therefore overestimates the energy dissipating capacity of reinforced 

concrete members. This model can be fully described by three load-response rules as 
-

shown in the figure. 
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Fig. 1.2 Moment-Rotation hysteresis mod~s" ~ -' 

yeletsos and Newmark [26] have used the elasto-plastic model in the analysis of a 

single degr.:ee of freedom system. They found that the maximum displacemcnt of this 

simple inelastic system was practically the same as that of an eJastic system. 

Mahin at;ld Bertero f27j have u'sed the bi-/inear model in th~analY5es of the re-
, . 

sponse of the following structures; 1) the Charaima building- in Caracas, an clev(!n­

storey moment resisting fram\ which partially·collapsed during the 1!)67 Venezuelan 

earthquake,2) the Olive View IThspital Main Building, â mixed structural system that 

suffered extensive damage dUT~ng the 1971 San Fernando earthquake, and 3) the Danco 

de America building ln Managu.a, an eighteen-starey b,uilding which had four sh(!ar 

wall cores as the principallateral force Tesisting system and which sustained moderatc 

damage to the core tie girders during the 1972 ~icaragua earthquake. Th~ authors 
, 

have tried to reconcile the analytical findings with the actual damage observed in the 

buildings after these earthquakes.' Tpey concluded that dynamic analyses can providc 
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additional information regarding the seismic response (e.g., displacements; interstorey 

drifts, maximum and residual inelastic deformations) not obtainable with convention al 

methods such as static analysis (linear or non-linear) or dynamic elastic analysis. "They 

obtained better predictions of the performance of the buildings studied from the inelas­

tic -dynamic analyses than"ttom the elastic analyses. The authors concluded however 

o that in this type of analyses considerable engineering judgement was required in the 
.1' '. 

following three areas: 1) modeling member mechanical characteristics, 2) estimating 

the energy dissipation capacity of the critical regions, and 3) selec,ing critical ground 

, motions . 

Clough, Benuska and Wilson [28,29] have used the bi-linear model in their study 

of the non-linear dynamic behaviour of il- twenty-storey reinforced concrete structure 

in which the relati"\e strengths' of the beams and the columns were varied. The struc­

t1,lre was subjected to the accelerogram for the North-South component of the 1940 'El 

Centro earthquake. Sorne of the design co~ns from this study are: 1) A "weak 

girder - strong coluron" philosophy is preferred in order to arrive at reasonable duc-, 

tility demands. The formation of plastic hinges in the beams does not seriously affect 

the vertical load carrying capacity of the structure. The formation of plaitic hinges 

in the co lurons could lead to collapse of the structure. 2) Avoid localized zones' of 

weakness in the structure because aIl of the inelastic action could take place in these 

locations, with the remainder of th~ structure remaining essentially elastic. A more 

appropriate structure, capable of absorbing more energy, would have a more uniform 

distribution of strength and stiffness such that yielding is more uniformly distributed 

over the structure. The same conclusions were arrived at br Park and Pê-u1ay [lSj 

from their static collapse analyses of reinforced concrete frame structures. Paulay [30] 

reported the inelastic dynamic respons'es of three prototype frames designed according 

to New-Zealand capacity design procedures in or der to evaI'uate the adequacy of these 
~ Q 

procedures. Load- respgnse rfllationships were represented by elastic-perfectly plastic 

hysteresis loops without allowance for stiffness degradation . 

. b) Clough's degrading stiffness moclel - The e~ly PCA concrete frame tests [9} 
<:. • \ - ~ 

demonstrated that reinforceq ~onc~ete members have ~ complet.ely different form of post 
, , 
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yielding response than the bi-linear model. Based on these tests, Clough and Johnslon 

[311 proposed a model which could be completely described by six load-response fuIes. 

The first three rules are essentially the same as the elasto-plastic system, howcver 

after yielding the reloading stiffness is ass~med to pass through the prcvious m.l .. ximulll 

response point. The energy dissipating capacity of this model is rcduced signilkantly 

as can be seen by comparing Fig. 1.2 ~ and 1.2 b. A post yielding Rnite slope can be 

easily added to this mode!. 

Clough and Johnston concluded from their study that: 1) The ductility requif(~­

ments of systems mode lIed with degrading stiffness are not different [rom thosc obtained 

from the elasto-plastic models except for structures having a period of vibra~ioll less 

than 0.5 sec. 2) Systems modelled with degrading stiffnesB, representative of reinforced 

concrete f~ame members, have significantly different earthquake response charader­

istics from systems with elasto-plastic models. 3) The principal effect of the hm of 

stiffness resulting from yield 'deformations is an increase in period of vibration, modi­

fying the response behaviour for long period structures and increasing the amplitude 

of displacements for short period structures . 

Clough [32] compared the response of a large scal~, two-storey reinforced concret!! 

frame structure to.,the r~sponse predicted by both the bi-linear and the Clough dcgrad-., . 
ing stiffnes~ modeis. The structure was tested on a shaking table and was suhjected tü 

the Taft 1952 earthquake motion [33]. He concluded that the degrading stiffness models 

gave a better representation of the response but noted that although good agreement 

was ohtained further significant improvements could be made. 
o 

c) Takeda 's degrading stiffness model - A more refined hysteresis mode! was devc!-
~ 

oped by l'akeda, Sozen and Nieisen [34] on-the basis of experimenta! observations con~ 

ducted at the University of Illinois. This improved model introduccd stiffness change 

at flexural cracking and yie!ding, strain hardening p~t flexural yielding and an un­

loading stiffness which reduced as an exponentiai function of ~hc previous maximum . -
deformation. The sèt of 16 rules presented by the authors included detalled ru les for 

load reversais (see Fig. 1.2 c). 
, 

Otani and Sozen [351 simplified the 'Takeda mode! by removing the change of . .. 
9 
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stiffness at cracking of the concrete. Litton [36] and Powell [371 modified the Takeda 

model by aiso removing the chànge in stiffness at cracking and in addition 'introduced a 

reduction of the unloading stiffness by an amount which depends on the'largest previous 

hinge rotation and a variable reloading stiffness which is larger than that of the Takeda 

model and which depends on the past loading history (see Fig. 1.3). 

Otani and Sozen [35] compared the response of small scale three-storey one bay 

reinforced concrete frames that were tested on the University of Illinois earthquake 

simulator with their predictions using the Takeda mode!. They approximated member­

end' 'rotation due to bar slip with a concentrated hinge ât the member end with load­

deformation following a simplified bi-linear Takeda model without pinching. They 

found that the analytical model simulated the large amplitude oscillations weIl but 

failed to simulate the medium to low. amplitude oscillations. They concluded that 

pinching ~f the hysteresis response curve due to bar slip and shek distortion needs to 

be incorporated in the aaalyticai models. 

Litton [36) rompared responses of the two-storey, one bay reinforced concrete frame 
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that had been investigated by Clough [32,33) with the predictions' usihg their modificd 

Takeda model and the basic Takeda model. It was found tnat the l!1aximum ampli­

tude prediction was within 4% but the response predictions, although~-~ood at larg(' 

amplitude oscillations, were p'bor at low-amplitude oscillations using the basic T,lk('da 

model. Th~ predictions using the modified Takeda model were less accuratc than wilh ,_ 

the basic Takeda model. The author concluded that further research was req\lin'd 

before recommendations cou Id be madè on the use of either model. 

A large number of interesting hysteresis modelt'j have been proposed in addition ta 

the ones described above, particularly in Japan. Umemura and Takizawa [38] dnel Ot.ani 

[39] have presented a v,ery detailed and informative survey on the subject. One of tlH' 
-

most interesting one is due to Takayanagi and Schnobrich [401. They incorporated the 

effect of axial load variation in the Takeda model as weIl as pinching of tIlt' curve .tnd 
o 

a strength degradation feature. Takayanagi and Schnobrich campared t.hp f('sponses of 

ten-storey coupled shear walls that were tesred on the University of Illinoi~ t'arthquake 

simulator [411 with their predictions using their modified Takeda mode!. TIH' T.lkeda-. 
Takayanagi model with changing axial force was used far the wall clement and the 

beam elements were modeled with the pinched model with a finite strcngth decilY. The 
4 

authors found-that the predictions compated very weB with the observed rcsponses. 

Recent analyses offrame-wall structures were carried aut by Corley and Saatcioglu 

[42}. They used the Takeda-Takayanagi model with varying yield levels depending on 

the axialload acting on the walls. They studied the effects of axial load on the walls, 

pin ching of the hysteretic response and shear yielding level. 

Although non-linear dynamic ~nalysis is mainly an analysis tool, guidance for ils 

use in design is given by Fintel and Gosh [43]. This explicit inelastic design procedure -

attempts to investigate both the serviceability un der the "design" earth'quakc and safcty 

under the "hypothetical maximum credible" earthquake. Examples of applications of 

this procedure are given in References [44] and [45). 

11 
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1.2 OBJECTIVES " 

The objective of this research program is to evaluate the seismiè performance of 

reinforced concrete frame structures in two differe~t regions of Ca.nada. In" particular 

the influence of design and detailing approaches is investigated. In order to meet this 

objective the following steps are taken: . 
1) A series of acceleration-time histories are generated fQr the Montreal and Vancou-

ver reglons. 

2) A series of six-storey reinforced concrete frame structures are designed with differ­

ent levets of ductility (K=O.7, K=1.3, K=2.0) for Montreal and Vancouver. The 

designs are carried out according to the 1985 National Building Code of Canada 

and the 1984 CSA Con crete Code. 

3) Full scale sub-asS'emblages representing the exterior second storey beam-cohirnri 
1 

connection with the three levels of ductility are tested. These sub-assemblages 

include part of the spandrel beams and the Hoor slab. Th.!1purpose of these tests 

is to study the reversed cyelie loading response of building components designed 

and detailed according to the latest code. 
o 

4) AnalyticaI tools are developed to predict the test results. These analytical tools 

are then used to predict the responses of the building meD;lbers. 

5) In order to appropriately model the strength and stiffness degradation , as well as 
. ' 

the pinching of the hysteresis response, a hysteresis model is developed and incor-

porated in the general purpose non-linear dynamic analysis program - DRAIN-2D 

[37J. 

6) Each of the six structures is analyzed for a series of acceleration-time histories 
/> " 

using DRAIN-2D [37j. Four separate acceleration time history are scaled to three 

different le'Yels of peak ground 'acceleratioÎl" corresponding to "service"', "design" 

and "ultimate" levels. 

7) The results from the 72 time ~istory analyses are evaluated in order to assess the 

structural damage, the ductility demand on the members and to provide a me ans 

of assessing the code design and detailing requirements. 
• 

12 



... ... 

-, 

0-

The study is liIl)Ïted to symmetric frame structures founded on stiff soil. The struc­

tures are analyzed as two-dimensional frames with infinitely rigid floor diaphragms. -The 

effects of aU non-structural components are neglected in the analyses. Plastic hinges 

-are assumed to form only at member ends. 

The response predictions incIude the effects of: 

1) bond-slip of reinforcing bars" anchored in the joint region, 

2) joint she~ distortion, 

3) shear d~'rmations of beams, 

4) strain hardening of steel reinforcement, 

5) effects of confinemènt on the stress-strain r.elationship of concrete, 

6) participation of the slab reinforcement in the response, 
o 

7) strength degradation, stiffness degradation and pinching effects in the non-lin('lu 

anao/ses. 
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CHAPTE~2 

CANADIAN SEISMICITY 

AND GENERATION OF ACCE4EROGRAMS 

2.1 SEISMIC RISK ANAlYSIS 

, 
Brief summaries of two well-known seismic risk analysis methods used to develop 
'. ~ 

the seismic zoning maps in Canada are preserited below. 

2.1.1 Extreme Value Metpod - Milne and Davenport 

The seismic zoning map used in the 1970 National Building Code of Canada (5) 

was based on the work of Milne and Davenport [6] and Witham, Milne and Smith [46], 

who used the extreme value method. The procedure followed in the 4erivation of this 

map is as follows: 
~ . 

a) Based on historical data the probability of future ground motion occurrence at a 

given location is assumed equal to the average frequency in the pasto .. 
b) A suitable attenuation law is assumed (e.g., Peak ground acceleration as a function 

o 

of both mignitude and hypocentral distance). 

c) A relationship between acceleration versus probability of exceedance in any given 

year is assumed . 

. d} Peak ground accelerations having a probabiÎity of e.'Cceedanee of 0.01 per annum 

(corresponding to 40% probahility of exceedance in 50 yeaxs) were computed for 

a large number of locations throughout Canada. 

e) The resulting contours were used to produce fo~~smic risk zones (see Fig. 2.1). 
1 ~ ". -
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Although the recurrence time is treated probabilistically in this rncthod the randorn 
-

nature of the location and the size is not accounted for. One dç,ficiency of maps derived 

with this method is that any change in either size or location can signi,ficantly alter the 

risk estimates. 
• 

2.1.2 Point Source Model - Corne/l Method 

The seisDtic zoning maps of the 1985 National Building Code of Canada !2} were 

derived based on the point source model tleveloped by Cornell [7]. In essence the Corne/l 

method combines information about times of occurrence of earthqua~es, areal seismic 

activity supplemented by geological evidence and attenuatjon of motion intensity with 

J 4istance, to give in probabilistic terms the seismic risk at a si~e. A complete analysis 
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includes the following four steps: 
, 

a) Point, Hne or areal seismic sources are identified, based on seismic history as weIl 

as on geolog-ical evidence. 

b) A recurrence relationship is obtained or developed for each potential source. The 

relationship could be linear, bi-linear or truncated or non-linear. 

c) Forecasting future events .is made by using a Poisson model. The Po~sson model 

.. implies independence of arrivaI of the events, which have been found to be ~pli­

cable on a worldwide basis ,but not on a regional one. 

di A suitahle attenuation relationship linking a p~ motion parameter (Le., eàrth­

quake intensity, peak acceleiation, velocity or displacement) is used to obtain the 

probable motion parameter at a site. The scatter of the peak motion parameters 
&-' however Ï"s very large. 

Such -an analysis for a site would give for example a plot of peak motion char­

acteristic (i.e., magnitude, accel~ration, velocity or displacement) versus mean return 

p~riod. Fig 2.2 presents the process fonowed to derive seismÏc zoning maps. Combin­

ing the resll1ts from a number of site risk analyses one can develop seismic probability .. 
maps or seismic zoning maps. The maps developed.with the method have the following 

advantages: Lk.. 
a) They account for randomness of times of occurrence, sizes and locations liased~~ 

freqlJ,ency of occurrence of various leveIs of seismic events. 

b) They inëlude 'aU available seismologièal data for potential sources. 

, c) The probabilistic state~nt of the seismic parameters (i.e., magnitude, peak hor-
r 

izontal acceleration, peak horizontal velocity) at a site gives the engineer an esti-
~ 

mate of the ris)c associated with it. 

d) Probable peak horizontal acceleration and velo city can be estimated corresponding ..... 
to the economic life of a structure. 

e) An additional advantage of the method is the possibility to conduct sensitivity . 
studies by varying the basic parameters used in the analysis [47,48J (see referenc~ 

[49] for such an application in Canada). Cornell added the possibility ofrestricting--

the risk analysis t~es presenting only damage threat at a site. 
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Up to the present time the durJ),tion '~f motion has not been included in the list 

of peak motion parameters. Another important motion parameter, the grbund dis­

i?Jacement, has not been used due 00 cons~derable scatter in the current attenuation 

, relationships. This is unfortunate since both duration and displacement are of consid-

erable Importance in assessing structural performance. ~ 

2.2 THE 1985 SEISMIC ZONING MAP OF eANADA 

To develop the new seisIllic zoning maps the country was dlvi~d into a grid 
\::) --

of points. In addition the country and adjacent' regions were divided }nto zones of 

earthquake occurrence. Wherever possible the boundaries of these zones were defined 

,on the basis of. geological and tectonic features. Figure 2.3 illustrates the zones of 

carthquake occurrence for the seismically active regions of Eastern Canada. In the 

absence of cIearly defined active fault systems the zones were based on the distribution 
, -

of-histoncal seismicity. On the west coast there are clear~y defined major fault systems 

as shown in Fig. 2.4. In the derivation of the,maps different attenuation laws were used 

[or Eastern and Western Canada to acco,unt for the much greater attenuation in Western 

Canada. Upper limits of magnitude were set d~terministicémy for each zone. The 

resulting contours of peak horizontal accelerations and velocity, having a probability 

""of exceedance of 10% in 50 years, were used to divide the country into seven seismic 

zones (see Fig. 2.5). The' peak horiz~ntal acceleration, a, and the peak horizon~al 

velocity, v, give us inf~rmation on both the distance from the anticipated earthquake 

sources and the frequency content of the motions. High frequency components of the 

~otion (acceleration) attenuate more rapidly than lower ones (velocity, displacement). 

Therefore knowing the ratio of' velocity to acceleration gives us an idea .. about the 
~ -

distances from the source. That is, the higher the 11/ a ratio, the greater the distance 

from the source. Since longer pex:iod structure~ are more affected by velocity, the higher 

the v/a ratio, the greater the influence on taller' structures. Figure 2.6 illustrates the 
'. 

~ v 

effeds of ~elocity and acceleration ratios of different sites on the response spectra. A 

large v/a ratio indicates that the region is influeric~d by large earthquakes at great 

18 

a 

o 



1. 

-

.­o. 

Q 

_ .. --

" 

\. " 

"'OH1 tI~ liN 
.... ,·rAI AI IfI~N 

® .. ~ fi 

• ~ S ,.. -= ft, "nu tfl ~O 
• " S ... < I!t llnr. t ~? ... 
.. 'S .. < .. ,ln"e '9&0 
• III < , l'nc. tVm 

.~-

't 

Fig.2.3 Zones of earthquake occurrence and magnitudes (M) of carthquakt':,j in 
Easter~ Canada [49] 

\ -

distances (e.g., Prince Rupert with via = 2). A 10W V/iL ratio (e.g., Mont.re.t1 wiLh 

v / a~ = 0.5) indicates that the region is infiueni:ed by !yoderate earthquakes c1ose-by. 

2.3 GENERATION OF ACCElEROGRAMS 

Non-linear dynamic analysis of structures is typically carried out wit.h a number 

of different accelerograms. It has been demonstrated by Powell and Row [501 and by 

Biggs, Hansen and Holley [51] that the computed inelastic response of ffiulti-degree of 

freedom systems vary greatly for different acceleration.time-histories, evcn though the 

. time histories have similar characteristics. It il'1 generally agreed that the use of seyeraJ 

accelerograms is necessary in or der to adequately assess the non-linear dynamic perfor­

mance of structures. For example Tao and Guru [52] have-suggcstcd that a minimum 

of eight records would provide a good estimate of the me an maximum rcaponsc. The 

Applied Technolo~ Council [53j suggests that four or five time histories be tlscd. ln 

their proposed 14Explicit Inelastic Design Procedure", Fintcl and Ghosh [~3J suggest 
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that one or more earthquake acceler()grams he selected from a numher of records which 

"ha.ve frequencies with a potential to critically excite the structure". They further point 
-

out that the accelerogram that produces the maximum displacement is not necessarily 

the one which causes the largest forces in the memhers. 

~ Newmark and Hall 154] streSsoo that, in the past, too much emphasis was placed 

( on the peak horizontal ground acceleration. They have shown that high frequency" 
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Fig. 2.6 Representative variéJ,tion of response spectra for four different locations 
in Canada. 

spikes of acceleration do not signifkantly influence the response-of structures and that 

. ~trong energy content (related to velocity) is one of the most important parameters 

inflllencing the amount of damage. The use of both acceleration ~nd velocity by code 

writinjl bodies [2,531 recognizes the important effects of velocity on the response. 

rît must be emphasized that no strong ~otion records are available for any region of 
J 

Canada or the Eastern United States. It is therefore necessary to artificially generate 

a number of different acceleration time-histories. The computer program SIMQKE 

155,56,571 is used to generate a series of spectrum compatible accelerograms. The 

generation is based on the concept that the motion consists of a summation of a large 

number, n, _of random oscillatory functions of time. While the amplitude, Ai, of each 

oséillatory function is dependent on the target response spectrum, the phase angle, 

cP., is chosen randomTy over the interval 0 to 211j. The basic equation describing the 
1 r 

summatiqn is given by: 

n 

a(t) = l(t) L A, sin(2?rw,t + tP,) (2.1) . 
1= 1 

wher~ I(t) is a deterministic ~nvelope intensity function which describes the overall . 

character of the earthquake motion. 

, The intensity function defines sucb parameters as the rising time, T,.u, , the strong 

motion duration, T.u.taln,d, and the decaying time, Td,ecav, as shown in Fig. 2.7. Also 
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shown in Fig. 2.8 are the shape functions used in this study to describe the risi~g 

and decaying portions of the intensity function. The most important intensity funct10n 

parameter is the duration of the sustained motion. 

Housner [58] has proposed a relationship between earthquake magnitude, ma.xi­

mum acceleration and duration of sustained motIOn. For examplc, for ma.ximurrl ac­

celerations of .15g and .22g he suggests strong motion durations of 6 and 12 spconds 

respectively. Based on observations of records of.vari~us sites and st'Ismic risk ùll<\.ly­

ses Cornell and Merz [59] inferred that "the strong motion duration wIll be f(-l,tt.iv(-ly 

short, about 5 sec., perhaps" for the Boston region. For Eastern Can.u!,t wlll'f(- 011(­

~xpects moderate earthquakes near-by it is assumed that the strong motion d,uration 

will be 5 seconds as shown in Fig. 2.8. For Western Canada where one f'xpects larRer 

earthquakes at greater distances it is assumed that the strong motIOn duration will.lH' 

9 seconds, with rise time and decay time as shown in Fig. 2.8. These valu('s corn-SI)()[\d 

to those used by Mahin and Bertero [27] for the San Fernando region in Caijforni" .. Tl\(' 

strong motion durations assumed ror Montreal afld Vancoyver are also about equal to 

those suggested by Housner [58]. 

Using the r~sponse spectra given in the 1980 Commentary to the National Building 

Code of Canada [60] as target spectra with velocity bound adjusted by multiplying by 

the via ratio corresponding to Montreal and Vancouver twelve diffcrent motions wcrc 

generated for both locations. SIMQKE incorporates an iterative fcature to improve 

the matching of the target spectrum. However when this feature was used, it wa.''1 

found that the ground displacements were strongly biased in one direction rcsulting in 

large lesidual displacements. Luyties, Anagnostopoulos and Biggs [611 decidcd not to -
1 

. use th.is additional iterative procedure in an attempt to ob tain a more natural motion. 
o 

Therefore in aIl subsequent generations of motions in this study this additional iterativc 

procedure was not employed. 

From the sets of twelve artificiaIly generated motions, three motions were choaen 

for Montreal (see Big. 2.9, 2.10 and 2.11) and for Vancouver (aee Fig. 2.12, 2.13 and 

2.14). The response spectra for the thr~e motions are shown' in Fig. 2.15 for Montreal -

\ 
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Fig. 2.8 Inténsity functions assumed for Western and Eastern Canada 

and in Fig. 2.16 for Vancouver. The factors which influenced the choice of the motions 
f 

are explained below: 

a) reasonably ~lose matching of the target spectrum in the expected period range of 

the structures (see Fig. 2.15 and 2.16), 

- b) smaIl residual velocities and displacements at the end of the motion were' preferred 

(see Fig. 2.9 'to 2.14), 

c) although there was reas"onably good matching of the target spectrum on the av-
" . 
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erage, a concious effort was made to c,hoose motions having responses above and 

below the tar.get spèctrum for the period range of interest. . 

. In addition to the artificially generated motions the El Centro 1940 North-South 

earthquake motion was aIso included in the study in order to include a real carthquakt' 

motion. 
\ 

AlI of the motions were scaled to desired mpximum peak ground accelt'r,ltions in 

or der ta produce "service", "design" and "ultimate" motions for both Montreal a.nd 

Vancouver as shown in Table 2.1. 

Table :.1 Peak Ground Ac~leration8 

Region 

Montreal 

Vancouver 

Peak Ground Acceleration, g 

Service 

0.078 

0.089 
\ 

Design 

0.180 

0.210 

Ultimate 

0.270 

0315 

The design maximum acceleration corresponds to the peak horizontal accelera­

tion having a probability of exceedance of 10% in 50 years. The service earthquakes 

were assumeçl ta have a maximum acceleration having ~ probabihty of excec"dance of <::> 

about 40% in 50 years. This service earthquake is used to study the response of the 

structures under small earthquakes having large probabilities of occurrence in the lire 
.. ' 

of the strncture. The ultimate maximum accelcrations werc" assumed to bc 1.5 times 

the design maximum acceleration. It was felt that these maximum acceleration level 
. ~ 

would produce significant non-linear actions in the structures and would represent a . 
. large earthquaké having a low probability of occurrence in the life of the structure. It 

is noted that it is impossible to estimate the probability of occurrence of 8uch large 

events in Canada due ta the lack of data. 
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CHAPTER 3 

MOM'ENT RESISTING FRAME STRUCTURES DESIGNED 

FOR MONT,REAL AND VA~COUVE~ 

Q 

3.1 GEOMETRY OF STRUCTURES 

Two six-storey reinforced concrete moment resisting frame buildings located in 

Montreal an,d Vancouver -were designed with K=1.3 and K=O.7 according ta the 1985 

National Building Code of Canada [2J and the 1984 Canadian Concrete Code, CSA 

CAN3-A23.3-M84 [3}. In addition, to enabIe an evaluati<;?n of aIder concrete buildings, 

a third building was designedDwith force levels eorresponding ta K=1.3 and reinforcing 

details aceording ta earlier concrete codes (e.g. the 1977 Canadian Concrete Code, CSA , 
CAN3-A23.3-M77 [62]). It should be pbinted out that this last building aIs a enables the 

evaluatian of K=2.0 buildings as defined in the 1984 Canadian Concrete Code, sinee the 

detailing requirements for K=2.0 are similar ta aIder K=1.3 code requirements. The 

overall building dimensions were chosen ta be the same for Montreal and Vancouver 

and are typicai of office buildings built in Canada. Figure 3.1 shows the plan and 

·elevation v~ew of the buildings. 

The si..x-starey reinforced conerete office buildin~s have 7-6m bays in the longitu-
1{1 - Q 

dinal (N-S) direction andJ bays in the transverse direction (E-W), cansisting of 2 - 9 m 
• 

external office bays- with 1.5 m cantilevers and a central 6 m corridor bay. The storey 

hei~ht is 4.85 m for the. ground floor and 3.65: for a11 the other floors. It is assumed 

that the central roof bay supp'orts machinery. 
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3.2 DESIGN PARAMETERS 

"he dead loads and live loads ,conform to the 1985 ~ational Building Codt> of-­

Canada [2] and are summarized below: 

Dead loads Density of conçrete 

Partitions on aH Hoors 

Mechanical services and 

Suspended ceilings 

Floor live loads: Office floor loading 

Corridor bay loading 

Roof live loads: MechaRical services loading 

Wind loading : 

. 
on 6m wide (N-S) interior bay 

Snow load - Montreal 

- Vancouver 

Montreal top 4 storeys 

bot tom 2 storeya 

Vancouver top 4 storeys 

bot tom 2 storeys 

1.00 kN/Il1~ 

0,.50 kN/rn 2 

2..10 kN/ml 

4.80 kN/m2 

1.60 kN/rn2 

2.20 kN/m2 

1.50 kN fm 2 

1.03 kN/m 2 

0.95 kNfm2 

1.53 kN/m2 

1.42 kNfm2 

Seismic loadings: Montreal K = 1.3, base shea.r, V :;;: 0.037W ; 

K = 0.7, base shea.r, V :;;: 0.020W 

Vancouver K = 1.3, base shear, V :;;: 0.07" W 

K = 0.7, base shear, y :;;: 0.040W 

where W is total weight (dead + 25% of SHOW load) of the building. 

Tabl~ of wind and earthquake loading are preaented in Appendi,x A. For scismic 

analysis, the partitions on aIl floor and the mechanical services were considered as 

permanent loads and thus were included in the calculation of the weight of the building. 
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3.3 ANALYSIS ASSUMPTIONS AND IDEALIZATION 

The structural system of each building consists of eight identica! frames, and sinet' 

the fioor diaphragms were assu:t;Jled to be rigid, the analysis was reduced to the study 

of a single frame subjected to one-eighth of the lateral loading. To account for tilt' 

redu~tion of stiffnes~ after cracking of the concrete, member stiffncsscs \Vere ru>~\lnwd 

to be 0.5 of· the gross El for aH beams and 0.8 of the gross El for aIl columns. A 

micro computer plane frame analysis program, CMPT Frame 20 [631, was us('t! t.o 

determine member forces. Finite size of beam column joint~ wcre accountcd for by 

the "node-offset" feature of the program. This feature allowed' ail bcam forcps to 1)(' 

obtained at the face of the columns and aH column forces to be obtaincd at the f.tn'H 

o of the beams (see Figure 3.2). An ground fioor columns were assurncd to be ri~idly 

fixed at their bases. Gravit y load ana!ysis was made for cach fioor lcvel by assurning 

the far ends of the colurons to be fixed at the Hoor levels above and below the kvel 

under consideration. Pattern loading was used to find maximum forces. 
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3.4 lOAD COMBINATION AND LOAD EFFECTS 

Member end forces were calculated Jor four basic loading cases, that is dead, live, 

wind and earthquake loads. A computer program was written to read dire~tly the 
o 

binary filc containing the member forces created by the frame program and to perform 

load combinations as prescribed by the 1985 National Building Code of Canada [2]. 

A total of thirteen load cases were considered for each member: The loading cases 
o 

considered were: 

1') 1.25 D 

2) 1.50 L 

3) 1.50 W 

4) 1.50 Q 

5) 1.25 D + 1.50 L 

6) 1.25 D + 1.50 W 

1 7) 1.25 D +"1.50 Q 

8) 1.25 D + 0.70(1.50 L + 1.50 W) 

9) 1.25 D + 0.70(1.50 L + 1.50 Q) 

10) 0.85 D + 1.50 W 

11) 0.85 D - 1.50 W 

12) 0.85 D + 1.50 Q 

13) 0.85 D - 1.50 Q 

U' 

" 

The 10ad combination program also included an option to redistribute the bending 

moments of continuous beams as allowed by the 1984 Canadian Concrete Code [31. 

Although it is possible to redistribute bending moments resulting from earthquake 

loading, in tq.e design of these buildings study only ben ding moments from vertical 

loads were redistributed. 

In Appendix A tables A.5 to A.44 present summaries of the load combinations 

for th~ buildings in Montreal and Yaneouver. < For the Montreal buildings (K=1.3 oId, 

K=1.3 and K=0.7) the beam design was c~troned by Ioad combinatio~ 9, (1.25 D + 

O. 70( 1.50 L + 1.50 'Q)), which gave the maximum member forces at aIl Ho~r levels but 
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the roof. Load combination 5, (1.25 D + 1.50 L), gave the maximum member forces at 

the roof l~vel. The load combination 7, (1.25 D + 1.5 Q) gaVè the maximu~ interior 

column moments and shear forces. For the exterior columns the maximum membcr 

forces were given by load combination 7 for the first two storeys and by load combmatioll 

9 elsewhere. The controlling load combinations for K=O.7 buildings in Vancouv('r W('fP 

the same as those that controlled the design of the Montreal buildings. HOwl'V('r dut' 

to the large increase in earthquake loading for K=1.3 buildings in VancoHvPr load 

combinat ion 7 gave maximum column and beam forces in nearly d.ll f100r levels ilIlIl 

storey levels. 

Lateral deflections at -specified load levels (i.e. unfactored loads) for carthquake 

and wind loading were weIl below the suggested code limit of 1/500th of the hcight (ffl:'(' 

tables AAS and A.46 in Appendix A). 

In order to calculate the dynamic properties of the buildings a micro comput.er 

ptogram was written to calculate the periods of vibration of the structure and th(" cor-

I responding mode shapes. This program was linked to the frame prograrn and thl'rl'forp 

used the same mathematical mode!. The calculations of the eigenvalues are ba .. 'ipd on 

the Jacobi method. AIl vertical degree of freedom were eliminatcd in t.he vibration 

analysis. Figures 3.3 and 3:4 presents the first three mode shapes for the Montreal 
. ~ 

and Vancouver buildings. It can be seen that the calculated periods diffcr largcly from 

the computed code period (0.6 sec.). This difference should he expectcù, sincc .the 

_~nalysis WaB based on a bare frame. The calculated periods are not tlnre~listic howcvcr 

for buildings with light curtain glass walts. The periods are esscntially thc. sarne for 

buildings with K=1.3 and K=O.7. 

3.5 DESIGN SUMMARY AND COMPARISONS 

In aH analyses the beam moments of inertia were calculated wit~ slab flangcB 

included in the cross section. This resulted in higher bending moments in the bearns 

than would have heen predicted by conventional analysis with rectangular cross sections 
~ 

allsumed. Although cracked section properties were used in the specified-load analyses 
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1 the lateral deflecti~ns were not a controlling fact~r lU the design of the buildings. 

For the oId' K=1.1~tructures imperial sized bars were used. Although there is not 

much difference in the flexural design of members containing either SI bar sizes or 

comparable imper' al bar sizes, there is a significant effect on the amount of shear and 

tie reinforcement ue ta the sizeable difference between a #3 imperial bar and a No. 10 

SI bar. For desig purposes it was assumed that the specified yield stress for aIl steel 

was 400 MPa jd the concrete ~trength was 30 MPa. 

Figures 3.5 land 3.6 present summaries of the designs for the buildings in Montreal 

and Vancouver 1 With a judicious redistribution of bending moments due to gravit y 
1 ~ 

loads (up to a Imaximurn of 20% as allowed by the code) an almost con.stant design 

resistance was 'achieved at ail beam joints. For the beam design the longitudinal bars 

within four slab thicknesses from the face of the beam were assumed to co,ntribute ta the 

beam strength for the K=1.3 and K=0.7 buildings. For the old K=1.3 building the slab 

bars were neglected in the flexural design as was the design practic~ for oIder buildings. 

The beam reinforcement was kept constant for three floor Ievels. This resulted in sorne 

overdesign at the roof level and slight underdesign at the first floor level. Ali first floor 
1 • 
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( beams were slightly underdesigned (5% maximum) in order to havé°ftexural capacities 

as close as possible to the required capadties. The details of the reinforcement for the 

beams given in Fig. 3.5 and 3.6 are for the regions of the beams close to the çolumns. 

Note that for the case of K=O.7, four legged No. ID hoops at a spacing of dl4 were 

used for the transverse reinforcement in the beams. Although the K=1.3 structure 

required the same spacing, the transverse reinforcement consisted of only t!\'o legged 

No. 10 stirrups. In contrast the transverse reinforcement in the old K=1.3 structure 

consisted of two Iegged #3 stirrups at a spacing of dj2. 

Column sizes were kept constant over the height of the building. For these six-
o 

storey buildings the column size was chosen such that close to minimum amounts of 

longitudinal steel governed the design for most of the columns except for those at the 

first Hoor level. In al! the buildings the longitudinal reinforcement ratio was kept under 

3%, For the K=O.7 structures the transverse reinforcement in the columns consisted 

of hoops which satisfied the confinement requirements of the code in potentiaJ plastic 
\) 

1 hinge regions. Ali first storey columns of the K=O.7 buildings contained confinement 

reÎnforcement over their entire clear height. The columns in the K=1.3 structures con­

tained ties and cross ties as their transverse reinforcement. For these structures, since 

the columns were stronger than the beams, no additional confinement reinforcement 

was required near the end of the columns. The old K=1.3 structure contained #3 ties 
... 

and cross ties as required by previous codes. 

The transverse reinforcement in the joint for the K=0.7 structures consisted of 6 

sets of No. la hoops as shown in Fig. 3.5 and 3.6. Confinement requirements of the 

code control the choice of this transverse reinforeement. Although specifie requirements 
1 

for joint transverse reinforcement are not given in Clause 21.9 of the CSA code [3] it 

waS deeided to provide three sets of No. 10 ties as shown in Fig. 3.6 and 3.6. This 

~ount of transverse reinforcement was chosen s~ch that the shear stren~ of the 

joint was sufficient to develop the beam bars framing directly into the column. The 

joint reinforcement for the old K=1.3 structures consisted of three sets of #3 ties which 

were chosen ta satisfy minimum shear reinforcement requirements. -It is noted that in 

many of these old K=1.3 structures joint reinforcement might not have been provided. 
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CHAPTER 4 

REVERSED CVCllC [OADING TES-TS OF FULL SCALE 

CONCRETE FRAME SUBASSEMBLAGES 

This chapt.r presents details of three full scale specimD in the J a~i"sOI1 
Structures Laboratory of the Department of Civil Engineering and Applied Mcchan­

ks .at McGill University as part of this research project. A~ditional information O/l 

• specimens with K=1.3 and K=O.7 can be fou'i-Id in Refere:~ce [64]. 

4.1 DESIGN OF TEST SPECIMENS 

The 1984 Canadian Conci-ete Code (CSA CAN3-A23.3-M84) [3) con 
/? 

clauses for the design and detailing of building components for different 1 els of "duc-

tility". The changes that occurred in this code represent a major dep ure from past t. 
Canadian codes. While the new design, and detailing requirements of the CSA Code 

were influenced by the 1983 ACI [65] and the 1982 New-Zealand [66) cades, the require­

ments for "nominally ductile" (K=1.3) building members are campletely new. Two full 
o 

~scale test specimens designed and detailed according ta the lQ84 Canadian Con crete 
"'" 
Code with ductility factors, K, of 1.3 and 0.7 were constructed and subjected ta reversed 

cyclic lo.ading until failure. In addition a third specimen with details corresponding to 

an oider structure having a K=1.3·(Specimen Oid K1.3) was also built and tested. The 

purpose of these tests was to evahiate the be?aviour under reversed cyclic Joading of 

realistic building components in order to ,assess the adequacy of these new code provi­

sions 'and to assess the performance of older structures. This study would a.lso pràv'ide 
< 
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Fig.4.1 Specimen location 

kcy behavioural parameters necessary in modelling thênon-linear ~ynamic response of 

structures. 

The three full scale test specimens represent second storey external beam-slab­

colllmn connections of the six storey moment resisting frame structures described in 

Chapter 3 (see Fig. 4.1). The overall test specimen dimensions and the test set up 

shown in Fig. 4.2 were designed to simulate the points of co~trafi~xure in the beams 

and the columns. The 1500 mm exterior cantilever slab and beam were not included in 

/' the test subassemblages in order to study the response of the subassemblages without 

the beneficial effects of ~hes~ cantilevers on the exterior joint behaviour.· 

In order to study the effects of the slab and its reinforcement on the response it was 

necessary to include as large a portion of the slab as possible. Although the code does 

not give specifie effective slab widths when the slab is acting in tension, the effects or 

slab reinforcement within a distance three times the slab thickness measured from the 

b~am faces must be included in determining the nominal resist~nce5 of beaml. Park and 

Paulay [18] suggest that reinforcement within 4 times the s}ab thickness from the beam . 
" 

faces is effective in tension. The effective flange width in compression calculated from\ 

the Canadian Code varies from 1500 mm to 2000 mm for the 6000 mm and 9000 mm 
°t 

spans respectively. The chosen 1900 mm slab width was the largest width that could 
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Test specimen dimensions and test set-up 

be accommo ated in the testing apparatus. 
/ 

It is noted that the design was performed for the prototype structure assuming a 

snecified yield stress in aIl reinforcemeiit of 400 MPa and a concrele strengt~of 30 MPa. J 

4.2 DETAILS OF TEST SPECIMENS 

4.2.1 Test Set-Up' 

. 
Each test specimen consisted of a 450x450 mm column with a total height of 

3UOOmm. A constant compressive axial load of 1076'kN corresponding to 90% oJ the 

dead load acting on the prototype structures was applied at the top of the column 
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by a universal testing inachine. The load was transmitted by a 76 mm diameter roller 

bearing against two load distribution plates. Two 6 mm thick steel plates were welded . 
to the reinforcing bars at the ends of the columns.;! The ends of the columns were 

heavily reinforced in the transverse direction ta control vertical splitting. To simulate 

points of contraftexure and to provide lateral restraints, two flexible 6 IIlIIl thick plates 

were bolted ta the end plates of the columns and to the reaction frame (see Fig. 4.2). 

The 400 x 600 mm main beam extended a distance of 2000 mm from the face of the 

column as shown in Fig: 4.2. The .110 mm· thick slab had a width of 1900mm. Two 

400x600mm spandrel beams framed inta the sides of the columns and extended over 

th<; full slab width. 

The laterai loading was simulated by applying a vertical force near the tip of the 
~ 

beam at a location of 1775 mm from the face of the column. A downward load, resuIting 

in negative ben ding moment in the beam, was produced by pulling down on two tie 
" rods reacting against a distribution beam as shawn in Fig. 4.2. Care was taken to 

\ ensure thaç, the vertical load was transferred totally to the main beam by means of a 

~OOmm wide bearing plate (see Fig. 4.2). An upward load, producing positive bending 

moment in the beam, was applied directIy to the bottom face of the beam by two 

hydraulic rams as shown in F'[g. 4.2. FigureJ.3 shows a general view of test specimen 

Did K1.3 before testing. 

4.2.2 Details of Reinforcement 
,f' 

Figure 4.4 shows the reinforcement details of aIl three specimens, Old K1.3, K1.3 

and Ka.7 (this specimen designation indicates the K factor used in the design). In 
" 

aIl specimens the slab wâs reinforced ,with No.IO top and bot tom transverse bars at a 

spacing of 300 mm. A 20 mm con crete cover was proviaed for the slab bars and a clear 

concrete cover of 40 mm was provided for' beam and column steel. Extra transverse 

bars and beam hoops were provided at the free end of the slab and beam near the ~ 

point of application of the loads. A discussion of the details of the three speCImens 
1 

follow. 

48 



-

--, 

.~ 
i~ i" 

Il' I-

v ,~< : 

·1 

Fig.'4.3 Photograph of test set-up for specimen Old K1.3 
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4.2.2.1 Specimen Old Kl.3 

Figurè 4.5 shows two views of the reinforcing cage near the j<>int for specanen 

Old K1.3. This specimen was designed without incorporating special seismic design 

and detailing requirements. The design resulted in 8-No.20 longitudinal ba.rs in t.!H' 

column. Transverse reinforcement consisted of No. 10 square peripheral ties and single 

leg ties as shown in Fig. 4.4, and spaced at 190mm (i.e., a sparlng equal to half tilt' 

effective depth of the column, dj2)" The peripheral ties had 135" bend anchora~('s wit.h 

straight bar end extensions of 6db • The cross>,tie~ wcre anchorNl with 1:15" bellds ,t!. 

one end and 90° bends at the other end wit1;r·free end extensions of 6db • The end with 

the 90° bend was alternated with the end with the 1350 bend along the column ht'ight 

(see Fig. 4.5). 

The longitudinal reinforcement in the main beam consisted of 8-No. 15 bars phu"cd 
~ 

in two rows at the top and 4-No.15 bars in one row at the bottom." The bcam sJwar 

reinforcement consisted of #3 (9.5 mm diameter) open U-stirrups spaceù al 260 mm 

(Le., a spacing equal to half the effective depth of the beam, df2). 

The longitudinal bars in the spandrel beam consisted of 4-No. 15 bars top and 

bottom. Closed #3 (9.5 mm diameter) stirrups spaced at 200 mm were provided in the 

spandrel beam due to the presence of torsion . . 
The minimum shear reinforcement was provided in the joint ,according to Clause 

!.7.3 [3] which resulted in three ~~ts of peripheral ties ând single lcg ties wit<hin the 

joint region. 

4.2.2.2 Specimen Kl.3 

Figure 4.6 shows two views of the reinforcing cage near the joint for specimen 

K1.3. This specimen was designed according to the "nominal ductility" requirerrients 

1 of Clause 21.9 of the 1984 Conc'rete Code [3J. The column design was similar to the 

Old K1.3 specimen. In the main beam 8-No. 15 top bars placed in two rows and 4-

No. 15 bottom bars were provided. This amount of bottom reinforcement was chosen 

to' satisfy Clause 21.9,2.1.1, which requiies that the positive moment resistance of the 
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Fig.4.5 Photograph of reinforcing cage for specimen Oid K1.3 
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beam at the joint be at least one third of the negative moment rcsistance. To satisfy 

Clause 21.9.2.1.2, open U-stirrups spaced at 130 mm (Le., d/4) were provided over a 

length equal to twice the effective depth of the beam. Stirrups spacÎng was incfl'.lSt·d 

to 260 mm (Le., d/2) in the remainder of the beam. 

The longitudinal bars in the spandrel beam consisted of 4-No. 15 ba.rs .tt both top 

and bottom. Close~ stirrups spaced at 125 mm (i.e., d(4) wcre uscd in tl\(' sp.\.I1dre\ 

beam to satisfy the requirements for "nominal ductility" . 
~ 

~ 

Aftët investigation of the column and beam resistance, including tht' "fft'ets of 

the slab reinforcement within a distance of four slab thickncss, il was round th.ü thl' 

factored resistances of the columns exceeded 1.1 times the nominal f(·sis!.anrc of the 

beam and therefore the more stringent column tie spacing, requircd by Clau!:>c 21 ,U.:U 

[3], was not necessary. 

, 
4.2.2.3 Specimen KO.7 

Figure 4.7 shows two views of the reinforcing cage near tltt joint for spccinH'1l 
\ 

K1.3. This specimen was designed according to the "ductile" moment-rcsisting fraInt' 

requirements of Clause 21 of the 1984 CSA Code [3]. The column containcd A-No. 20 

longitudinal bars. Transverse column reinforcement consisted of c10sed square hoopti 

. together with supplementary diamond-shaped hoops spaced at BO mm (sec Fig. 4.4) 

", As ,required by the Code [31 the hoops had 1~5° bend anchorages with stral!~ht bar 

. extensions of 10 times the bar diameter. These closely spaced hoops wcre providerl OVN 

a distance equal to one sixth of the clear height of the column, i.e., 50S mm. The hoops 
,:& • 

were spaced at 190mm, i.e., ha.lf the effective depth, d, of the column outside of the 

region with closely spaced hoops. Due to the concentration of transverse rcinforc~ment, . 
- the factored shear resistance of the column far exceeds the shear corresponding to ~he 

development of the probable moment resistance, M pr , in the beam. 

The beam longitudinal reinforcement consisted of 4-No. 20 bars at both top and 

bottom Ïn addition to the slab reinforcement. This amount of bottom reinforcement 

was necessary to satisfy the requirement of the Code [31 that the positive moment 

resistance at the joint be at least equal to one-half of the negativc moment resistance 
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Fig.4.6 Photograph of reinforcing cage for specimen K1.3 
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Fig.4.1 Photograph of reinforcing cage for specimen Ka.7 
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(Clause 21.3.2.2). • 

The main beam transverse reinforcement consisted of peripheral rectangular closed 

hoops together with supplementary U-shaped stirrups spac,ed at 130 mm over a distance 

equa}'to twice the effective depth,2d, from the cohimn face. The resulthig four stirrup 

legs are intended to prevent lateral buckling of the longitudinal bars in the beam. 

The first set of transverse reinforcement was placed at 50mm from the face of the 

column. The spacing of these transverse reinforcement was limited to d/4 as required 

by Clause 21.3.3.3. The transverse reinforcement also satisfied the requirement that 

the beam be capable of resisting the shear due to the development of the probable 

moment resistance, M pr , at the column face. For the remainder of the beam the closed 

hoops were replaced by U-shaped stirrups at _a spacing of 130 mm as required for shear 

strength. 

4.2.3 Material P~op~s'" .. 
4.2.3.1 Steel 

In accordance with Clause 21.2.5.1. of the 1984 Canadian concrete code [3], rein­

forcing bars conformin~ to CSA Standard G30.16-M 1977 [67] were used in sp~cimen 

K1.3 and KO.7. In the case of specimen Old K1.3 reinforcing bars conforming to the 
• 

requirements of CSA standard G30.12-M 1977 [68] were used. Tension tests w-ere per-

formed on 300 mm long specimens cut from each bar size. The strains were determined 

from an extensometer, having a gauge length of 50 mm, clamped to each test bar. The , -
resulting average values of stresses and strains o-btained from three test samples for 

each bar size are givert in Table 4.1. 

4.2.3.2 \coac,ete 

Two batches of concrete were used in the fabrication of each specimen; the first 

batch was used to cast the lower column, the beams -and the slab, whiIe the second 

batch was cast one day later for the upper column. High early strength r~ady mix 

concrete with a minimum speqified strength of 30 MPa was ordered. The maximum 
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Table '.1 Reinfordng ,Steel Propertiee 

Bar Area fil' MPa l.,. fu.. MPa. l .. 

#3 71 489t 655 0.030 

No. la t 100 492 0.0120 622 0.200 

No. 10 100 480 0.0125 622 0.220 

No.15 + 200 400 0.0135 ~ 578 f~ 0.280 

No. 15 200 471 0.0120 774 0.200 

No. 20 300 478 0.0100 763 0.160 

t value taken at 2% offset; rounded streS8-strarn curve 

t specimen Old K1.3 only 

aggre~ate size was 20mm and the specified slump was 100 mm. At,,least 6 - 150x30Q mm 
, 

.and 6 - lOOx200mm cylinders.were prepared froll). each cq.ncrete batch. Compres."Iioil 

tests and splitting tests were performed to determine the compressive strength f~ and 

the tensile strength ft of the concrete respectively. The testing of specimen Old K 1.3 

was performed 15 <days after c'asting, specimen K1.3 was tested 30 days aCter casting 

and specimen KO.7 was tested 37 days after casting. Table 4.2 presents the. avcragl' 

cOIp.pres~ive and the average tensile strengths of the concrete batches for each specimen. 

The average compressive and tensile stren~ths were obtained from 3 --150x300 mm 
/ . 

specimens. .. 
Table '.2 Concrete properties .-

Specimen Batch f~, MPa ft, MPa 

Old K1.3 1 39.8 2.8 
2 31.1 . 2.1 

K1.3 1 39.5 2.8 

2 40.0 2.8 
KO.7 1 40.4 2.6 

2 36.2 2.6 

4.2.4 Instrumentation and ixperimental Procedur.e 

Deflection at the loading point was obtained from two Linear VOlta~cre~­
tial Transformers (LVDT's) which were arranged to measure vertical displacements of 

±150mm from the unloaded position. The LVDT's were attached to a special frame 
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which was fuced at the b~e of the top column (see Fig.......4..8). The use of this outrigger . ... 
frame removes the contri15ution of the column rQtation to the tip defiection of the beam. 

Readings were continuously recorded by the OPTILOG data acquisition system linked 

to an IBM PC. 

• 
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Fig.4.8 Specimen instrumentation 

'1 

Two Ioad cells were used to record the force in the tie rods for downward Ioading 

and two other Ipad cells were used to record the force transmitted by' the hydraulic 

jacks used for upward loading. 

Slab bar stralns were obtained by me ans of mechanical extens~meters measuring 
. " ( , 

the displacement between sets of two brass targets glued directIy to the steel reinforcing 
~ 

bars 140 mm apart and accessible through small.holes formed in the conc~ete éover of 

the slab (see Fig. 4.8). 
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Longitudinal strains in the main beam were obtained at several locations along 

the15eam by meas~ing with mechanical extensome,ters the displacement between séts . ~ 

of two targets glued directly to the côncrete surface. These targets were located nt the 
J 

level of th: bottom longitudinal steel i~ the beam and at the top concrete surfJ.cc (sec 
,-

Fig. 4.8) and had gauge lengths of 200 mm. 

Shear strains as weIl as principal strains along the beam were dctermincd by ·15" 

strain rosettes formed by targets glued ,to the surface of the w~b of the beam a.s shown 

in Fig. 4.8. The rosettes were centred at mid-depth of the beam and consist.l'd of 

individual readings with gauge lêngths of 200 mm . 

., Column strains were measured with targets glued to the intcrior and exteriOf 

faces of the column, both above and below the jit region, in or der to monitor strain 
v C' ~ 

distributions in the column. ." " 
~ 

A dial gauge was clamped to the column, 60 mm above the top surface of the slab. 

This horizontal gauge measured the. movement of a point on the slab 90 mm nway from 

the column face (see Fig. 4.8): This measurement enabled the contribution of the bond 

slip and joint shear distribution to the tip deflection to be estimated. 

, The load deflection responses were plotted sluring the experiment. Figure 4,9 shows 

an example loading and defle.ction history. Full measurements were taken systematica.lly 

J for each half cycle at zero load, at the maximum. load reached in the previous cycle, 1 

at the new maximum load, at half the, maximum load upon un\Qa~ing and at- zero 

load again (see Fig. 4.9). In addition more frequent readings of loads and defiections 

were taken in order to obtain a complete load history re~ponse. Downwards loads and 

deflections at ~he tip of the beam are taken as po'sit,ive values. 

In the first .eycle, loading was applied to a' peak load such that the full .service 
~ 

moment lev~l (about 20% larger than the ,cracking moment) was reached in the beam ~t 

the column face. The load was increased in the next loading cycle until strain readings 

. confirmed th,t first yielding of the fiexural reinforcement in the beam, was achieved. 

General yielding of the flexural reinforcement was used to determine the next peak 
.... j 0 C t. 

load. General yielding was dètermined wh en a significant cha;nge in the lQad defiection 
, 

response was obser\"ed. The deflec~ion.s correspon~ing to gen~ral yielding (Do1lJl and .6. 11 ",' 
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Fig.4.9 Loading and def\ection history 

for downwards and upwards deBections respectively) were noted: Th.e-pea.4:Joading in­

subsequent cycles was controlled by deflection, with maximum deflecti~:m levels taken to 

be multiples of 6. lIP and 6.1In • This procedure was continued until failure was reached. 

The instrumentation enabled the different tip deBection components to be esti­

mated at each load stage. The Bexural tip deflection component was calculated from 

the m~asured longitudinal strains at the top and bottoms of the beam at different 

locations along the beam Iength. After generaI yielding a piastic hinge length was 

~stima,ted from an e.xamination of the longitudinal strain distributions in the ~am. 

Knowing this plastic hinge length together with the calculated curvatures at a number 

of points enabled the curvature distributions to be estim:ated. The shear strains were 

calcula~ed from the measured rosette strains at the mid-height of the beam at different 

locations ,along the beam length. Thl resulting shear strain distribu~ions were inte-

grated to estimate the contribution of the shear to the tip de.fiection. The horiz~mtaI 

dial gauge readings me~uring movement of th~ slab relative to the column enabled an 
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estimate of the combined contribution of both bond-slip and Joint shear distortion to 

the tip defiection. The measured movement over the gauge length was first corr('ded 

to remove the com~onent from fiexural strains in the beam an~ then convcrt.ed into 

a concentrated rotation at the coIumn face. Thus the tIp deflcction COmpOlH'lIt was 

computed as the product of this concentrated rotation and the beam lengt.h. 

4.3 EXPERIMENTAL RESUl TS AND OBSERVATIONS 

. , 
4.3.1 Specimen Old K1.3 

_ Th~ hysteretic load-tip deflection response for specimen Old K1.3 Ï.'l shown in Fig. 
!\, Cl.,' • • 

4.10. First yielding of the top steel occurred at a Ioad of 198 kN and a corrcsp()ndill~ 

defiecti6n of 8 mm. First yielding (aIso "general yielding") in the ncgati ve dirpct.ioll • 

occurred at a load of 110 kN and a defiection of 6 mm. General yielding occurred .l.t .l 

load of 322 kN and a deflection of 21 mm in the positive direction. The hy&tcresis loops 

remained stable up to a displacement ductility of 3 at a load of 345 kN and a dcfledioll 

of 58 mm. At this stage a significant shear crack, crossing four scts of stirrups, had 

developed with a crack opening of 3 mm causing yielding of thesc stirrups. As can 

be seen from Fig. 4.11 b significant fanning of the diagonal compression had O( (IIrn-cl 

w hich started to caUse spalling of the concrete near the bot tom of the beMn in tl1l' 

fiexural compression zone. After this stage one can observe a significant dccrease (about 

50%) in load carrytng capacity as weIl as large stiffness reductidn and severe pinchin~ 

of the response curve and therefore reduction of the energy dissipating capacity of the 

beam. This was due to both the shear distress and severe buck/ing of the bottOITl 

longitudinal bars betwe~n,the widely spaced stirrups (see Fig. 4.12). The peak pC>Hitive 

load was 340kN corresponding to a. moment at the fac'e of the co/umn of 634 kN·m 

(including dead load effects) and a tip defiection of 60 mm. The peak negative load 
, 

was 129 kN corresponding to a moment at the column face of 229 kN·m and to a tip 

defiection of 30 mm. The maximum positive deflection achieved was 100 mm, however 

the load, as can be seen from Fig. 4.10, was.only 165 kN, or 51 % of the load at general 

yielding. The maximum ~egative deflection achieved was 40 mm corresponding to a 
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Fig.4.10 Hysteretic load-tip defiection response for Specimen Old K1.3 

! 
load of 129 kN. 

Il ,J 

From the measurements of the steel slab strains it was determlned that the full slab 
, 

width (Le., aIl 8 bars) was effe.ctive in carrying the load as can be seen f:r;pm Fig. 4.13. 

There was significFt torsion in the spandrel beam with spalling of the concrete 

cover and severe torsional cracking. In addition the cover concrete spalled in the column 

near the join t and cracking extended into the column. " 

Figure 4.14 shows the load versus measured tip defiection response together with 
, 1 

c.omponen ts of the tip defiection corresponding to fiexural curvatures, Il f, shear dis-. 
tributions in the beam, Il,, and the deHection component, Il i , associated with shear 

distortion of the joint together with bond slip, of the fiexural bars anchored in the joint. 

A plastic hinge length of 180mm was estimated from the longitudinal strain readings 

. 
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Fig.4.13 Strain distribution in slab longitudin.~l reinforcement for 'ail thrcc spec­
imens 

for the computation of 6., arter general yielding. As can be seen from Fig. 4.14 the 
-

shear component of the deflectiJ'n was very significant at general yiplding ùue to the 

large shear cracking that had developed.. Mter general yielding, bath the large c:urva­

ture due to buckling. of the compression bars and the extremely severe shear ,crackiI\g 

and yielding of the stirrups controlled the response. As can b~ seen from Fig. 4.14 the 

1 

.~ contribution of 6., to the tip deHection was limited because the buckling of the bot tom 

beam bars and shear yielding of the beam limited the total shear force transfer~ed ta' .... 

the joint. 

4.3.2 Specimen K1.3 

The hysteretic load-tip defiection response for 'Spec~men K1tt1 is shown in Fig. 4.15. -, . 
~irst yielding of the top steel occurred in the second cycle at a load of 231 kN and a 

corresponding tip deflection of 14 mm. First yielding occurred in the negative direction . 
at a load of 90 kN and a corresponding tip deHection of 3 mm. General yielding occurred 

~ q 

at a load of 327 kN and a deflection of 28 mm in the positive direction and at a load of . . 
65 
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Fig.4.14 Bearn tip deflection components for Speciinen Old K1.3 

137 kN and a defiection of 8 mm in the negative direction as can be seÈm from Fig. -4.15. , 
The hysteresis Joops remained stable fg;: the duratioR of the test. After a displacement - . . 

ductiIity of 3 a slight loss in the load carrying capacity of the specimen in t~ positive 

direction is noticeable. This was due to the spalling of the concrete cover which began in 
q 

the 8th cycle. The loss <?f concrete cover in the bottom of the beam extended along the 

beam a distance of 180 mm from the column face. At the end of the test (see Fig. 4:16 

c) the region of spalling was still small and buckling o~ the 4 No. 15 bottom longitudinal 

bars was observed. Shear crackin~ was weIl controlled by the closely spaced stirrups 

and the hysteresis loops do not show sign of pinching. Tb@' peak pbsitive" load was 
\ ~ .... 

348 kN corresponding to a momen e f e of the column of 640 kN·m including the 

de ad Ioad effects and to a tip defl t'on of 81 mm. The peak negative load was 144 kN 

corrç.sponding to a. morne a the column face of 233 kN·m and to a tip deflection of 

. 30 mm __ The maximum positive defiection achieved was 140mm, however the load, as 

can be seen from Fig 4.15, was "314 kN or 96% of the load at general yielding. The 

Il}.aximum negative defiection achieved was 41 mm correspo~ding to a load of 132kN. 

The measurements of the steel strains in the slab reinforcing bars indicated that 
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Fig.4.15 Hysteretic load-tip deflection response for Specimen K1.3 

at general yielding the slab bars within a,distance of 4 times the slab thi:\ness frorn 
c -

the beam face have yielded. At the maximum load level, all of the bars acroH~ the 

entire slab ~idth experienced strains exce,jding the yield strain. Fig. 4.13 shows the 

measured strain distribution of the slab bars at a load level of 341.5 kN reachcd during 

the 6th cyc~e (displacement ductility of 2). 

Figure 4.17 shows the external face of the column and the spandrel beam at the 

, end of the test. The column caver concrete in the joint regioJ! had spalled o~~mpletcly 
and one can notice from the photograph that the 90° hooks of the No. 15 longitudinal 

bars were tending ta straighten out causing the free end extension to protrude from 

the reinforcing) cage. At this stage torsionâ.l spalling extended over a region of about 

100 mm from the ~lumn face. The spalling of the back concrete caver started at the 
-lr r 

peak downwards deflection in the seventh cycle (dis~acement ductility of 3). The / 
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a) Near first yielding, P = 90 kN 

,-

h) General yielding, P = 327 kN 

c) Ne+ of test, P = 314 kN 

Fig.4.16 Specimen K1.3 at different load stages r, , 
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diagonal torsional cracks in the spandrel beam extended into the joint core. Il is clear 

from the large crack width and severe spalling (Fi~. 4~17) that the spandrol·beam had 

yielded in torsion. 

Figurf.18 shows the load versus measured tip defleètion togcther with rom po­

nents of the tip deflection corresponding to flexural curvatures, /j." shear di~tributions 
ir) the beam, .6.~, and the deflection component, ~J' associated with shear distort.ion of 

the joint together with bond slip of the flexural bars anchored in the joint. After gt'u­

eral yielding a plastic hinge length of .sO mm was estîmated and used in dctermining 

!:1,: As can be seen from Fig 4.18 the sum of the calculated tip deficction compon(!nt.s 

agrees remarkably well with the measured tip deflection. The horizontal dia.l gunge 

~onnected to the column above the slab indicated that. at f 1~ad level of 3:lH.O kN, 

a cycle after general yielding , the joint tip deflection component jumped to 24 mm 

(double the previous value). At the maximum load level of 348 kN this COmpOllt'nt. 

had increased to 53 mm. These large increases in deflection indicatc significant joinL 

distress. In additiop. to the joint distress it was noticed that the curvature of tl1<' top 
. 

column increased dramatically after general yielding. Testing had to be discontinued 

because of concern over the stability of the subassemblage due to the large rotations in 
... 

the joint and high local column rotations i~ediately above the.joint (see Fig. 4.16c). 

4.3.3 Specimen KO.7 

Figure 4.19 shows the hysteretic response for specimen KO.7. First yielding of the 

top steel occurred at a load of 219 kN and a corresponding deflection <:lf 11 mm. First 

yielding in the negative direction occurred at a load of 142 kN and a corresponding 

deflection of 7 mm. General yielding in the positive direction occll~red at a load of 

273 kN and a deflection of 15 mm. In the negative dti~ction general yielding occurred 

at a load of 177 kN and a deflection of 11 mm. The hystereS'is loops remainèd stable 

throughout the duration of the test. In addition the specimen maintained ils load 

carrying capacity for the duration of th; test with peak loads in either direction for 

each cycle exceeding the loads at general yielding. SIight pinching of the hysteresis 100 pa 

is noticeable during unloading after the fourth cycle~ The peak positive load was 360 kN 
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Fig.4.11 Exterior face of specimen K1.3 at end of test 

70 

j 



-

l 

~-, 

300 

c..---/'-' __ • ....--. 

Il! I~ fneasured IIp 

// ./ deflectlon 

OL-~ __ ~ __ ~ __ ~~~~~~ __ ~ 
o 20 40 60 tlO 

.D. (mm) 

Fig.4.18 Beam tip defiection components for specimen K,1.3 

in the eight cycle corresponding to a moment at the face of the column of 662 k~m 

incÙreing dead load elfects. The peak negative load was 244 kN corresponding to a 

moment at the column face of 433 kN·m. The maximum positive deflection achieved 

was 177 mm or a displacement ductility of 8. The corresponding load was 328 kN or 

122% of the load at general yielding. The maximum negative deflection WéUl 77 mm 

(displacement ductility of 8) corresponding to a load of 245kN. 

The me~urem.ents of the slab steel strains indicate , as ill t~e case of specimens 

Oid K1.3 and K1.3, that the first two rows of slab· bars on either si<de of the longitudinal 

beam had yielded, as assumed in the design, at general yielding (at a load of 273 kN). 

Fig. 4.13 shows the distribution of the measured strains in the slab steel across the 

width of the slab at a load of 360 kN along with the yield strain of the No.,10 slab bars. 

" It can be seen that the strain distribution is highly non-linear with th'e highest strains 
" , .... 

closer ta the column and main beam beam. One can notice that at a load of 360 kN 

aU the slab bars had yielded. 

Figure 4.21 shows the external face of the column and the spandrel beam. As can 

be seen from this figure, due to the significant torsion in the spandrel beam, 1085 of 
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Fig.4.19 Hysteretic load-tip defiection response for Specimen KO.7 ~ 

concrete cover in the beam over a length of 150 mm on the east side had occurred at a 

displacement ductility of 7. There was also ouset of spalling of the concrete cover on 

the west side. These large crack widths and extensive spalling in the spandrel beams 

indicated that torsional yieIdini of the spandrel beams had occurred. 

Figure 4.22 shows the load versus measured tip deflection response along with 

components of the tip deflection corresponding to flexural curvatures, ~ f, shear de­

formations in th~ Qeam, D. s , and the defiection component, ~]' associated with shear 

distortion of the joint together with bond-slip of the fiexural bars anchored in the joint. 

As ca.n be seen the contribution of the shear strains in the beam are relatively small 

during the complete response due to the large amount of transverse reinforcement in 

the beam. After general yielding the combined contribution of joint distortion and 

bond-slip becomes more significant (about 5Q% of the total). Once again, the sum of 
~ 1J: 
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Fig.4.20 Specimen KD.7 at different load stages 
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the calclliated tip compo,pents agrees rernarkably weIl with the measured tip deflection 

(see Fig.~4'.22). Na signiflcant joint distortions were o~served dllring the test. 
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Fig. 4.22 Bearn tip deflection components for specimen 1\0. r 
.r 
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Figure 4.23 shows the conditi~n of the beam at the peak~;p~it!ve defiection in .:\ 

the' eleventh cyclê'. As can be seen from'this figure slight bu~kling of the longitudinal 

bars between the closely spaced stirrups occurred at this peak defleètion. Comparing . -
the state of these bars ta similar ones in specimen Oid K1.3 it can be.concIuded that 

th;'additional' stirrups are effective in ~~ntrolling the buckling of the longit~dinal bars. 

From the measured curvat~res in post yieiding cycles, it was found1hat the length of 

the plastic hinge reached 400 mm. 

Testing was stopped at a positive deflection of 177 mm due ta lack of further travel 
\ " r 

of the loati'tng jacks. 

J 4.4 COMPARISoN OF'EXPERIMENTAl RESUlTS 

Table~4.3 compares the overall behaviour of the three specimens tested. As can be 
,~ . 

., s~en the "ductility factor" " K, influences the failure modes, and hence the \ "ductility" , 
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the ability to maintain load after general yielding and the overall response stiffnesses. 
1 ' i _ • 

The reported ductilities in Table~4·.3 were calculated' (roJll the ratio of the IÎl~um dis-
• • ~\~~!" ~ 1 t ~ 

placement, 6. fJ , reached while still maintaining lo~ rèvel~'ireater than general yielding • 

~' to :the displacemertt, Ll", at g:neral yielding. As a me~ure of the ab~,lity to maintain 
,\ 

load after general yielding the ratio of the load corresponq.ing ta 6.u to the load at gen­

erai yieidint (i.e~, Pù / Pli) is ~rese'nted. The .ratio of the o;erall response stiffness \0 the' 

stiffness at general yielding (Le., Ku/Ku). was determi~ed for the l "ultimate" ~d_the 
"yieId" cycles' from the slope of the line joining the ~egative and positive peak values. ~ 

The "ductility" achieved was 2.8; 5 and over 8 for.' specimens OId KI.3, KI.3 and KO.7 , 

_ respective~y. Specimen KO.7 demonst;rated the ability to man:tain the Iotd carrying~ 

capacity much better than specimens DId K1.3 and K1.3. As can be see~ ftom Table 

4.3.:" the d~ctÙity is increa;,ed a. significant drop in th';stiffness at u1ta:e oècurs .. 

Table 4..: Comparison of FaiIure Mode and Key Response Parametus 
9 ' 

Specimen Failure mode Ductility Pu 1 Pv Ku'/ Kv 

Old K1.3 Bea.rn shear fa.ilure 2.8 1.q1 1:: 0.31 
4, 

1 Longitudinal bar buckling 

K1.3 Joint yielding 5 1.06 0.22° 

Column hinging 

KO.7 'Bearn Ilexural yielding st 1.22 0.18 

t tes tins- was stopped due to lack of travel in loading rama 
>, 

Figure 4.24 compares the hysteretic responses of the three specimens along with 

photographs of each specimen at failure. As can be seen Specimen Old K1.3 displayed 
, -

a. pinched hysteretic response with a significant drop in the load carrying capacity after 

a. displacement ductility of about 3. This behayiour is a result o( the buckling of the' . 

bottom longitudinai..bars between the stirrups as weIl as severe shear d~tress in the 
1 ~ • 

main beam. Specimen KI.3 displayed much hnproved response with an absence of . . 
pinéhing and ability(.J to maintain the load up to a displacement ductility of about 5. 

1 

Although the longitudinal b1.rs in the beam did not buckle and the beam did not;suffer 

significant shear distress the test was stopped .due to severe shear distortion in the 
Il 

joint and commen~e~ent of column hinging' (see Fig. 4.24 b). The stable hy,steresis 
.. J ,! , 

a 
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loops and th~ excellent 'ability to mlntain the l~ad levei up to-;-displacement ductility 

gre~ter ~than. 8 for specimen KO.:; is evident from Fig. 4.24.c. 'As can' be seen fr~m 'Fig. 
• 1 • 

4.24 c inelastic action was concentrated in the main beam with the design and detailing __ .. , ( 

- l,' ' .. 1 

preventing a) buckling of the longitudinal bars, b) yielding of the shear ~..einforcement 

in the beam, c) yielding _of the joint reinforcement and d) hinging in the column. 

Figure 4.25 compares the load-de~ectio~ response envelope~ of t'he three speci-
- , 

mens. As can be seen from this figure the overall response is improved as the ductility 

increas~s. SpecÏmeh Oid K1.3 has low energy ~issipating càpacity due ta the Iow,Icv~h~::;~., 

âuctilityantthe reiatively smaJI area enclo~ed by the respo~se envelope. Then! is s~k:2-;\ ~:~': 

nificant imp ovement in the overall response of specimen K1.3 which was designed and 

detailed ace rding to the "nominal ductility" requirements qf the 1984 CSA Concrete. 

Code [3]. It is important to realize that the,apparent ductility displayed by specimen' 

K1.3 might not be attainable in a structure because of the joint rotations and column 
• 

hinging. These effects' will be irtvestigate<1 in ~~e no~-linear dynamic analy~ re~~rte,d . 

'in Chap.ter 7. The improved response of specimen KO.7 in both the positive and neg­

ative loading direction is evident i~ Fig. 4.25. The much improved negative l~ading 

response is 'dVe mainly to the requirement that the .positive moment !esistance of th~ 

beam at the column face be at Ieast 50% of the negative m0ment cap~ity, 
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. CHAPTER\~ 5 
Pt 

\ \ . 
PREDICTIONS OF MEM~ER BEHAVIOUR 

" 
" AND COMPARISONS WITIji TEST RESUL-r:~ 

. 
P-REDICTING FLEXURE AND AXIAL LOAD RESPONSE . ( 

The complete.moment-curvatUJe response of a section of a member provides useful' 

-information necessary ta understand the Hexural response. Therefore an analytical 

procedurè had to he developed ~redict the moment-curvature relationsp.ip while 

account1ng for the following effects: -
\ 

}.) the complete stress-strain relationship of the, steel including sirain hardening, . 
2) the non-linear stress-strain relationship for the concrete including confinement ef­

fects in compression and tension stiffening effects in tension, 
~ . 

3) changes in the geometry of the section due to progressive spalling of the concrete , 
coyer at higher s.trains, . 

4) non-Iinear strain distribution in flanged sections . 

-A computer program , called MNPHI, havihg the above capabilities was developed . . 
on a micro-computer (IBM PC /XT / AT) to predict the moment-cuivature responses. . 

1 ) 

The analysis is based on idealized stress-strain relationships for the materials (see 

Fig. 5.1) and ensures compatibjlity of strain~ and equilibrium of forces. 
" 

. In arder t6 predict' the ~esp~nse the cross secti~n of the member is divided into a 

nuplber of concrete st'rips parallel to the neutral axis of the section as shawn in Fig. 

5.1 b. For each concrete strip it is necessary to give the total width and the width of the 

confined portion. If the strip is in compression this en ah les the modelling of progressive 
\. ..' 

spall~ng of- the ~oncret!:f0ver, and also enables the modelli~g of the b~neficial effects of 
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conH,nement in the confined region of each strip. ",TIte strain at which_ the urrconfinccl 

concrete cover is assumed to 'spaI! (i.e. - carries no stress)- can be set indepcndcntly 

but is given a' default strain val~e of -0.004. This spalling strain corresponds .to thal 
e ' 

assumed by Park and P~ulay [16]. As can be seen from Fig', 5,1 f th~ CÔ.mpressive 

'stress~strain relationship of .the ~o~cr)ete depènd~ on the d~gree of confinement. The 

manner in,whiclt the àmount of confinementJ?rovided by rec·tangular hoops affects the 
1 - , 

str.ess-strain reJationship, as developed br. Kent and P:u-k [141, is illustrated in 'Fig. 5.2. . Il 

... 

.. 

. 

• f' Il 

r:: 21" lan Be -\0()- .-.. • €co 

z • ..!!!:!.L 
fe 

conflned 
conerelt .. 

/ 

Fig.5.2 Sctress-strain relationship for concrete Gonfined by. rectangular hODPS, 
'Kent and Park [141 
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The concret~ _ stress c~ be fou~d from:'. . ~).~'I 

f: [~- (~)21 ' 
fc = 

where 
" • 

for Eco < Ec 5 0.0 .• ~ 
Eco Eco 

for 

0.2f:~ 

z = ___ 0_.5 __ _ 

ESOu + ESOh - Eco 

, - 3 + Ecof: 
. ESO ü = f~ - 1000 

... 
(5.1) 

It is noted that in the above ~pressions all compressive strains and stresses are 

taken as negative quantities. " 
\ 

The max~mum strain, Ec",..,., at which the confined con~rete is ass~ed \0 "crush" 

(Le: carries no stress) can also De set independeJ!,tly. Guidance to calculare h.is maxi­

mum s'train was given by Corley [691 and simplified by Mattock [70] as: 

. , b 
Ec", •• ' = -0.003 - 0.002- '- 0.2p. 

z 

, 

\ (5.2) 
\ 

wh~re b is the width of the beam, z is the distance from the critical section \0 the 
• '.) d \ 

point of c,ontra-Hexure, and P. is the ratio oj.the volume of confining steel (inclhding . , . - . 
!-=ompression steel) to the volume of the èoncrete core. r--l . . 
... ... The steel is modelled as con~entrated areas located at the appropriate positions in 

\ the cx:oss section. The stress-strain relationship including strain hardening is assumea 
" to be that given by Park and Pa~ay [18r(see Fig 5.3). 

, , . . 
The steel stress cal! be round from: 

\ 

o f.::::: h, . 

[
m.s-k2 '.s(60-m) 1 

fil 60s+2+2(30r+l)2 ' 
• 1 
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Fig.5.3 Idealization for the stress-straÎn relationship for' steel in tensÎDn or corn": 
pression, P~k and Paulay [181 -

" 
r • 

1-
where 

" 

'a 

1; 8 = e, - E,h 

m ~u/ lu )(30r + 1)2 - 60T=- 1 
, 15r2 

-

J The eff'1t of ~eDBion stÙfenin, in the concréte aft~r cracking is accou~ted for in ·.~ecified. 
concrete~. The average tens.i.le stress in the concrete after cracking as givcn by 

- Vecchio and Collins [71,721 is sh<\wn in Fig 5.4. 
. i 

, \ .. . . , I~ -
Fig.5.4 Average stress-strain relationship for cracked.concrete in tension, Vecchio 
and Collins [71] ~ p -; / 
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The average tensile stress in the concrete can be found from .. .. 

,'. . . {2 I! f~', 
• . Eco 

le == 
" - fer 

_~' for Ec > €cr • 
/'. 1 + y200Ec 

, "' (5.4) 

- ' .. 
In addition MNPHI incorp~ates stress-strain reiationships which include bi-linear . . . 

elasto-plastic, tri-linear as well as inverse Ramberg-qsgood [73J relationship for mod-
o 

elling of highJy curved stress-strain Telatibnships -( e.g. sman diameter bars and pre-

stressing steel): 1 1 • 

The analyIii~ procedure ~ith ?èferenc~ to Fig. 5.1 is as follows: 

Ml. Assume a top fibre strain, Ec,op' 

M2. 

M3. 

M4. 

M5. 

M6. 

Assume the laiue of the depth ta the neutral axis, c. . . 

Compu~e 'aIl st~e5s res~ltants in-the concrete anè.·the steel for the as~umed­
strain distribution and acc~unting for spalling of the cover concrete. \ 

Iterate on c until equilibrium is satisfied to œ specified accuracy. 

Cà.lculat~ the resultant moment, axialload and curvature. 
'1 ""-

Increment the top fibre strain and repeat steps M2 through M5. 11_ 

The above procedure is carried out including the effect of average tensile stressès 

in. thé concrete. Another-'separate analysis is. carried out with no tension stiffening . .. . -

effects in order io Iimit the maxi,inum moment that can be carried at~ crack location~ 

The complete response assumed follows the analysis with tension stiffening up to the . 
m~imum moment that the sectton c~ carry at a crack location. • . . , 

For flanged sections MNPHI permits the useAo specify ~ variation of straÏn across 

the width of the Range as shawn in Fig. 5.5 a. This is carried out ,in the layered analysis 

shown in Fig. 5.1 by separating each flange layer into different horizontal parts, e~h 

part having a specified strain participation factor. 
o 

participation factor is given in Fig. 5.5 b . 

Xn example of the use of this 
1 

. For q~termining the axialload-moment interaction,curve the same procedure ~iven 

above is followed for a number of different levels of axial l~ In determining the axial 

1 1 indicates end o(algarithJ 
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b) Strain particIpation factor 
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Fig. 5.5 Accounting for variation of strains across the Bange of T section 
, '-.~ 

\ 
\ .' , 

'load-moment strength interaction cuive two options ~re avail~ble,_: i)' ~~ume th~t the 

-, 

. capa~ity occurs when a. tixed value of maximum compressive strain is re,.ached (the 

traditiona.l as'sumptio~ is fc ...... = -0.003), ii) fo~ a r,ange of inaxirîiu~ co,mp-r~si~t 
, .. concrete strains find the xpaximum moment. In' both cases tensile steel 'yielding is 

.~raced allowing an evaluation of available dudility. 

. ~",.' 
" 

.. 
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'Figure 5.6 shows the predicted moment-curvature responses of the main beam of 

specimen Ka.7 subjected to negative bending moment. The Iower curve is the predic-
- -

tion of the response assuming ,~he non-linear strain distribution across the flan~e as 
- ____ ' 1 

shown and the the ~per curve is the prediction assuming a uniform strain distribu-

tion across the full width of the fiange. The non-Iinear strain distribution results in 
a more "'rounded" response due to progressive yielding of the top reinforce;ment. It 

should be noted that the curves are essentially the same after yielding of aU bars. In 
. , 

the curves first yielding of the tensile and compressive reinforcement, onset o~ spalling 
J 

and crushing of the concrete ~e reported. The effect of the steel strain hardening after 

a ~urvatur~ of about 25 x 10- 3 @d/m can also be see\ 
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Fig.5.6 InBuencè o~ moment-curvature response of non-Ün~ar strain distribution 
in Bange of T beam 

Q 

Figu·re. 5.7 presents the predicted axial load-moment interaction diagram for th.e 
< , 

column section used in specimen Ka.7 together with the predicted axial load-;curvature 

rcsponse. Since the ultimate axial loa.d-~omem. interaGti~n diagram was obtained by 
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searching for the maximum possible moment ohtainable for different a.xial load lcv('!s 

the corresponding extreme fibre compressive strain will not he constant at ultimai.e. As 

can be seen the resulting extreme compressive fibre strains are within the limiting stmin 

of -0.01 as calculated from Eq. 5.2. Fig. 5.7 shows the variation in strain distrihution 

for different level~ of axial loads. The dashed lines in Fig. 5.7 rcpresent val.lIes at. !irst 
<:; 

- yielding of ~he tensile reinforcement. The ratio cPu 74)~ represents the curvaturc du~tilit,y 
", 

of the cross section. It can be seen that at an axial load of -2200 kN the moment at. 

'first yielding equals the ultimate moment, and therefore the balanced condition exist.ll. 
/ .pi> 

At this halanced condition the curvature ductility cPu / cP~ is èqua! to 1.0. For low(\r 

levels_ of axial compression the curvature d,uctility increases . 

-Z 
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Fig. 5.7 Predicted axial load-moment interaction and axial load-curvaturc re ... 
sponse 

Figure 5.8 shows th~ inHuence oC,axial load on the moment curvature rcspons<? 

for the section ~hown in Fig. 5.7 (specimen KO.7). It can .he seell that the strcngth 

increases with increasing leveIs of c&mpressive ~ialload hut the duçtility decreas$5. 
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Fig.5.8 Influence of axial load on the mom~nt curvatur~ response of a column 
section 

Figure 5.9 shows the predicted axial load-moment and predicted axialload-çurva­

ture interaction diagrams for the column section of specimen KO.7 in its unspalled 

and f\llly spàlled conditions. The unspalled predictions were obtained by limiti~g the . , 

maximum compressive strain to -0.004 (i.e. the stra~n at which the unconfined con crete 

is assumed to. spall). The fully spalled predictions were obtained by neglecting the 

unconfined concrete cover on aU ~sides of the section and 'by limiting the maxim~m 

J compressive stri:'-his to -0.01. 

, je 

. 5.2 PREDICTING MOMENT-AXIAL lOAD-SHEAIt RESPONSE 

--"'~ 

, 1 
( 

\ 
J 

) 

When shear ·is present with m~ment and axial load it is no lont;er 'possible to ~ 
c 

determine directly the longitudinal stresses in the concrete from a flexural sectionaI 

analysis as described in Section 5.1. The compression field theory 174,75, 76t provides ' , , 

a. rationa.l way of predicting t,he response of reinforced concrete sections subjeèted to 
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Fig.5.9 Influence of spalling on the response of a column section 

com~ined flexure, shear and axial load. ~ In its most general form the anâlysis" can 

account for both a non uniform shear stress distribution as weB'~ changes in directi<')11 
, ' 

!' of principal compressive stresses in the concrete over the depth of t,he section (sec Fig. 

5.10). In this study however a more direot appro.ach proposed by Collins and Mitchell 

[77,78] will be u~ed. In this procedure (see Fig. 5.11) the shear stresses a.re assumed 
h 

to be uniforinLy distributed over the effective shear area, bu wide and du deep,' and the 
• 

direction of the principal compressive stresses (defined by the angle 0) ia· asBumed tn 

remain constant ovet: the depth du / 

\ 

The combination of shear, flexure and axial load resuIts in a longitudinal stfain , , 

distribution as shown in Fig. 5.11. The longitudinal strain, fI .... ", at mid-height of the 
" 

web due to the combined loading effects is used as an indicator I()f how severely strained 
_ ~ r 

the web is due to these effects. 

The procedùre adopted follows that described by Collins and Mitchell 177,78l and 

involves\ an incremental analysis using'the Mo'dified Compression Field Theory which 
CI • _ _ 
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(a) cross secllon dlvlded (b) shear (c) longItudinal (d) princIpal compresSIve 
In!O horizontal slnps stresses strallls stress trajeclones 

Fig.5.10 Detailed analysis using the compression field theory 

(a) cross secllon (b) shear (c) longItudInal (d) assumed corllpresSlVe 
stresses stralns stress angle 01 

inclinatIon, 9 

• 

Fig.5.11 SimpIified analysis using t4e compression field theory , 
"\ 

considers 'equilihrium, str~in compatibility and utilizes the non-linear str-ess-strain char-
I • • 

acteristics of both the concrete and the steel. o 
1 

Figure 5.12 iUustrates the manner in which the full response of a beam can he de-

. termined using plane section anal~sis linked to th~~ modified compresst0n field theory. 

The ine,remental analysis is performed by first choosing the principal tensile strain, ~l, -

at mid-height of the web (see Fig. -'5.13) and estimating the angle of iqclination of 

principal compression, (J. The strains (including €I",,~), the stresses in the steel and the 

... concrete, and the corresponding shear V together with the equivalent axial tension, /ft), . 
are then determined. A flexüral sectional analysis (MNPHI) is. then performed by im- ' 

posing a mid-height longitudinal strain, fl",,~, determined from the shear analysis. For . 
, .. 

, , 
this mid-height lo~gitudinal strain, €l",,~, and for the applied moment M t~e nEtcessary 

curv~ture is determined. For the strain ·distribution corresponding to. ihis· curvature . . , 

the axial lQad is then d~termined. If this axial load, Np, equals the app,Iied ax:$aI load 
o 0 , 
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plus the equivalent axial tensile load, NI}' due -to shear then the estimated value of 0 is 
cf -

correct and the corresponding strain distribution: is foun'd. H longitudinal equilibriu~ 
J . . 

is not achieved a new estimàte of 0 is made and the process repeated: The complete 

response is obtained by periorming the above procedure for a range oÏprincipal tensile 

strain fl. 

(' 

D:J·· 
(a) Cross section (b) Ideahzatlon 

v v/tan 8 

~. ~ 
(c) Shear (d) Longitudinal (e) Forces Irom (f) Flexural Cg) Longlludlnal (h) Forces (1) Slress 

stress strass ln web shear analySIS SlralnS stress Ir.om Iram fJexural resullanls 
element f1exural analysis analys.8 (e)+(h) 

t .. 
(confln.d concr.,. 

unconflned 
caner ... 

(,) Conerete ln compression 

" 

fe . 

fer~ ___ _ 

1 -1 
1 

• 
: Eer 

(k) Concrete in tension 

\ 

f. 

lu -----------:--_---~ 

1 1 
1 • 
1 1 
1 1 

If éau: 

(1) Sleel ln tension 
and compressIOn 

Fig. 5.12 Predicting axial load-moment-shear response 

" 

This procedure is described with reference to Fig. 5.12 in the following steps.· 

VI. Choose a value of principal tensiIe strain, Ex., at which ote> per(qfm the 
." 

calculations 
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c 

c 

CI ~ 
V2. Estimate angle of inclination, 0, of principal compressive stress .. 

V3. 9alculate average crack width, w 
~ 

• 

where 

1 
Sm8 - sin (J cos 0 

-- + --pu 
Sm' S""" 

in ~hich Sml' ~d 8(ptl are crack spacings indicative of the reinfbrcement 
, " s ' 0, 

details~ in the longitudinal and ~verse directions respectively (see Fig'. 

5.13). 

stlrrup. 
ares-Av 

"" spaclng-s 

(a) Cross section 

s,tm.cJ .sp~acing.. Il 
pnncrpal cot11)ressive 
strBln. (2 

y /' principal tensile 
/Y strain, E, , • 

crack spacing, sm 1ongltu~lnaJ slra., 
al mtd depth, f.!mld 

(b) Stralns ln beam 

Fig.5.13 Spacing orinclined cracks 
~ ..t f' 

(5.5) 

V 4. Estimate average stress in the transverse :reinforcement, lu. 

vs. Calcula'te average principal tensile stress. in the concrete, leI, from Eq. 
\ \ 

5.4. These relations account for the reduction in average tensiIe stress 

that occurs between cracks after cracking. 

However, t1~e value of le 1 is limited by the ability of the ~teel and th;e 0 

cracked concrete to transmit stresses aCross ,th~ cracks._ This limit given 

by Collins and Mitchell is: 
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, < v'!I(0.18"t 0.31(2) tan 8 A" (' '._ , ) 
Je1 - 0.31 + ..ll.!L. + b s 1"" J" 

16+0 . - " 
- (5.6) 

where 

K= ·1 >0 
tan (J - 1.64 -

!n whjch a is the maximum aggregate size, f! is the concrete stréngth, 

and J" Il is the yi~ld stress of transverse steel. 

V6. Calculate -the shear, V, corresponding to the estimated average stress • 

V1. 

in the transverSe reinforcement1 J", in step V 4 and estimatcd principal 

compressive stress angle of inclination, 8,-in step V2. The ~quilib~ium 
-

condition is described in Fig. 5.14 ,and is described below: 

~
up ares. A.t 

s aelng- s " . , 

· Figolioï .Equilibriu~ considerations for beam in she., 

, 1 1 

Calculate the principal compressive stress, Je2 (see Fig. 5.14) from the 

following relationship: 
\, 

( 
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Et 

(b) Average stress'strarn relallonshlp for cracked 
concrete ln tension 

Eoo E2 

(c) Average stress'slraln relatlonShlp for cracked 
concrete in c~esslon •• 

, ' 

\ 

Fig.5.15 Stress-strain relationship for diag~mally crackeâ concrete 

le2 = le 1 - V (t~ 8 + t~ (J ) 

VB. Calculate the maximum strength of the concrete (see Fig. 5.15) which is 
• 

diagonally cracked and subje'cted to a prinèipal tensile strain,El from the 

following expression [71,761: 

. ... 

(5.8) 

f! 
le'J. ..... = fi 

0.8 -0.34-. 

\ 
n (5:9) 

Eca 
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V9. li Ifc21 > Ifez ..... I, return to step V2 and choose a larger '~alue of 0 
J 

VIO .. Calculate 'principal compressive strain, f2, corresponding tO---principal 
/ 

compressive stress, fe2, from: 
\ 

(5.10) -- (1 1- fez 
Il f: = fco - !. 

c2", .. " 
1 1 

VII. Calculate th,e transyerse strain, Et, from compatibility of strain: 

J 
(s.lI) 

V12. Calculate the stress in transverse reinforcement; fu, corr..esponding to , ~ ~ 

~ -
the calculated strain, f u , and from the stres~-strain relationship for the 

transverse reinforcement. 

V13. li lu calculated in step V12 does not agfee with the estimated~ in step 

V 4, return to step 4 with the new calculated value ~f fu. 
- e:> 

V14. Calculate _the longitudinàl strain, fi 

(5.12) 
~ '1 

VIS. Cali MNPHI (fi~al sectional analysjB program) with the strairn at mid­

depth, fl .... &, equal to the calculated value of fI in step V14: Find the 

strain distrib'ution correspondin'g to desired the moment, M, and thcn 
1 c 

deterffilbe the -corresponding axial load, 'Np, as show'p. 'in Fig; 5.12 h .. 

The d,esired moment may be specified by the user or may be calcula:tcd 
C , • 

internaUy by the program from a specified M IV ratio. 

V16. Ca'lculate the equivalent axial tensile load, Nu, due ta shear (aee Fig. 

5.12 e) 

. . V 
Nu = lelbu du - tan 0 (5.13) 

VI'!. Calculate the equivalent 'axial load on the section, N 

(5.14) 
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VIS., Check if the_ calculated value of N agrees with the axialload acting on 
- , 

the section. If these values do not agree, make a new estimate of 0 and 

r~t~rn to step V2 (increasing () increases N)'.'L 

""VI9. Return to step VI, incremerit el. 1 

Figure 5.16 shows the influence of different levels ofaxialload on the shear response 

for the ,column' section used in specimen KO.7 under a constant bending moment of 

180 kN·m. These different axialload levels correspond to the column axialloads for 

the differe~t storeyB in the six storey frame structure unde~ study. It /can be ~een 
that the capac!ty increases with increasing axial compression. For l1igh axialload the 

cap,acity is governed by the yielding of the fiexural steel. For lower levels of axial Ioad 
*- ~ \ 

It i,B goveE-n~d by yielding of the shear reinforcement. 

'1000~------------------------------------------------~~ 

900 
• yi~ldlng of longitudinal' steel 

~--------____ ~ __ ~ ___________ N=1800kN 

700 /---- - - - - - - - -N=1400kN 

800 

............. '-'-'-'-'-'-'-N= 1000 kN 

600 /./ /e, ---------~-:......-~--'N=600 k~ 
/ / ' ,..-. ---- '. ' 

500/' /,/ ' ------------- N=200 kN , , 

400 ,/,~"" 
1 /~ 

300 /' 
1 

200 1 stirrup yield 
strain 

100 '. 

8-No.20 
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at 1'90 mm 
40.mm cover 

~M= t80 kN.m 

O~--~----~----~--~ ____ ~ ____ ~ __ ~ ____ ~ ____ ~ ___ '~' 
o - 1 2 3 4 5 6 7 8 9 1 Ox 1 0-3 

- stirrup strain \ 
l, 

Fig.5.16 Influence ofaxialload on shear response 

Figure 5.17 illustrates the use of the opt'ion available in the program of specifying 

, a moment to shear ratio, M IV. The curves represent the predicted shear vs. stirrup 
- . . . () 
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1 

~D '3< ". , 

1 

\ , 
) 

strains for different secti~ns of the cantilever beam from specimen Kd:7. It can be" seen 

that due to the sma~ stirru~ M>acing at se~tion 1 and due to the large ~oment to 

shear ratio the stirrups did nQt yield àhd faiw.re ls predicted to be caused by-diagonal 
t.. 

crushing of the concrete 'after the fie.xural reinforcement is w~ll beyond yield. The 

's 

, influence of moment can be seen by comparing the resp6nse of section 2ï 3 and 4 which 

experience flexural yielding before stirrup yielding. Since section 5 has a 'Smaller amount 

of l'~inforcement and aiso a smaller moment to shear ratio, it experiem:es yielding of, 

the shear reinforcement. 
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Fig. 5.17 Influence of mome'nt to shear ratio on the response 

5.3 ACCOUNTING FOR BOND-SLIP EFFECTS 

.' 
0/ In accounting for bond-slip it is assumed that a crack forms fight at the face of 

the col~mn and that a concentrated rota.tion takes place at t~at loëation as shown in 

Fig. 5.18. This approximation is similar to that suggested br., Park and Paulay [18). 
o _ 
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Fig.5.18 Effect of bond-slip on deformation Il • 

.. 
The moment-rotation rela,tionship due to bond-slip for monotdnic loading can' be . 

deB:Cribed 1?y a tri-linear turve with critical points defined-by cracking (Mer), yielding 

(Mil' 0,,) and ultimate (M~, Ou) conditions. In this research a bi-linear idealization will 
, 

be assumed as shàwn in Fig 5.19;1 

1 

,i 
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.' 
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1 

rotation 

Fig.5.,19 Actual and id~lized moment-rotation due to bond-slip _ r 

In this ~esea.rch project a simplified model, for determining the bond-slip of the 
/ 

beam bars anchored in the joint, was uS,ed. This modef assumes a uniform bond stress 

distribùtion along the developÏnent length of the reinforcement (see Fig. 5.20). AI. 

though more complex, empirically derived, bond-slip relationsliips have been proposed 

(e.g., Ref. 25) t~e simplified approaoh illustr~ Fig: 5.20.and Fig. 5.21 were found 
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to be sufficiently accurate for predictin~ the bond-slip respéinse of the spec:imens tested. 

-. Fig. 5:20 shows the as~ed bond stress distribution at yieiding ofa. bar. The,bar 
. . 

tension, T ls ~ransmitted to the concrete by th&! bond $tress, U,. ôver the development 
i • 

length, id, Assuming the average bond stress to. b~ u~iformly distributed along 1.." the 

steël strain varies linearly up to the yield strain at the critical section. The development 
'" • 0 \ - ~ 

length, ld, from equiIibrium is: 1 

\ 

'. 

1 

, ' 

u 

(a) Bond stress 

Iy 

crltlcal 
section 

(b) Resultlng steel stress distrlbullon 

~ , 
" -

(c) 'Resultlng stesl str!!lns 

< 

JI .... 

1 

î 

1 

. ' J 
1 

(5.15) 

> : ,~, 

;-

Fig. 5.20 Determining bond-slip from assumed bond-stress distribution 

/ 
'·If we assume that the steel elo"ngation contributes to the crack opening at the face 

of the ~lum.n, then the o'pening of the crack' ~t the level of the steel is given by t.he 
, , 

integration of the steel strain distribution over the development length, ld (se~ Fig . 

5.20). Thus at yielding: 

100 .' 
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\ (5.16) 

Combining Eqs. 5.15 and 5.16 we obtain the following expression for the crack 

openmg 

, ' (5.17) 

The concentrated rotation of the heam at the column face due to bond-slip is given 

by: 

" 
(5.18) 

) 
If we assume the following linear relationship between steel stress and moment: 

f M-. ~ -=-
- fil Mo; 

" 
(5.19) 

Then the additional rotation of the beam at a moment M is given by • 

o , (5.20) 

and at the yielding moment 
'-

o 

8 _ ~~ f; 
II-SE

lI
ud-c {5.21) 

"The development length increases when the reinforc ent stress exceeds the yield 

stress. It can he calculated from ~quiIibrium. knmying the ste stress. At the ultimate 

stress the development length is given by " 

, \ 

.(5.22) 

~ & 

<> 
The steel e[ongation can bë calculated knowing the stress strain relationship. As-

. . ... 
suming a tri-linear stress-strain .relationship with a yield plateau and constant strain 

r 
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Fig.5.21 Approximating bond-slip from assumed bond-stress distribution 

~ning we ~ave at ultimate th~ stress and strain distribution along the development 
(1 

length ldu illustrated in Fig. 5.21. 

The assumption of a constant, uniform bond stress gives: 

(5.2:1) 

The total elongation of the reinforcement is equal to the area under the strain -

curve and is given by 

• (5.24) 

The concentrated rotation of the beam due to bond-slip at ultimate is given by: 
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(5.25) 

~ . 
The 1984 Canadian Concrete Obde [3] expr~ssions for development l,ength f9r bar 

sizes up to a No. 20 bar imply a bond stress value of 4.3 MPa for concrete compressive 

strengths over 20 MPa. This value of bond stress was used in -Eqs. 5.15 and 5.22 ta 
Q ~ 

determine Id and ldu. 
~ 

" 
5.4 'RESPONSE OF SUBASSEMBLAGES 

5.4.1 Role of SpéJndreJ Beam 

• 
. Figure 5.22 illusttates the flow of the forces from the mé\in beam and the.slah into . ( 

the spandrel beam and into the joint region. The tensions in the slab bars create torsion 

in the spandrel beams on each side of the column. The spandrel heam transmits both' 

direct, shear and torsional shear flow to the side faces of the joint as shown in Fig. 5.22. 
, 

The total tension in the slab bars wi!l therefore be limited by the t.or~ional capacity of 

the spandrel beams. 

For example the torsion'al capacity of the span&.el beam in specimen K1.3 is about 

99000 kN·m and sinclth~ slab bars are .locafed 245 mm above the centre" of the beam 

the maximum tensile forçe that will cause torsion al yielding is 99000/0.245 , 404 kN on 

each side of the column. The yield force of a No. 10 slab bar i~_ 100 mm2 x 480 MPa = 
48 kN. Hence the yielding of 404/48 = 8.4 bars is.required to'cause torsional yielding of 

the spandreI beam. From the strain measurements on the slab reinforcement aIl 6 slab 
, 

bars on each side of the column yieided at failu~e as shown in Fig. 4.13. It is, evident 
Î\,\ '" 

. from this figure that some of the slab barS ~reached strain hardening. Due to the large 

torsion al cracks observed in the spandrel beams of aIl three specimens it is clear that 

they aU yielded in torsion (e.g. see Fig. 4.17,4.21). 

Further e.xaInination of Fig. 5.22 reveals that the top reinforcÏng bars in the main 

beams transfer horizontal shear directly into the joint .. The spandrel beam. transfers 
"""l>­

h,orizo~t~l~he~ from the tensiO\in the slab bars as well as torsional sh-ear fiow 
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to the sidé faces of the joint. Due to the vertical shear from the main beam the axial ',. 

- compression in the joint increases from a minimum at the top of the joint to a maximum 
" 

Ji. at the botto~ of the joint: If it is assumed that the critical section is at the to~ of the 

fi 

joint then~he axial load acting on the joint equals the axial load acting in the column 

oabove the joint and the resultant shear force is equal to the sum of the forces in the 

'top beam bars: minus the column shear, plus the shear d~e to torsional shear fiow, q, 

in the spandrel b~am (Le. q x bo, where bo is the length of the shear fiow'path on the 

side face). 

These three specimens illustrate clearly how the effective Range"width ià limited 
, 0 

by the torsional yielding of the spandrel beam. In addition the spandrel beam also ' 
-» 

affects the fiow of the shear into the joint region. 

5.4.2 Bearn ~sponses 

Figures 5.23, 5.24 and 5.25 compare the ~redicted moment:curvature responses 

with the moment-curvature resp·onses determined from the longitudinal stràin readings 

taken at the top and bot tom of the beam near the column face. The predictions 

shown in this figures are for a) a rectangular beam with only the beam reinforcement 

considered, b) a T beam with an effective Range width equal to three timepwe slab 

,thickness, c) a T beam with an effective flange width equal to four times the slab 

thickness, d) a variable strain distribution acting on the total slab width of the specimen . . 
(see Fig.< 5.5 and 5.6), and e) a constant strain distribution across the total slab width. 

As, can be seen from these figures itis unrealistk to ignore the contribution of the 

reinforcemen:t in the slab. As illustrnted in Section 5.4.1 the spandreI beam c~mtrols 

the effectiv~ width of the slab. For these specimens the effective width is greater th~~ . 

4 times the slab thickhess as shown in Section 5.4:1. Although the strengths of the 

specimens are predicted weIl by using à. constant strain distribution across the full slab 

width, t}{e best predictions of the entire responses are with a ruiable strain distribution 
1> 

across the full slab width (case d abovë). \ 

, T 
, 

Figurès 5.26, 5.27 ~d 5.28 give the predicted, curvature distributions and t~ r 
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Fig. 5.23' CompariSons of moment-curvature predictions with experimental re-
sults for specimen Old K1.3 . 

. "" 
pr~dicted shear strain distributions along the length of the three test specimens. AlSo 

shown are the curvatures ootained from the longitudinal strain measurements at the 
, { 1 

top and bottom of the beams together with the shear strains obtained from the strain 
\ -

rosette readings.loeated on the sides of the beams. The predicted and experimentally 

determined d~formations given in these thre~' figures are for Ioad levels c1o~e to the 

ultimate strengths of the beams. As expeeted there is considerable scatter in the 

test'" values due to the discrete nature of the cracking. The pr.edictions of curvatures 

and shear strains were made neglecting tension stiffening in the conerete in arder ta 

approximate the influence of eyclic Ioading. Also shawn in Fig ___ 5.26, 5.21 and 5.28 

~re the predictecÎ- tip 'deBe~tions obtained by integrating the eurvatures and t~e shear 

strains. The experimental values of the shear strains for specimen Oid K1.3 are not 

shown sinee the major shear eracks did not p~ through the strain rosettes. AB expected 
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Fig.5.24 Comparisons of moment-curvature predictions with experimental re-
Bulta for specimen K1.3 4' ' 

as the amount of transverse reinforcement is increased the contribution of the shear 

strains ta the tip defiection decreases. These analyses were carried out for the ~hree 

specimens Jn order to determine the fiexuré and shear respons~ of the beams. The 

results will he discussed in more deta.i! in Section 5.4.4. 

5.4.3' ColuÎnn and ,-Joint Responses ' 

Uaing the analyais procedure \described in Section 5.1 the axial load moment in­

teraction diagra.ms together with the corresponding moment curvature responses were 

predicted for a11 three specimens' (è.g.; see Fig. 5.7 to 5.9). In 8011 three cases the -

columns wère predicted to he stronger thaÎl the-heams. It is noted thaï for spe~imen 

K1.3 the spalled strength of the column above the joint is close to the strength demand 
o 

: 
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Fig.l:h25 Comparisons of moment-curvature predictions with experimental re­
sü1ts for specimen KO.7 

~ . 
resulting from the beam hinging. \ 

Using the procedure described in Section 5.2 it is possible to p~':l­
moment-shear response of the joint region. In these predictions it is assumed that the 

shear is resisted by a field of compressive stresses in the concrete. In order to predict 

the response of a..Joint region it js necessary td account for the cross sectional propertics 

of the joint region, the amount of transverse·reinforcement in the joint, the amount and 

distribution of t~e column longi~dinal steel passing through the )oint, and th~ shear 

to moment ratio in the joint. In the analysis of the joint it is assumed that the critical 

section is close to the top of the joint region where the axial load is the lowest. 

In order to demonstrate the capabilities of the analytical procedure, it was used to 

predict the joint shear versus the stirrup strain response of a beam-column joint tested 

b:v Uzumeri and Seckin [17] shown in Fig. 5.29,' This exterid,r beam-column joint did 
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Fig. 5.26 Comparisons of predicted curvatures and shear strains with experimen­
tal results for specimen 0 Id K1.3 

not have any transyerse beams'nor any slab framing into the joint and hence provides 

an excellent test of the analysis, ~ce no assumptions need to' be made concerning the 
J, 

fiow of the forces into th1e joint region. As can be seen from Fig. 5.29 two predictions of 

the response were made: one with tension stiffening (/el > 0) and one with no tension 

, stiffening (lcl = 0). Due to the cyclic loading the response approaches the case with 

no tension stiffening. 
a 

Figure 5.30 compM'es the predictions of the joint sheax: versus stirrup strain with 

the experiment.al results obtain~d by Ehsani a.I}àWight [22, 23, 241. This ~terior beam 

column joint contained transverse beams and a slab 'and thus' provides a useful test of 

both the analytical predictions 0l the joint shear response and the assumed role of the 

spandrel beam (see section 5.4.1). It is noted that yielding of the longitudinal column 

bars in the joint region is ff~dicted to occur before yieldi~g of the tie ~einforcement. 
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Fig.5.21 Compansons of predicted curvatures and shear strains with experirncn­
tal resuIts for specimen K1.3 

The procedures described above were used to predict the ~-moment-Bhear 

resp~nse of the join1?tegions' of the three specimens tested. In the case of speéimen Ô Id " 

K1.3 shear faHure of the beam was predicted to occur before any significant distress in ., 
the joint. However yielding of the longitudinal colUlÏm bars, followed closely by yielding 

of the tie reinforcement, is predicted to occur before beam hinging in specimen K1.3. 

Due to the confinement reinfo~cement provided in the joint region of fipécimen Ka.7 
. . 

'"'~ joint yielding is predicted before ru}l beam hinginr, The tip deflectiofl. ~omponents 

corresponding to joint shear strain were predicted throughout the fllllioading rcsponses 

of aIl three specimens and are discussed in' the following section, 

5.4.4 Total Responses , 

The flexural components, !::J.. I , and the shear components, !::J.." of the beam tip 

" defiection were calculated from the i'nt~gration of the curvature and shear stra:in dis-
• ,.. <:1 q 
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Fig.5.28 Comparisons of predicted curvatures and shear strains with experimen­
tal ~esults for specimen KO.7 

tributions. The contribution to the tip deflection due to a' c0Itcentrated rotation at 

the- co~umn face, Â" were determined from the predicted bond slips and joint shear 

strains. '" 
Figure 5.31 compares the measured contributions of the components (i.e., Â l' ~a, 

... 
and tl. j ) to the beam tip defiection with those predicted. As can be seen the predicted 

components and the overa.ll responses are in good agreement ... It is apparent that 

particularly after general yielding bond-slip and joint distort~n contribute significant~y 

(i1:bout 50%) to the tota.l deformation. The improved performance of specimen KO.7 is 

again evident from th,ese plots. " 

) 
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CHAPTER 6 ~~~ 

') 
1 

PREDICTING NON-LINEAR QYNJ\rv1lC RESPONSE 

OF CONCRETE 'STRVCTURES 

./ • u 

This chapter hrie6.y summarizes some of the, important aspects of non-linear dy-

narnic analysi,s used in this study. The analysis techniques used in the computer pro­

gram DRAIN-ZD [37] are discussed and a refined hysteretic model capable of predicting 

the rcsponse of poorly detailed reinforced, concrete components is described. Different 

rncans of assessing damage of structures from the predicted non-linear responses are . 

also described. 

a 

6.1 NON-LINEAR DYNAMIC ANALYSIS USING DRAIN-2D 

6.1.1 Equations of M,otion 

For a structural system responding non-linearly, the dynamic incremental equa-
• Q 

tions of equilihrium for earthquake motions can he written for a finite time step tlt 
1 • 

as: ..., 

. 
M6.r + CT 6.r + KT 6.r = -Mtlrg (6.1) 

in whîch tlf, 6.r and 6.r are finite inèrements of acceleration, velocity and displacement 
~ • v 

relative to the ground and Argis the finite increment of ground accelerationj M is the 
... '-<..,..fJ:J , 0 ~ .. 

constant mass matrix; and CT a.t;ld KT are the tangent values of the damping and 

stiffness matrix for the structure in ils curr~nt sta.t~. 
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The computer program DRAIN-2D uses the Newqüirk "constant average accelcr­

atfon method" over a time step, ilt, chosen by the user. This method has been found 

to be unstable for systems responding non-linearly when relatively large timc steps arc 

used [80]. th order to avoid this problem a maximum time st~p size equal to about 

1/10 of the smallest natural period of the structure was chosen. A number of c\.\idi­

tional analyses were carried out with smaller time increments in order" to venfy tïl,tt 

the response did not change appreciably. 

6.1.2 Solution Procedure 

The DRAIN-2D-program uses a solution scheme based on the evaluation of the 

tangent stiffness matrix for a given time step and on the corresponding load v('(:!.or 

whl~ is corrected for the out-of-balance loads resulting from any change in the tangellt. 

stiffness matrix [371. 

Because DRAIN-2D was designed to accept additions to the library of cxisting 

non-linear elements it is helpful to briefly discuss the general solution tcchmque tlsed in 
o v .{ 

the program. In order to implement a new element it must conform to the rcquiremenlt:i 
" . 

of the solution technique which is briefly described below. 
, , 

The element tangent stiffness matrix, kT , is defined by the following relatioIlslllp. 

(6.2) 

In which dS is the increment of external forçes acting on the nodes of the clement, and 
, 

dr is the corresponding incretD:'ent of nodal dispJacement~ 

AIl the elements in the DRAIN-2D program must have a multi-linear force vs 

displacement representation (see Fig. 6.1 a) which results in 8udden ~hanges)n stiffne!iB 

at every change in state, réferred ta as event (see Fig 6.1). The structure stiffness 

matrix, KT, is then formed by addition of the clement otangent stiffness according to 

direct stiffness matrixo procedures. 

The incremental stël;te determination, i.e., the new state of force and deformation 
" 

in e.ch element, is det~d in the following w,y (.ee Fig. 6.2): 
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a) Multi-linear load vs displacement 

.. 

J 

; 

h) Multi-linear stiffness VS dis placement 

" 

Fig. 6.1' Multj-linear force-displacement relationship 

1) Given the caIculated incremerit iJ the element nodal displacements"Ar, calculate . , -
the increment of internaI element deformations. j' 

2) From' the non-linear (piece-wise linear) force-deformation relationship calculate the 

internai el-ement force. 
\ 

3) From the new internaI'element force calculated, the unbalanced force is determined 

from: 

• 
(6.3) 

where ASu is the e."(tema.l nodalloads required to satisfy element equilibrium, .6.SL is 

the'linear element force increm.ent b~ on the state of the element at the beginning 

; of the step, and ASNL is the non-linear element force increment which accounts for 

117 



1 

/ 

J 

1 

, .. 

fore.,S 

-' 

o 

f' 

_ deformatlon.r 

a) Definition of !inear and no'n-linear force increment 
\; 

s 

. 
: 
1 

t ~p.t 
1 

, 
b) Computation of non-lin~ force increments 

/ 

Fig. 6.2 Computation of force increment [371 

changes in the flement tangent stiffness kT within the ~tep. The linear force increment l 

~SL, is given by: 

o 

(6.4) 

where kTO is the element tangent stiffness at the beginning of the step and which "';aB 

used to calculate Llr. 

The non-linear for<;e increment,~S N L, is dependent on the numbcr of changes in 

~tate "'ifthin a .,given time step. If there are n changes in state then the non-lincar force 

increment can be calculated as: 

(6.5) 

DRAIN-2D approximates LlSN L in equation 6.5 as: 
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li 

(6.6) 

in which the proportion, J.Li, of element force increment which is required to produce 

the ne;t ~event" ie given by (see Fig. ~.2): -

'. 
(6.7) 

where Sil is element force at yield, Si is element force at beginning of 5u~-increment i, 

and D..Si is the computed suh-increment of element force. 

ti.l.3 Mass Mattix 

Although the mass of a building system is distrihuted. throughout the structure 1 . 
~it is. customary in dYJlamic analysis of buildings to assume the ,ntire rp.ass to he con­

~Qrdrated at floor slabs and to neglect rotational inertia. ~ince only MteraI effects of 

earthquake are considered in this study and since aU the nodes in a floor are assumed to 

have identical lateral displacement, the mass matrix reduces Jto the following diagonal 

matrix: 

\lit' 

ml 0 0 
0 m2 0 

M= (6.8) 
... 

0 0 m n 

where mi is the mass corresponding to storey i and n is the number of store~. 

6.1.4 '[a~nt Stiffness Matrix 

The prograID: lumps the plasticity in zero-Iength plastic hinges concentraied at 
, 

the ends of the element. The multi-Ifne~ force-deformation relationship enables very 

complex. responses to be modelled. 
1 

With this representation non-linear hysteretic behaviour can be formulated, in 
, , 

which the forcè depends on the past history of deformation as weil a:s on the eur-

rent state of deformation. The essential requirement is that the formulation must be 
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complete, Le., the tangent stiffness kT can always be defined depending on the past 

history and the present state of deformation. To achieve completeness a set br force­

displacement rules must be defined surhat for any sta.te in the response (e.g., point 

r on Hne 2 in Fig. 6.3) the Iower and the upper limits must be known (points 1 and u), 

the adjacent lines (!ines 1 and 3) must aiso ?e known as well as the line defining th.e 

unloading state (Hne 4) 

• 

S 
Ilne 3 

\ 

1 
1 
1 
1 
1 0 
1 
1 
1 

1 IIne t : 
1 1 

!:JI 
rt r ru 

..... 
0 

Fig. 6.3 oNon-linear hysteretic behaviour 

To perform the a.D:alyses of the building structures two elem!!nts of the 'general 

purpose co'mputer program DRAIN-2D a,re used. They faU int<:> the parallel element 

lnd the physical hinge element formulation. A brier description of the formulation of 
o 

these elem\nts follows in the next two sections. 

1 

6.1.4.1 Dual Component Element - Beam-Column Madel 

,( This element passesses bath Hexural and Mial .tiffnes •. Shear defa;matian can be 
" . r--' 

accounted for and finite rigi<Jlinks can be used at theOends of the members. The use 

of rigid links forces the inelastiè deformation to take place at the face of the adjoining 

elements. 

The element is idealized as an el,astic memoer acting in parallei with an elasto- \. 
" 

perfectly plastic element (see Fig. 6.4). This two-component parallel element has 

been developed by 9lough and Wilson' [281. Yielding can occur only at the ends of 

, ., 120 



c 

1 

c 

1 

c 

" 

o 

_ ~~e element. The four fSSible states of flexural yielding ef the, inelastic ~lement are 

" illustrate4 in Fig. 6.5. 

.-_ .. -_ .. "..--­.-- elasllc component 

./ Fig,6.4 ,!:wo-component element used to model be~-columns [28] 

yleldlng IItate of 
ItlffnSlI1 matrlx, kT Inelasllc slement 

1 1 IkTl= 2EI [2 ~] a a L 1 
, 

\ 1 1 [kT]" 3EI l Q ~ ] CIl a 
L 0 . 

1 1 hl .. 3EI [ 1 ~r à~ .D 
L 0 

. 
1 1 IkTJ=[.O 0] 01 , _a 

0- 0 

Flg.6.5 Yielding states and stiffness telastic component'of parallel element. 

To deterIIJ.ine if yielding occurs in a column an axial load-moment interaction ' 

diagram of the form shown in Fig. 6.6 is used. During, yielding, internaI forces are 
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constrained to remain on the interaction curve as illustrated by the loadhi.g e..,<cursions 

shown in Fig. 6.7. White the fiexural stiffness is affected by yielding and tht! a..xial 
J • 

load level, the axial stiffness is assumed invariant. This can le ad to inconsistencÎes sneh 

as resulting in an axial load in excess of the axial load capac!ty of a column. This 

condition has been checked in aIl the columns because its occurrence is dcfinitely a. sign 

of severe colurmi distress. Because of the formulation of the clement, the hystcretk . -
1 

response assumed for the columns does not account for stiffness degradation. 

M A 
alasto-plastic 
componan,t \ 

Fig.6.6 Use of axial load-moment interaction curve to determine yield point, 
adapted from Reference [~71 

M 

, 

Fig. 6.7 Sample Ioading excursion with corresponding moment rotation rcspOMC, 
adapted from Reference [271 

b -
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6.1.4.2 Single Component Element - Physical Hinge Bearn Model 

The beam element possesses flexural and axial stiffness. Shear distortion can be 

accounted for as weIl as finite figid zone Qat the ends of the member. 

The beam element consists of an elastic line element.> in series with two inelastic 

springs at the ends. The degrees of freedom for the springs are condensed at the element 

level gO that the resulting degrees of freedom are a roté\tion at each end and an axial 

deformation (see Fig. 6.8). 

" 

Fig.6.8 Element degrees of freedom 

The complete element, tangent stiffness matrix is formed by first inverting the 

rotation stiffness matrix of the elastic line element into its fie.. .. dbility fotm, then the 

current'-a~ibiIities of the rotational springs are added. The flexibiIity matrix, f, tak~ 

the following form: 

f= 1 
lu + k~P 

j 

(6.9) 

.. 
where t/, fi;, fj" f,; are fl~ibility influence coefficients, and k? , k? are stiffnesses 

of the non-linear fiexural springs. 

The resulting element flexibility is finally inverted to the current element tangent 

stiffness matrix, kT. Initially the inelastic springs are in,finitely rigid an<Ï do not affect 

the element stiffness matrix before yieldin~. 

As for the dual component model, yielding can only take plac~ at the ends of the 

elep:lent but no interaction between axialload and moment is considered in determining 
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yielding. AIl plastic defonnations are introduced by means of the moment~rotation 

relationships for the inelastic rotationaI springs. 

6.1.4.3 P-Â Effeets - Geometrie Stiffness 

P-Â is accounted for by subtracting the geometric stiffness from the ~lcment stiff­

ness as follows [79]: , 

(G.10) 

The following linear approximation of the geometric stiffness, exact t}/'truss ü\e ... 

ments however, is used for aIl elements in the DRAIN-2D. 

k = N [ 1 --1] 
G L -1 1 .. 

(6.11) 

where N is the axial-force component acting in the element and L is the element length. 

In Equation 6.1ho~ly the non~ro shear terrns are presented. The matrix ia expMlded 

to a 6 x 6 matrix by additiOI/of~ows and columns of zero terms before addition ta thé 

element stiffness matrix. 

6.1.5 Damping Matrix 

i 

Damping is mode lIed in two different forms. Hyst~retic damping forces that are 

in phase with the velocity but proportion al to th~ -displacements are accounted for 

directly at the element level when inelastic actions take pl~e .. viscous damping is 

assumed ta model damping from non-structural components, friction and any other , 

sources . Because the basic energy-Ioss méc;hanisms in real structures are not yct fully 

und.erstood one relies on experimental methods ta determine the damping in mOHt . 
structural systems. Newmark and Hall [54] suggest a value of 7 ta 10% of ,critical 

damping for concrete structures at or just below yielding and 3 to 5%,at service' load 

levels. The NEC supplement [2j suggests a value of 5% of critical damping for concrete 

structures. 
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It iB assumed in the solution process that the structure's damping matrix iB of the . 
Rayleigh type, Le" can be represented by a linear combination. of the mass and the 

stiffness matricesi of the fonn 

(6.12) 

where ao and al are scalar multipliers. 
J 

The damping ratio as a percentage of critical damping for the n th mode can be 

expressed in terms of the scalar multipliera and the modal frequency Wn as: 

en = ao + al
W

n (6.13) 
~ 2~ 2 

If the damping ratios Çm and en corresponding to modal frequencies W m and W n 

are" known, one can calculate the proportionality factors with the following formula: 

(6.14) 

{6.15} 

(6.16) 

(6.17) 
1 • 

In aIl the anàlyses it was assumed that the modal damping ratios were equal for 

the 1" and the n Ch mode of vibration, where n iB the number of storeys. This dampJng 
• 1 

ratio was calculated by an iterative procedure to find a daIllPing ratio close to 5% of 

~ critical damping at th~ c~de specified petiod, but was not allowed to be greater than 

8.5% of critical damping. 

" 
6.2 REFINED HYSTERETIC MODEl • o 

A refined hysteretic model was developed in order to more accurately model the 

response of reinforced concrete members" Tfis was neces~a.ry due to the significant 
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strength degradation, stifrness degradation and pinching of the response relll.tionship 

observed in experimental responses of beam-column connections. In particular in this 
• 

study specimen Old K1.3 exhibited a drop in capacity of about 50% and severe pinching 
, 

of the response curves due to shear distress, bond-slip of the longitudinal beam bars as 

weIl as buckling of the bottom B.exural bars in the beam.· 
-" 

The multi-linear hysteresis model which was developed to Il.ccount for the abovc 

effects is d~scribed below by a series of 19 response Rules (see Fig. 6.9): . 
RI. [Elastic stage.] Loading - if M(p) ~ M(Yt/ Y2), go to step RI; otherwisc 

go to step R2. Unloading and load reversai - go to step RI. , 
() 

R2. [Loading on the primary curve after yielding.] Loading - If rotation 

R3. 

. 
greater than specified maximum rotation then calculate drop in strength 

• 
from specified strength degradation slope (as a per cent of post yield 

slope) and go to step R2. Unloading - save point Ul /U2 and go to stcp 

~. \ 
[Unloading from point U1 /U2 on the primary curve.~ foadin g - if M(p) :s 
M(U1 /U2 ), go to step R3j otherwise go to step R2. Unloading - go ta 

step R3. Load reversai - save reversaI point RI and go to step R4. 

R4. [Loading -f~om reversaI point RI "after rule R3.] Loading - if M(p) < 
1 

M(U7 ), go to step R4; otherwise go to step RS. Unloading - save un-
/ 

loading point Us and go to step RI6. 

RS. [Loading toward point Ul /U2 on the primary curve.J Loading - if M(p) ~ 

M(UI /U2 ), go to step RS; otherwise go to step- R2. Unloading - Save 

unioading point Us and go to step R6. 

R6. [Unioading from point Us after rule RS.] Loading - if M(p) ~ M(U5 ), 

go to step R6; otherwise go to step RS. Unloading - ~o to step R6. Load, 

reveTlial - Save reversaI point R2 and go to step R 7. 
tJ 

RT. [Loading from reversaI point R 2 after rule R6.] Loading - if M(p) < 

M(U7 ), go to step R7; otherwise go to step RS. Unloading - save un­

loading point Us and go to step R17 . 

RS. [Loading toward point UdU2 (opposite ru le R4/RS).J Loading - if 

/ 
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Fig. 6.9 ~fined hys~eretic model for reinforced concrete members 
N 

M(p) ~ M(Udf!2), go to stép RS; otherwise go to step R2. Unload-
, , 

l'ng .- save unloading point Ù, and go to step R9. 

R9. [Unloading from point U. after rule RS.I Loadiitg - if ~(p) ~ M(U,), 

go to step R9j otherwise go to step RB. UnloadinfJ. - go to step R9. Load 
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" 

r~versal - save reversal point Rg and go to step RIO. 

RIO. [Loadi:ng from reversaI point Ra after ru le R9.] Loading - if M(p) .::; 
o 

M(Us), go to step RIO; otherwisè go to step RU. Unloading - save 

" _ unloading point U9 and go to step RI8. , 
/ 

RIl. [Loading toward point U3 .} Loading --if M(p) .::; M(Ug ), go to step RI1; 

otherwise go tô step R5. Unloading - save unloading point, Ur, and go to 

step R12. 

RI2. [Unloading from point Us after rule RU.] ~oading - if M(p) ~ Af(Ur;), 

go to step RI2i otherwise go to step RH. Unloadiry.g ~ go to step RJ.2. 

Load reversal - save reversaI point R. and go to step R13. 

RI3. [Loading from reversaI point R4 after ruIe RI2.] Loading - if M(p) < ' 

M(U1 ), go to step RI3i otherwise go to step R14. Unloadin!] - savê­

unloading point? U9 and go tç step R19. 

RI4. [Loading toward point U4 .J" Loading - if M(p) :5 M(Ua), go to step R14j 

otherwise go to step R8. UnIoading - save unloading point Ua and go to 

step RI5. 

RIS. [UnIoading from point Us after rule R14.] Loading - if M(p) :5 M(Ua), 
o 

go to step .RI5i otherwise go to step R14. Unloading - go to step RIS. 
, ,-. 

Load reversal - save reversaI point Rs and 'go to ste?, RIO. . , 

RI6. [Unloading from point Us after ruIe R4.} Loading - if M(p)' .::; M(Ua), 
~ 

go to st~p--R16i otherwise go to step R4. Unloading - go to step R16. 
, 

Load reversal - save l:eversai point ~ and go to'step R8. 

Rl'T. [U!lIoading from point Ua 'after.rule R7.1 Loadtng - if M{p) :5 M(Ua), 

go to step RI7j otherwise go to step R7. Unloading - go to step R17. 

Load reversal - save reversaI point R7 'and go to step RH. 
~ -

RIS. [Unioading from point Ug after ruIe RlO.] Loadin~./ i~p) ::; M(Ug ), 

~go to step R1S; otherwise go to step RIO. Unloading.- go to step RI8. 

Load reversai - save reversaI point Ra and go to step R14. 

R19. [Unloading from point Ug after ruie R13.] Loading - if M(p) ::; M(Ug ), 

go to step RI9i otherwise go to step R13. Unloading - go. to step R19. 
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~ '. 
Load reversal - save reversaI point Rg and go to step RU. 1 

6.3 ESTIMATING DAMAGE 

6.3.1, Member Darryage 
... 

In order to estimate member damage both "rotational dJ.Y:tility" and "curvature 

ductility" will be used in this study.' These two approaches are discussed below. -

a) 'Ro&.tional du.ctility demand - Rotational ductility demand, J-L8, is defined as 

the ratio of maximum rotation reached in a member, IJmaz , to the yield rotation 0IJ' 

see Fig. 6.10. That is: 

Mu 
1 
1 
1 

! 
l 
1 

~ 
1 , 
! 

~! 
6 ma. 6u 

\ 
rotation 

Fig.6.10 Definition of rotational ductility demand 

(6.13) 

J-'p 

T4e assumption of anti-sy~etric bending of the element (see ~Jfig. 6.11) permits 
• q 

an estimate of "the yield. rotation, Ou, as follows: y . 
\ MilL. 

9." = 6EI (r.18) 
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Fig. 6.11 Definition of yield rotation 

where M'J is the yielding moment corre~ponding to O'J ~ L IS the length ~ tht' 
o ' 

member and El is the flexural stiffness priO! to yielding . Hence the rotational du<.tilit.y 

/ tan.., be written as: • 

!SI> 

~~ ( ) 
J.L8 = 1 + O'J :; 1 + M'JL/6EI ô.IO 

where Op is the plastic hinge rotation (sec Fig. 6.10). Equation 6.19 is conveni6nt sinee 

DRAIN-2D determines the plastic .. hinge rotation in every element that is YiJlding a.l 
• e> 

each time step. 

The assumption of a constant D'Jo due to anti-symmetric bending is valid when 
o 

only IAterai load is acting. When gravit y load is also acting O'J will vary with time. 

This definition of ductiIity is not appropriate for columns where the value of M'J is 

not constant but· varies with the level of axial load. In spite of these limitations the 

rotation~ ductility gives some indication of the relative amount of inelastic action 

displayed by different members. 

a) Curvaturé ductility demand - Since curvature ductility demand depends on the 

sectional response only i~ can be dp(ermi~ed for a given applied moment, Mmaz , if the 
1>. ._ 

mbment-curvature response is known. It is defined as the ratio of maximum curvature 

to yield curvature as shown in Fig. 6.12. Henee 

(6.20) 

, 

In the "elastic" range, Le., prior to yieiding, where Mmaz < M'J the eurvature 

ductility dem~nd is less than 1.0~nd ea~ be expressed as: , " 
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moment 

.. 
Il 9 max ,.,"--"'y 

<Pu 
curvalure 

Fig. 6.12 Definition of eurvature duetility demand 
.-"'il" 4- ' 

• 
(6.21) 

~ In the inelastic range where M mu > M" the curvature ductility demand is deftned 

as the ra.tio of the mOp:lent that would exist if the member had remained elastic, Mel, 

to the yield moment, Mil' and can be writte~: 

Q 

o Mel l "",Mmaz - Mil 
1-'41 = - = T 

~ Mu pM" 
(6.22) 

where p is the ratio of the post yield stiffness to the initial elastic stiffness. This met,hod 

is expected to give good ,estimates of curvature ductility. 

6.3.2 Structural and Non-Structural Damage 

The estimation of structural and non-structurat damage of a building subjected to 

a number of different aeeeleration-time histories is j!. difficult task. Damage depends 
, ' 

on the type of structure, the specifie details of the structural components, the type 
o . 

of non structural ~omponents (partitions, windows etc.), the quality of construction 

• and maintenance, history of previous events and the duration of motion. The 1971 

San-Fernando earthquake provided- a large arpount of data on the seism;c performance 

~6f buildings in the Los Angeles area. The: studies . done by H~s'elm~ and Wiggins 
• 

[80) are particularly useful in estima.til!,g the correlation between interstorey drift and 
/' 
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expected structural and non-structural damage. The methods suggested by Hasselman 
, 

and Wiggins are used in this study and are summa.rized below. 

This approach u~es Bayesian -statistics to combine actual earthquake damage data 

with estimates of structural damage. The actual earthquake damage for a number of 

structures fellowing the 1971 San Fernando earthquake was transformed inte damage 
, . 

ratios. The damage ratio, DR, is defined as the repair cost divided by the replace-

ment cost. The authors categorized the types of buildings into three groups, i.e., steel 

frame buildings, reinforced concrete frame buildings and reinforced COIlcrete s}Hmr-wall , 

buildings'. Each c'ategory was further subdivided into three different sub-ca.tcgorios 

~good, average and poor) according ta the quality and year of construction. In order ta 

develop a relationship between damage ratio and interstorey drift, regression analysl's 

were first carried out on the available damage data (mostly low damage sta.tes) .\Bd was 

corrected by prior estimates" done by experts for higher damage states. 'l'he rmmlting 

damage ratio vs interstorey drift rela,.tionship which is assumed to he Iinear on a log-log 

- plot is given as: 

1 DR 1 D D ,( log D Re - log D Rt) (1 A 1 A) og = og · ... f + 1 A 1 A og L.l. - og L.l.1 
og L.l. c - og L.l.t 

(6.23) 

In the above relati~nship DR is the damage ratio, Il 15 the interstorey drift to 

storey height ratio, DRe is the damage threshold of 0.5%, DRt is the damage threshold 

:, 5i:~~:~:~::r:t:f:r:: :O::Oh::~:Y :t:~g:::'~~o::::e:::n~:: . tOH:~~I~:: 
and Wiggins reported good correlation between their ptedicted damage rati~s and the 

actual observations of damage in a numb,~r of structures after the 1971 San Fernando 

earthquake. 

The term Ilt was taken as 0.00085 as recemmended b~ Hasselman and Wiggins(8ù1. 

In this study the quality of construction for the reinforced concrete frame structures was 

jud~ed to be"good" for K=0.7, ~average" for K=1.3 and "po or" for 01d K=1.3. These 

qualitative_ categories were arrived .at by comparing the overaII structural rcsponses 

of the specimens tested and by comparing the Canadian C~de requirements with the 
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corresponding requirements used in Califomia. The term Ac which depends on the 
• 

qual~ty of construction and the <'duration of motion were determined for the Montreal 

and Vàncouver struhures for the diffe~ent leveis of peak ground acceleration. These 

values are based on the relationships given by Hasselman and Wiggins [80] for assumed 

values of earthquake- magnitudes and are given in Table 6.1. 

. 
Table 64- ,.6c Used tu Estimate Damage 

-. Loca.tion K Peak horizontal ground Ac, mm/mm 
acceleration, g 

Montreal "0.7 0.27 /' 0.0934 

0.18 0.1540 

~l 
0.078 0.2540 

, 1.3 0.27 0.0323 

0.18 0.0532 
'. 

0.078 Ù':0878 

Old 1.3 0.27 0.0081 , 0.18 0.0133 
~ 

0.078 0.0219 

Vancouver 0.7 0.27 0.0567 

0.18 0.0934 

0.078 0.1540 

1.3 0.27 ,- 0.0196 
0.18 0.0323 
0.078 0.0532 

Old 1.3 0.27 0.0049 

0.18 0.0081 
0.078 0.0133 

In assessing -the predicted damage ratios it is helpful to realize that a damage 

ratio of 50% represents significa.I!t damage and would likely result in the building being 

replaced. 

An additional consideration in assessing the damage to structures is the resulting 

dama~e to windows. The equation for the window damage ratio DRw as given below 

was derived from a log-log plot from reference [BI}. 

log D Rw = 2.35 log .6 + 6.3 (6.23) 
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in which Â is the interstorey drift. U ,llike the structural damage ratio the 'Yindow 

damage ratio as given by Hasselman, Eguchi and Wiggins [811 'is a. function of the drift 

index only. 

., 

) . 

o 
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CHA'PTER 7 
o 

EVALUATION OF PREDICTED RESPONSES 

This chapter presents a summary of the 'responses of the three Montreal and the 

three Vancouver buildings. Each of these six-storey buildings was subjected to three 

different levels of peak ground accelerations. For each level of acceleration there were 

three artificially generated accelerograms as weIl as the 1940 Nortp'-South EI-Centro 
'" 

acèelerogram scaled appropriately. 

Table 7.1 presents the peak horizontal ground accelerations used to scale the dif­

ferent accelerograms to obtain the "service", the "design", and the"ultimate" motions~ 

Table 1.1 Peak Ground Accelerations 

Peak Ground Acceleration, g 

Region Service Design Ultimate 

Montreal 0.078 0.180 0.270 

Vancouver 0.089 0.2;9', 0.315 
? 

In the non-linear analysis the effects of the dead load and the live load were first 

det~rmined. The live load was taken as the full unfactored live loading reduced by the 

live load reduction factors of the Nati~nal Building Code of Canada [2J. 

Due to the large number of figures required ta' summarize the response predictions, 

these fi~ures are presented at the end of the chapter for aU 6 structures analyzed. 

7.1 ROOF DISPlACEMENT TIME HISTORIES 

il-
Figures 7.1 to 7.6 present tye roof displacement time histories for the three Mon-

treal strûctures and the three Vancouver structures for the three different levels of peak 
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horizo:q.tal ground acceleration. Tables 7.2 and 7.3 summarize the results in the form of 

the maximum predicted roof displacements and approximate structural periods. It is 
. . - ~ 

interesting to note that evell with significant inelastic action occurring for the highcst 

level of ground acceleration the resulting displacements' for the different accclcration 

time histories are approximately proportional to the levels of acceleration. As can b{~ 
i'\ 

seen from Table 7.2 and Table 7.3 there was no significant change in the period for dif-

ferent levels of acceleration. The slightly higher periods for the K1.3 and the Old Kl.:J 

structures reflect the influence of joint deformation, bond-slip and shear distort~()n. 

7.2 LOCATIONS AND TYPES OF PLASTIC HINGES 

. In the analyses the time histories of aU member responses and the degree {)f inelq.gtic 
. , 

action were saved at each time step. Figure 7.7 iIlustrates the deformed shapes and . 
the corresponding locations and types of plastic hinges at three different times for the 

K=O.7 Montreal structure. 

In order to summ.arize theJarge amount of data concerning the locations and types 

of plastic hinges the aggregate of aU inelastic actions for the most critical motion ia 

presented for each structure. 

As can be seen from Fig. 7~8 a and 7.9 a only fiexural hinges formed in the beams 

in the K=O.7 structures as expected. While there was no yielding of the c,?lumns in 

the Montreal structure some yielding is predicted to occur at the base of the columns 

for the Vancouver structure. 

Figures 7.8 band 7.9 b illustrate the locations of plastic hinges in the ,K:::: 1.3 struc­

tures. As can be seen there are a large number of connections where yielding of the 

joint reinforcement has taken place. These hinges formed mainly in the top storey due 

to the Iow level of axial load in these columns. In addition a few flexural hingcs dcvcl-
> 

oped in the beams and Sorne yielding occurred at the column bases in the Vancouver 

structure. 

Figti'res 7.8 c and 7.9 c iIlustrate that a large number of joint y.ielding occurred 
1 

in both the Montreal and Vancouver structures as weIl ~ ... 8om~~hear yielding in the 

interior bay beams in the Van<:ouver structure. This shear distrcss in the beams in 
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o 
the interior bay is caused br the la.rger shear in this relatively short beam and by the 

presinee of only minimum shear reinforcement. 

7.3 ,ENVELOPES OF LATERAL DISPLACEMENTS . 
• 

The envelopes of lateral displacements for the six structures studied are presented 

in Fig. 7.10 to 7.15. As can be seen from these envelopes the first mode dominated 

exeept for some higher mode effee'ts in the upper two storeys as expected. It is evident 

that the maximum response depends strongly on the motion sinee a wide range of en-
1 

velopes is predicted for each level of ground motion. Powell and Row [50] have made the 

1!ame observations concerning the importance of the ground motion characteristics on 

the response. A summary of the predicted maximum roof displacements and predicted 

periods is presented in Tables 7.2 and 7.3. 

Table T.Z Predicted Approximatc Periods and Maximum Roof Displacementa for Montreal Buildings 

7.4 

K Peak horizontal ground Approximate period 

acceJeration, 9 T, sec 

0.7 0.27 1.83 

0.
18sL 1.83 

0.07 1.83 

1.3 0.27 2.10 

0.18 2.10 

0.078 2.10 

Old 1.3 0.27 2.13 

0.18 2.13' 

0.078 2.13 

o 

~ 
INTERSTOREY QRIFTS AND DAMAGE ESTIMATES 

Maximum 'roof -

displacement, mm 

125 

83 

36 

178 

118 

51 

178 

118 

51 

Figures 7.16 to 7.21 show' the envelopes of the interstorey drift index (i.e., the ratio 

of the interstorey drift to the storey height) for the six structures studied. Also shown 

in these figures is the interstorey drift ratio, Ll/ h,corresponding to the 1/200 limit_ 

recommended in the supplement to the 1985 National Building Code of Canada [2]. As 

e,"<pected there is considerable variation in the drifts depemÎing on the characteristics of 
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Table 7.S Predic:ted Approxhnate Period8 and Maximum l1ooCDisplat.em~t. Cor Vancouver Buildings 

! K Peak horizontal ground Approxinu~te period Muirnum roof 

acceleration, 9 T, sec displacement, mm 

0.7 0.27 1.81 212 

0.18 1.81 141 

0.078 1.81 60 . 
0.27 \ 2.12 231 

0.18 2.12 154 

1.3 

0.078 2.12 65 

Old 1.3 0.27 2.33 230 

0.18 2.33 154 

0.078 2.33 65 
. 

-the ground motions. The K=0.7 structures display essentially a flcxural type rcspom.c 

with the interstorey drift increasing toward the base. The K=1.3 and the Old K=l.:l 

structures display ... larger drifts in" the middle storeys probably due to the sigTli~caJlt. 

contrib~tion of joint shear distortions and bond-slip to the response. It is int~rc~g 
_ ,to note that for the lower level earthquakes a11 of the structures displayed m<iximurn 

interstorey drift ratios, tif h, less than about' 0.003. At the design lev~l of earthqua.ke 

the K=O.7 structure displays a maximum interstorey drift ratio qf about 1/200 whilc 

". ___ the K=1.3 and Old K=1.3 structures have drift ratios considerably greater than 1/200. 

The maximum and average structural and window da~age ratios for the Montreal and 

Vancouver structures aré'presented in Tables 7.4 and 7.5. 

Table 7'." D~age Estimatel Cor Montreal Structurel 

Peak horizontal ground' Structural damage, % Window damage, % 

K acceleration, g Maximum Âverage Muimum 

0.7 0.27 13.0 14.5 12.5 19.4 

0.18 9.9 10.9 4.8 7.4 

0.Q78 6.6 7.3 0.7 1.0 

1.3 QO.27 22.0 23.6 33.1 37.6 

0.18 14.8 ,r,~.7 ll.8 . 14.7 

0.078 8.7 
~-" 

1.6 2.0 9.2 

Old 1.3 0.27 53.0 62.8 28.5 3!).6 

0.18 25.5 . 27.9 11.8 14.7 

0.Q78 11.0 11.8 1.6 2.0 .. , 
1; 
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Table 7'.5 Damage Estimatea Cor Vancouver Structures 

Peak horizontal ground Structural damage, % .. 
Window damage, % 

K acceleration, g Average Maximum Average Maximum 

0.7 0.315 17.5 20.5 28.3 50.0 

0.21 13.6 15.0 15.5 23.0 

0.089 8.4 9.2 2.1 3.0 

1.3 0 . .315 32.9 37.2 52.3 J 73.5 

0.21 19.9 22.1 20.7 29.6 

0.089 \ 
, 

10.4 11.5 2.7 3.9 

Old 1.3 0.315 91.5 100.0 53.5 76.4 

0.21 - 46.8 55.1 20.8 29.3 

0.089) 15.1 15.1 2.7 2.'t 

0 

The variation of the damage ratios over the height of the structures is related to the 
-' 

variation of the interstorey drift. As can be seen from Tables ~.4 and 7.5 there is signif-

icantly higher structural and window damage as the "ductility" assumed in the design 

decreases. The 014 K=1.3 structures for both Montreal and Vancouver are predicted ta 

be so severely damaged ~mder the "ultimate earthquakes" that tot@-l ret'lacement of the 

structure will likely be necessary. The K=1.3 structures in Montreal and Vancouver 
• are predicted ta sustain average structural damage ratios of 22% and 33% respectively 

for the. "ultimate earthquakes". The predicted window damage is considerably higher. 

The K=O.7 structures are predicted to sustain relatively light structural damage for 

the "ultimate earthquakes" with some significant window damage. 

It is interesting to note that cOI:1siderable structural and window damage is pre­

dicted to accur in the Old K=1.3 structures under the "design" earthquakes. 

As expected, for the rela~ively low level earthquakes that may occur several timès 

during the lire of the structure very litt le structural and window damage is predicted 

and the 'damage is not strongly effected by the qual~ of construction and the choice 

of K used in design. For earthquakes exhibiting higher peak ground accelerations 

with a lower probability of occurrence during the lire of the structure the quality of 

construction and the choice of K used in design have significant effects on the predicted 

damage levels. 

139. 

, 0 



• 

• 

/ 

7.5 INELASTIC DEFORMATION AND FLEXURAL STRENGTH DEMANDS 

Because very litt le inelastic deformation occurs in the columns (only at the column 

bases of the Vancouver structures as shown in Fig. 7.8 and 7.9) we will d,escribe in 

some detail the predicted inelastic deformations in the beams. The predicted curvaturc 

ductilities and plastic hinge rotations for the six different structures are illustrated, i~l 

Fig. 7.22 to 7.27. The curvature ductiIity and rotational ductility values are calculatcd 
- . 

using the expressions gi _D: in Section 6.4. Due to the definitions of these terms th~y 
-

both give the s~~'R.lue of "ductH.ity" before yielding but give very different values 

after yielding. The maximum plastic hinge rotations and the cumulative plastic hinge 
- ~ 
rotations give the same values only if a single inelastic excursion has taken place. If 

th~ cumulative plastic hinge rotation is significantly higher than the maxim~m plastic 

rotation then this indicates that there have been a number of inelasttc excursions. 

-the predicted inelastic deformation demands on the beams for the K=O.7 struc--

_ ture§"{see Fig. 7.22 and 7.27) indicate that significan,.t yielding has taken place in the 

beams of the bottom two storeys and that sorne beams in the upper storeys are close to 

fiexural'yielding. It is important to note that specimen KO.7 displayed a hinge rotation 

capacity of at Ieast O.090rad: Paulay [~21 has determined that a weIl detailcd beam can 

slllStain a minimum plastic hinge rotation of 0.035 rad. It is clear from these figures that 

the K~O. 7 structures are capable of prOVidi~g the necessary plastic hinge rotâtioFlS. ft 

can be seen that the beams in the K=O.7 structures do not undergo Hexural yielding 

when subjeCted to lower level earthquakes. The t,eams are however close to fl exur al 

yielding fs>r the "design~ earthquakes. 

In the analyses of the K=1.3 and Old K=1.3 structures the effect of the bond-slip 

of the longitudinal bars anchored in the joint and the effect of shear deformation of 
.' 

~he beams ~as included in the Hexural hinge properties. The~efore the hinge rotations 
, 

plotted for these cases include these two effects. This explains why there are predictcd 
, 

hinge rotations even though no Hexural yielding is predicted. In assessing the perfor· 
" 

mance of the beams it is therefore necessary to realize that the flexural component of 
a, 

th~e rotations is about 50% of the total hinge rotation predicted. Tesot specimens K1.3 
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and Oid K1.3 displayed plastic hinge rotation capacities of 0.063 rad and 0.018 rad re- ' , 

.1 ' 0 

spectively. It is eviden,t from the predicted hinge,rotations in Fig. 7.23, 7.24, 7.26 and 
" 

7.27 that they are considerably" less ~han those required to cause failure. However it 

must be.emphasized that in the K=1.3 and Oid K=1.3 structures signi{icant structural . . 
damage was predicted (see Tables 7.4 and 7.5). 

If the responses for the three Montreal structures and the responses for the three 

Vancouver structures are compared for the "ultimate" earthquake then it is evident 

that the Vancouver structures require rotations that are about 4 times larger than . - , 

those predicted for the Montreal structures. It is interesting'to note that the maximum 

hinge rotations are about the same for the Oid K=l.3, the K=1.3 and the K=0.7 
- 0 

, structures, i.e., about 0.002 radlor Montreal andoabout 0.005 rad for Vancouver. 

7.6 LATERAL FORCES AND SHEAR STRENGTH DEMANOS 

Figures 7.28 to 7.33 illustrate the predicted column shears for the four differerit 

earthquakes, the factored static design column shears and the predicted column shear . 
capacities. The figures compare the above values for exterior and interior columns 

c 

for three different Ievels (Le., "ultimate", "design" and "service") of earthquak~s. The 

statiç design column shears given in these figures correspond to the factored earthquake 

Iateralloads (1.5Q) and do not include shears dui-tb live l,oao and dead load. , 
't/ 

It is evident from Fig. 7.28 to 7.33 that the shear capacities of both the interior 
, / f 

and exterior columns are significantly greater than the shears predicted at each storey 

-level for aU 'the buildings. The shear capacities were determined using the procedures 

described in Chapter 5 and accounted for the combined effects of shear, axial load 
, . 

and moment. & can be seen the shear capaci~ies increase toward the bottom of each 

due to the increasing levels of compressive axial toad. In the determination of 

capacities axialloads corresponding to 85% of the dead load 'were assumed. 

It is oted that the first storey columns for the K=0.7 structures have significantly 

'higher shear capacities than the columns in t.he upper storeys due to the presence of 
o 

confinement reinforcement over the entire clear storey height of the first storey col~mns. 

, 
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The column snears preditted using non-linear dynamic analysis foi the "service" 

level earthquake (Le., with a horizontal peak ground acceleration of about 40% of the 

a~celeration corresponding to a probability of exceedance of 10% in 50 years) are about 

eq~al to the factored static design shears in the first storey columns. It is noted thnt 

the non-linear dynamic analyses give column shears larger than the computed factored . , 

earthquake shears for the "design" and "ultimate" moti~ns. As mentioned above the 

shear capacities of the columns are much larger than the shear resulting from the non­

linear analysis. The only columns that experienced fiexural yieldÇng were-those at the 
, 

base of the K=0.7 structure in Vancouver. One factor which increased the capacity of 

the column in bOoth shear and flexure was the usJof pro able 'stances for the cOIlcr:te 

an,d the steel. Another factor which influence the flex 

th~ need -to provide minimum amount of longitudinal 'nforcement which governcd 

the cnoice of the longitudinal steel. 

It is noted that it is possible with somc K=1.3 and Old K=1.3 structures that the , 
_ columns may yield before the beams and this may cause significant damaging storey -----

drifts possibly only in one storey. This could result in very little energy dissipation and 
) , 

possible collapse for very severe earthquakes. ~ 

7.7 -INFLUENCE Of COLUMN SIZE ON THE RESPONS 
p 

In or der to investigate the influence of the size of the colum on the responsc a 

design was cmied out on ~he Montreal structure designed with K 1.3 which resulted 

in smaller columns. Fot this structure aIl the columns were choseh 0 be 450 X 450 mm 

instead of 500 X 500 mm. Due to the smaller dimensions of these columns the longitu-

'dinal reinforcement in the interior ground floor' columns had to be increased to 2.4%. 
o 

In this desi'gn the columns were stronger than the beams. 'The 'results of the non-linear 
, 

dynamic analyses [82J-are summarized in Fig. 7.34. It is interesting ta note that the 

reduction in coluIDn size for the interior columns has led to an increase in the number 

of joint hinges from just foui at the top storey to a total of ten as shown in Fig. 7.34 a. 
, . 

The. large amount of longituèlinal reinforce:rJ1.ent in the first storey columns prevented 
• 

joint hinges from forming at the first storey leveI. The reduction in column size Icd to 
Q , 
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a!! iIl;aease of 16% in the top storey defiection (see Fig. 7.34 h) and a 25% increase in 
, 

c 

the interstorey drift of the first floor level (see Fig. 7.34c). This 25% increase in the 

interstorey drift results in a significant increase in th~ structural and n,on-structural 

damage estimates. In ad~ition the shear in the interior column at the first storey level 

doubled (~ee Fig. 1.34 d). The results of this study emphasize the need to avoid yield-, 

ing of the joints by choosing sufficiently large columns and by providing sufficient joint 

reinforcement. The sensitivity of the responses to joint yielding creates greater concern 
, -abou t the adequacy of old~ structures in resisti~g significant earthquakes. 

" 

'143 ' 

________________________________________________ ~ __________ T 

\ 

o 



J 
/ 

.... 
~ 

200 r----,--..,I--~I---r--:I--ï-J e 
1 1 1 r E !50 f--4---l1---+-7\~-+---+-,--j 6 

§ I----~;-~---~~~~_+I~~-+~~_-+--~--
100 .... • \ . i' t.\ 4 

~ f-~~'+'~_~lhV~,~~J~N'IU~\~'~f~_~ ___ ~~ 
c: 50 1 J\ ri' \\ ,/ ~ \ l '( \" '"' 2 
QJ 0 ~~'j.,.~. ~i.;.J l,rI~~:;;/.! ~-\-\ \·r\'r-ff-il:....-t-~. -\-+f-.~*'\+-\~·-1i':...;; •• 'i'iA~ 0 ~ 10-J 
E .-., .... , v\JKV1 ' \ "\ \ 1" ,1 Y \ H 
QJ 1 \,' 1 \. , \' 1 ;. -\ 1 /( f\../ \ u -50 1--~-!.-':Io~---l\\,l-U'I++-.::,.......JH~l..+~-:.:--i 2 • 
III l '1 1 \ U \\ 1 l '. 

" l 'V\ .. I \;J ,1 1 • ~ -100 I-f----...:...-.~"--:....--.: ....... :-;.,*. ~+---.-:~'--~----:;. -1 

Ul I_-~I---r, _~\,W-___ ~1 ____ ~1 ___ ~.6 
..... -150 t- 1 1 1 j 
~ /\~ 1 

1 1 8 
-2000L-~~2----4~~-J6--~B~--~10-~~12 

TIme (sec.) 

a) peak ground acceleratlon ,.. O. 27g" 

200 

- 150 E 
E --100 

~ 50 c: / 
CIl 
E 0 
CIl 
U -50 
III .... 
Cl. -100 
Ul 

1--

.... -150 
0 

-200 
0 

b) peak 

200 

E 150 

.§ 
100 

1--

~ 50 
C 
CIl 

LE 0 
.' 

QJ 
U -50 
III .... 
Cl. -100 
Ul f-

.... -150 
0 

~ 

-200 
o 

8 

6 
~ .- :-' - '-

-",(\ 4 . .. iN \ . 
f\ III \ 

'''' 1 .{'\ \ ),IL\ .. \ 1 \ \ i }.-..{\ \l' f..' ')1( 
.... ~ \\ ~I 1 \ \ / ... 41( /. ", 

.r ,\ y 1 """K / '-1 
\/ ': \ irT -=" p' 1 

1 \ VV 1 1 
I.~ ~ 

, , 
1 ~ 1 1 
1 \ 

, 1 1 
1 1 1 1 
2 4 e 10 

Tlm ,(sec. ) 

gr nd acceleratlOf'l 

1 1 1 1 1 
1 1 1 
1 1 1 1 1 

: -1 

1 1 1 1 
1 1 1 

" 
,""", 

.. -:-.. ~ ,/t\ ~ 
l'i-" ..... ~V 7" 7""'<:-. . 

-- - L.- i- -

2 

, \ 
1 

7 

4 6 a 
rime '(sec.) 

, < 

10 

-

'-.. 2 

4 

-
1 6 

B 

2 

1 
1 
1 

O. 18g ~ 

a 

6 -
<1 

2 

'-' 
o ~ 10-3 

H 
2 

4 

-
6 

a 
12 

cJ peak ground acceleratipn - 0.0789 

-- Motior.l 1 
-- Motion 2 
_.- Motion 3 

----. Motion 4 

• 

Fig. '1.1 Roof displacement time histories for different' ,levels of maximum peak 
ground acceleration, a, for DId K=1.3 structUre in Montreal 

144 



, 

200 ~--~----~----r-I---'~-----f-i---;_ja 
1 .J Ê 1 ~o !-----t----+----+-I-(\~-tJ-----+-----::_16 

E t- -r- - r I-rV-;- --
100 !--~-+----+'A\:---t7j,.-t-t L-----t------:j 4 

~ ·0 1 -~L~·-r--~'v4~r_~/~/'~\~f~~+_--~2 c "r- / 1\ i l' 1\ '1 \ 1 1 \,,_ 
(li j,.... l'II /1) \ ''\ 1 \ i :-'""f \ t· A 0 ~ 10-] 
E ~ ~~ .. ~--~~~+~b~~~4,~t~/-+~Hr\~/~.+\-t\!~yf~, H 
(li ~\.' \\ 1 L .... ' 'V\ 2 
u -~o . 1 Il 1 \\ 1 •• J 
! r-::::j:;::t\·=:~:~~'l,i~·~Lt:~~UI'~~J~:::+:::~ 4 0. -100 ::- ~ _ + II- ~ _ . _ 
(J) t==-=:..;rI=-==-==t-==--BiïF=-=~:::"":=-~"';;;;;;;:~ 6 
M -1~0 l---!,----+---".Kt.----+--.;;.....+-----j 
O l' 

-2000L-~-J2--~-4L-~-6L-~~a--~-1~0~~12 
a 

Time (sec.) 

a) peak ground acceleratian'~ 0.27g 

200 

E IS0 

E - 100 
t-

'+J SO 
C L 
ru 
E 0 
ru 

-5~ u 
.' co ..... 

0. -100 
ln t--

..... -150 
Cl 

-200 
o 

1 
1 
1 

h -"- t- -t --
• ....r\ 

, .. i"-/.\ J 
X"\ fiJ ." ""' 

.'\ \ 'f \ \\ 1 \ \ 1/·...y\ \ .. ~ .. ~ 
''\'" \. \ 1 \ \ l' v'" tif /. .~ 

.7 Il V • 1 f\. 1 "" '-., 
li ~\ " "'" IV 

IIi 
i:-':. - .-2 ~ - '-l 

1 
1 

2 4 6 B 10 12 

TIme (sec.) 

B 

6 

2 

4 

6 

B 

Ob) peak ground aerce leratian:4 O. 18g 

200 

..... 1~0 E 
E 

100 r-

+J 50 
C 
ru 
E 0 
ru 
u -50 
ftl ..... 
a. -100 
Ul ~ 

..... -150 
CI 

-200 
o 

I- - - - ''-

. .... -v""\ 
.' •• <", ~ • /t._\ !b.x-

'\'P ':~y 1 '-. ~ L .::.. 
\'( 
., 

...::~. ,- .... -

2 .. 6 B 10 

Time (sec.) 

8 

6 --
4 

.... ~ 
2 

4 .-
6 

0 a 
12 

c) peak ground acceleration - 0.078g 

-- Motion 1 
--Motion 2 
=-.- Motion 3 
---- Motion 4 

Fig .. 7.2 Roof displacemènt time histories for differ~nt levels of maximum peak 
ground acceleration, a, for K=1.3 structure in Montreal ". 

145 
.,., , 



,1 

\ 

'U 

, . 

• 

200 

- 150 E 
E -100 

-+J 50 
C 
ru 
E 0 
ru 1 

. 
u -50 ro ..... 
a. -100 

! 

Ul 
.... -150 
Cl 

1 
1 

-200 1 

o 

J 
~ 
J. , ' 
-r- ----, 

1 

.. " n. 
/ ~ r. r li" i\ / 

......I/!\\ UV .\ 1 

_:1./~ \ \ \/ : 
I~' • '1..1 :1 , li , \ '.1\' 

1 vI V 
--4 

1 1 
1 1 

i 1 

! 1 ~ 

! 1 ~ 

~ 1 ...... r- -...;;., 

'" fi \ . . , 
• \ 1 r'\. ....... 1 \ 

""\ \: .A\ \ :/I~ ,Ji 

\\L ili YI Y \\~ 
.II. 1/ .----; 1 : 

V, , ' , ,J 
oJ . 

..1-. 
\ 1 .. 

1 , 
1 

e 

6 

2 

6 

e 
2 4 6 8 10 12 

rime (sec.l 

al peak ground acc'e lerat ion = O. 27g 

, , 
1 , 1 1 

+' 50 c 
, Il 1,.-.. 1 1 , 

/'.' J.1A '1\ \ _l~ ii\ 
ru 
E 0 
ru 
u -50 co 

. J.', '/17\\'\ 1 /'-\ \ j J:.,'\ :~ 
~/71 ,\V' U \ j11/ '. \ '!.LA' \ '->r 

.Y.' 1 \ \,\, ,YI'- \i 1': 
l '1Y 1 ~ 1 

2 

,.... 
'0. -100 
Ul 
..... -150 
Cl 

1 1 
. 1 

Jo- ..J- --l. ~ -
1 1 1 1 -1 
1 1 -- 1 i 

4 

6 

1 1 1 1 e 
-200 

o 2 4 6 8 ' 

rime (sec.l 
10 12 

bl peak ground accelera~lOn = 0.18g 

200 
1 1 l 

Ê 150 1 1 

1 1 1 
E - 100 

r- -r -r ~ 

1 1 

-+J 50 
C 

1 
~ 

1 . 
ru 
E a 
ru 
u -50 co 

...... . ..... .. ~ r, Xl '\ I)-~ 
("'-'~/"" '- \XI "'v.;<./ '.-, 

,,-
1 
1 

...... 
0. -100 
(Il 

'0-1 -150 
0, 

1 

Jo- --- - ~ _-!-::.. 
1 .1 
1 

-200 1 L 
o 2 4 6 8 

rime (sec.) 

, 
1 

1 
-,.. 

1 
1 

"!::l.. 

-
i 
1 
1 

10 

~ a 
1 
-t 5 -

4 

'7' 
2 

-
6 

a D 

12, 

cl peak graund acceleration ,. 0, 078g 

--- Motion 1 
- -.,. Motion 2 
--- Motion 3 
---- Motion 4 

Fig. 7:3 )Roof displacement time histories for different levels of maximum peak 
ground accelerat~on, a, for K=O.7 structure i~ Montreal 

/ ,146 

.l 

( 

o 

/ 



C 

( 

. 

<0, 

c 

250 
~ - :0 

200 ! 1 , - 8 E -1\1 . 
.§ :'0 , - 6 

t-' -=/ t'-
100 ri ,"l - .: 

,4j , 1 Il 
C !i0 1"1 n ih 2 
QJ Vv':.Ji ;/\' :'1\- 0 ~ 10-3 
E 0 "JV, 'r fi 
QJ . " , , \'1-" 'oRt z H 
u- -~~ ',,.. . , ...... 

"' -"- v ,'h \ ' - ~ 
,..... ... ..,1 ....:. , 1-
~ 1·, 1 -.... _, c~ 
Cil .~- V . :; ..... " o -2::; 

- : 0 
-2~S 

C :3 6 9 l2 ,: 

TIme (sec, ) 

al peak ground acceleratlon = O,315g 

250 

200 
E 
E 150 - '100 
4J 
C 50 
QJ 

E 0 
QJ 

U -50 

~ -100 
CJ. 
III -H50 ..... 
0-200 

-250 

b) 

, . 
250 

...- 200 
E 
E 150 - 100 
4J 
C 50 
QI 
E 0 
QI 
U. -50 
CUô' ...... ,-100 
a 
III -150 

• .-4 
Cl -200 

-250 

1 
r-- -'-

71 tlii 
'.,\' . 

--"'" ' "'H' -
1-

o 3 

...... 7T '.-r- t'- --
7" 

, . , .",. , . \ 1. il Il m /~ , . !l' 't.' I_~ , e_ .~ . Il '\III ...,.-
~. I:f' 
V 

Jol '-- --= 

6 9 12 15 
Time (sec.) 

10 

8 

6 

A 

2 
o III 1 10-3 
2 H 
4 

6 

a 
10 

peak ground acceleration -= 0.21g , 

r- -

&. . 

r- -

- - r- t-- ......, 

r:w: -.'W1\.' N.. .;~ ,J-..\. ,rt.r+. ~ 
~ W '\ Yl/' 1\iI ~~ 

_. 
-..:;' 

'A' 1 

- - ....... -

10 

8 

6 

4 

2 

o ~10-3 
2 H 
<1 

6 

8 

10 

o 3 6 9 12 15 

Time (sec.) 

~) peak ground acceleratlon - ,0.089g 

Motion 1 

-- Motion 2 
_.- Motion 3 

---- Motion 4 

Fig. 1.4 Roof displacement time historIes for different levels of maXimum peak 
ground accèleration, a, for 01d K:;:1.3,structure in Vancouver 

147 

o \ 

", 



1 

; 

/ ' 

f 

250 -

- 200 
E 
E 150 - 100 t- --,-

.j.J 

c: 50 'i ,,\ 

Ql 
0 E 

r.,'Uf 
'~,;;'U7\' \U 

Ql 
-50 U 

. . 
0 

~ -100 
IV 

f-- -
0-
U) -150 

.r"! 
Cl -200 

-250 
a 3 

1 

...- -, 

. . 
11\ 1'1 . . . 

1 \ 

.1 

, , , 
-\.. i- -'-

V 

6 

Time 

1 

--1 r-
~\., 

1 • 

. 
1 . , 

1 . , 
, 
l " , 
1 

9 

(sec. ) 

. 
. 
, 

'" \\~ 
'-

r- -

,iX 
~ 

HI '[N 
l '''-.1 '1'-
~ 

1 · 
, · 1 · J , 
1 , 

12 15 

la 
B 

6 

4 

6 

B 

10 

a) peak ground acceleration :a O. 315g 

250 

- 200 
E 
E 150 .... 

-100 
.j.J 

c: 50 

~ 0 

~ -50 

~ -100 
0-
U) -150 
r"! ~ 

Cl -200 

-250 

li" 0 

_oS 
0' 

10 

B 

6 
r- - - "." t-- r- -

4 
l\ v\ 

/ f1 ri III , 0 /, ' j,ry. ~ 
j.V' "'i 1 .'~ 7 0 ,1 -\ r \1 '/il\\ JE-';: 

'~""-I\:.. "'I-f \ \ 'VI ri' 't M' t\ 1 .~ 
.,- .b(0 . 7fT 'U '0111 ...., 

l'f 1 

2 

0 lAI 10-3 

2 H 
1 4 

f-- -1 .-j/ ~ -
1 6 
1 

1 B 
1 

10 

o 3 6 9 12 15 

Time (sec.) 

b) peak ground acceleration = 0.219 

250 

- 200 
E 
E'o150 .... ' 

100 .--- -
.j.J 

c: 50 
Ql 
E 0 
Ql 

-50 U 

L' J::, 
,"" 17 

! .,,100 
f-- -0-

U) -150 
.r"! 
Cl -200 

-250 
o :3 

-
A' 

1 0 - -
1 1 

1\. r....r ~ 

,'Ni", 1 
, of'U ~~ \ t7.rY. ~ 

\W \YlI' W/ ~1'/ - '-' 
',JIo' v T'\ 

1. 

:.... - -

- 1 

6 9 12 15 

Tlme (sec.) 

10 

B 

6 

4 

2 

o lAI 10-3 
H ... 

2 

4 

6 

B 

la 

cl peak ground acceleration "" 0 .089g 

- .... ' - Motion l 

-- Motion 2 
--- Motion 3 
---- Motion 4 

Fig.o'l.S Roof displacement time histories for' different levels of maximum peak 
ground acceleration, a, for K= 1.3 structure in Vancouver 

l ' 

148 

f 

o 

... 

" 



c 

c 

/ 

e 
250 

200 

e, H50 - 100 
o4J 
C 50 
QJ 
E 0 
QJ 
U -50 
10 

,... -100 
a. 
III -150 
.... 
0-200 

-250 

t-- -. A 
l 

JY lAI -- fi.. !-l 

" 

'"- -
1 

o 3 

. 

~ 

1-- -Tt .--1 r-,... ,"" 

.1 , 
" . . , . il\ . . . . \ 

'1 ~. IV 'I\~ - "- ~-, 
': 

6 9 
Time (sec.) 

~- -
" 1 .. .. '-il ~ 

"t v., 

" ,v 

-= v 

12 15 

10 

B 

6 

4 

4 

6 

8 

10 

al peak ground 'acce lerat lon = O. 315g 

250 

_ 200 
E 
E 150 

100 
o4J 
C 50 
QJ 
E 0 
QJ 
U -50 

~ -100 
a. 
III -150 
.... 
0-200 

-250 

~--

JI .-1 
~ 

'"\f\> "V-f . . 

- -

o 3 

.. 

- -
'\ J. 

t\- If. .. ,,/- ~ . ir'. in. 
lA . , \ li , _\ . 

~ !/<J ' \1 fI , "rf 
\, 

l-

6 9 
rime (sec.) 

1 

10 

B 

6 
r-- -

4 

A.. 2 
1/':\ a ~ 10-3 

11\ .f-
~ 

I--

12 

\~ 
v 2 

4 -
6 

8 

10 

15 

H 

b) peak ground a'cceleration = 0_219 

250 

- ;;!OO 
E 
e 150 - 1 - -100 

o4J 
C 50 

- r-

~'" ., 
'" 

~ 

... 

-

10 

B 

6 

4 

2 
QJ 

0 E 
~ ~. .1.../'':'' lA \ -~ ,'l' , 

""'" Po ~ 10-3 

2 H III 
'-!'lD 'U 

lU 
..... -100 1-- --1 a. 
U] -150 .... o -20Q 

3 

'.'1. ~ UI ~." 
-, f'( ~ -

- f-
~, 

" 

6 9 
Time (sec.) 

o 

1-
I--

12 

'z 

-

15 

4 

6 

B 

10 

c) peak ground accel~ratlon - O.Oa9g 

--- Motion 1 

-- Motion 2 
--- Motion 3 

--- Motion 4 
.,J 

\.. 

Fig.1~6 Roof dis placement tiIIl2 histories for different levels of maximum peak 
ground ·acceleration, a, for K=O.1 structure in Vancouver .. ' 

149 

·L 

,.. 

/ 



l 

-

" 

• o 
, 

NegQtJV8 moment ~lnge 

POSI t 1118 momClnt hl ngCl 

Tima 5.51 SQC. 

A roof· -124.70 mm 

Tl mQ • 5. 89 SQC. 

6 roof.. 5. 99 mm 

. 

, 

.J. .. 
rimQ • 6.32 8QC. 

J. 

A roof - 112.47 mm 

a) 

.' th) 

c) 

Fig. 7." Deformed shapes and corresponding types and locations of hInges, for 
k=O.7 structure in Montreal for the most critical motion 

150 

" 



, • IOUlt 'y!eldltlg' 

• moment hlnglllg 

H Shear 'ylel<bng' 

• • • • , 
1 1 1 • 
1 j j 

" • 
1 1 j 

a.) 
1 1 1 

1 1 

1 • 
-, - ... -

Old K:1.3 

• • • • 
\ 
" 

1 

. 
1 1 

b) 

1 • 1 -
K=1.3 

, 

,-

1 
Q 

1 

c) 

_:- ----- - - -
K=a.1 

Fig. 1.8 Summary of hinge types a.nd locations during entire time history re­
sponses for Montreal structures 

151 

\ 

\ ' 



• l 

1 ~ , 

-

• IOlnt 'yieldlnQ' 
• moment hlngmg 

.. , shear ·Y'rd1ng· 

• 

1 • 
l 

• 

• ::=.II 

. 

• • 
1 

, 
,1 l 
~ ï ..:. 
"'" i 
'.4 ~4 • 

• • , 
1 

j 

1 -
1-

- -
K=1.3 

~ \ 

• • «mil: .. 

K.O.7 

, 

• 
1 

• 

• 
1 

1 

... 

... 

• -

1> 

a) 

h) 

,r 

c) .0 

, \ 

.. Fig. 1.9) Summary of hinge types and locations during entire time history re-
( 

sponses ,for Vancouver structures 
-' 

152 ., 



c 
tioo t ,..--, ........... -...... __ -.--rT"-... 

1 1 If.. 
!5 1--ii-4-+1-../.I--I--l-I-oI-l ( l I~L' 

Ul 4 J..-!.--I-...!..4/li-J-·1-V,'+,.,~-l 

~ 3~~~~4-~~ 
o flV 1 

...-1 1 / 
lJ.. ", a f---l-#r-r-:,.;-+--+--:--~ 

V~~/ 1 1 1 1 

Ground 
~'Î Il'1 

o 50 100 150 200 

Oeflection ~ml ~ 

al peak ground acceleration • ot27g 

Roof 

4 
Ul 

B 3 
o ,..... 
u.. 2 

GI"ound 

, 
1 "! 

1 1 1 
1 Il ~: 

1 1 1 J 

III' w 
;~' 

j \ 

o • 50 100 150 200 

De f lect ion (mm) 

b) peak grou~d ac~elerat1on • O. 18g 

Roof 

, 5 

4 

Ul 

~ 3 
o ,..... 
u.. 2 

Ground 

I~ 
1 fi.' 1 1 

lM 
'!T! ' 
1 

~: 
1 !l 

Il 
o !50 100 150 200, 

Deflectian (mm) 

c} peak ground acceleration - 0.078g 

-- Motion 1 
-- Motion 2 
--- Motion 3 

--- Motion 4 

.. 

Fig.T.lO Envelopes of lateral displacements for OId K=1.3 structure in Montreal 

153 

/ 



Il 

• 
/ 

• 

Moof 

5 

4 

Ul 
'- 3 0 
0 ...... 

lJ... 2 

1 1 ; 
1 r7:1 i " 

1 l ,l l/;' 
j" I{ 
'1 V;, 

1 

~ V/ j " 

Gl"ound ~ 
~,' 

o 50 100 150 200 

Oefleetion (mm) 
, 

a) peak grou~d aeeeleratlon • 0.27g 

Robf 

5 

4 

Gl"ound 

1 1 '1 
: 

III~ 1 

" 

Il 1/ 
1 1 

1,/ w 
1 

, 

if' 
~ 
o 50 100 150 200 
6e f Iee t lon (mm) . 

~ 
b) peak ground aeceleration - 0.18g 

" 

Rcof 

4 

Ul 
c..~r . 
o 3 
o 
~ 
lJ... 2 

Gl"ound 

I~ 1 " 

1 d 1 

. 

: Il 1 
, , 

~: 
1\\ , 

o 50 1001 150 200 

Oeflection (mm) 

c) peak ground acceleration a O.078g 

--- Motion 1 

- - Motion 2' 1 

--- Motion 3 
, J 

- ... - Motion 4 

r' 

" 

Fig.1.11 Envelopes of lateral displacements for K:-1.3 structllre in Montreal 

154 

7 



Ct 

c 

~ 

c 
'----, -

Q 

.~ . 

ROOf 

4 
11) 

5 3 
o ,..... 
lJ- 2 

(Jround 

1 1/ III . 1 

/ li 1/ ,. 

1/ j j 1 
1 lA 1 1 

I/j 
1 1 " 

1 ~~ li. 
o 50 10'0 150 200 
Def lection (mm) 

a) peak ground acceleration .. 0.27g 

Rao 

en 
c.. 
o 
o .... 
li-

r 

-
5 

4 

3 

2 

1 

Groun d 

liT fI 
/11.1 

Il -ri . 
9 

Il 

~ 
,V! 

V \ -~ 

o 50 100 150 200' 
Def lection (mm) 

b) peak ground acceleration - 0.18g 

Roof 

5 
1 

-

1 
4 

en 
c. 
0 3 
0 .... 
li- 2 

0 

T·, 
T 

1 
IJ 

If 
Grouna 

o SO 100 150 200 
Deflection {mm)' 

cl peak ground acceleration - 0.078g . - , 

--' Motion 1, 
..:.- - Motion 2 

Iff 
--- Motion 3 
---- Motion 4 

J 

<) 

" 

-' 

Fig: 1.12 Env~Iopes of lateral displacements for K==O'.7 structure in Montreal 
-,.. 

r • .J 

155 

.. 

! 



Il 

, , 

/ 

>4oot 

5 

4 

Ul 
c.. 

3 0 
0 
ri 

l • lL. 2 

1 

Gr ouna "-"-'---'--'--........ -'--'-~--' 
o 50 100 150' 200 250 

Oeflectlon (mm) __ 

a) peak groun~ acce~eratlon ~ 0.3159 

Roof 

5 if / 
j 1/ V 

4 

Ul 
t. 

3 0 
0 

~ il 1 , 
,II 1/ 

ri 

lL. 2 J , 

" fi' . 
Grpuna 

~I' 
o 50 100 150 200 250 

Deflectlon' (mm) 

'b.), peak, ground acce leration .00.219 

Roof 

1'5 .. 
4 

'CI) 

a 3 
o 
r-t 
11.. 2 

Grouna 

-i 1 

1 . , 

,~ 
Il 

c 

, 

o 50 100 150 200 2!50' 

Def le"ction fmm) 
" 

, . 

~ c) peak ground acceleratlon ·'O.089g 

h -

---Motion 1 

-- Motion 2 
--- Motion 3 
---- Motion 4 

-

.' 

/ 

, 

, . 

Fig. '1.13 Envelopes of lateral displaëements for OId K=1.3 structur~ in,Vancou-
ver 0 

,0 , 
'0 

Î 
b 

156 

.. 



" 
\ 

• 

( 

i .. 

, 

Rao f 

5 

4 

il! 1/ / , 

j 11 /:L 

Graund 

(J) 

'- 3 0 
Cl 

...... 

~ 2 

1 

, 
;,'/ // 

1 f! V III T 

'lU 
~ 1 1 

o 50 100 150 200 2~0 

Oe.f lectlon (mm) 

a) peak ground acceleration = 0.315g 

Aoo f 

5 

4 

\Il 
'- 3 0 
0 

J 
" 

1 

~ 1/ / 

! /, 1 
VI VI 

GrounO 

,..., 
lL. 2 

1 

J . ~I 

V 
o 50 100 150 200 250 

Deflection (mm) 

bJ peak ground acceleration ~ 0.219 

Roof 

5 

4 

ID 

5 3 
o 
roi 

lL. 2 

Ground 

, 1 
f 
1/ , 

, 

'1 

.~ 1 

~ ) 
G 50 100 15~, 200 250 

Deflecti9n (mm) 

, cl" peak ground acceleration ~ 0.089g 

--Motion 1 

--:-~ Motion Z 
-,-- Motion 3 
---- Motion 4 

j 

/ T 

, . . 
Fig.1.14 Envelopes Qf lateral displa~ements for K=1.3 structure in Vanco~ver 

157 



1 

.. 

_ é 

--

.~ 

• 

Roof 

5 

4 

al 
C-
o :3 
a 

lf 2 

v Il 1/ 

-1 1/ 1 1/ 
1/ V 

/IVY Il 1 

/,~ 
V j III 1 'J. 

Graund 

~ 
y-

Il lj ~ 

o 50 100 150 200 250 

Der lect Ion (mm) 

al peak ground acceleration ~ 0.315g 

al 
c... 

5 

4 

a :1 
a 
r-t 
l.L.. 2 

GraUnd 

.1' 1/ 
1 

i 11

/ 

. 
: :/ 

W!'1 
ri b 

~~I -

~r/ 
o sa 100 150 200 250 

DefJ.ection (mm) 

bl peak. gf'ound ace e ler.a t Ion ~ O. 21g 

• 
Raof 

5 

4 
al 
c... 
a :3 
a 

-
il ,1 1 

IH 
l " 

1 

t/l 
J 

r-1 

l.L.. 2 

.~ 
~. 

Graund 
o 50 100 150 200 250 

beflection (mm) l 

! 

cl peak gr~~nd aceeleration - 0.089g 

- ....... Motion 1 

-- Motion 2 
--- Motion 3 
---- Motion 4 

Fig.7.15 Envelopes of lateraI displaçements for' K=O.7 structure in Vancouver 
J 

158 

, ? 

.,. 

., \ .' 



ROOf 

Motion 1 
( 5 

--Motion 2 \, 

4 --- Motion 3 
(1) 

---- Motion 4 c-
o :3 

0 

0 .... 
lJ.. ~ 

. 0 

Ground 
0 5 15 20 (10"h) 

Storey drift 

o a) peak ground açceleration :0: 0 .27g~ 

Roof 

tI> 0 
. 1 

5 , , 

4 1 
" 

; 

(1) ! c.. r 

0 3 i 0 1 .... ; lJ.. 2 
1 , - 1 

1 .. 

C 1 
1 
1 

Ground 
15 20 (10"hl 

! 
0 5 10 

Storey drift 

~ J b) peak ground acceleration = 0.18g 

Roof 

.11 , 

Il 
5 

1 

Il 
~ i 
Il i l-- A/h-1I200 

Il i 

(1) 

a 3 
o 

'L: 2 

J f 
, 

li 
-- Ground 0 5 10 15, 20 (10"h) 

Store y dr ift 

c), peak ground acceleration • 0.0789. 

Fig. '1 .. 16 Storey drift indices lor Old K=1.3 structure in Montreal 

j 
159 



Roo f 

Motion 1 .... 
'1. 5 .. 

L -- Motion 2 
4 .. Ul i --- Motion 3 c.. , -0 3 '1 -_.-" Motion 4 0 , 

1"1" i lL.. 
, 

Root 

5 

$: 4 
Ul 
c.. 

:3 0 
0 
r-f 

Il.. 2 

1 

JI 
t Il 
~, i 
~ i 
Il i V 6/h~1/200 

Il i 
(~ 

, 
, 1 

H Grounl2 
o 5 la 15 20 (10·'h) 

Store y dr i ft 

c) peak ground acceleratlon a'O.078g 
.< 

'J" ' . -
Fig.,7.11 Storey drift indices for K=1.3~5tructure in MpntreaL 

., \ " 

/ 

160 

~~ __ ~.L ____________________________________ _ 



C 

( 

\ 

" 

c 

Roof 

5 

4 

(1) 

'- 3 0 
0 .... 
li.. 2 

Gro un à '--'-"'-'-'----'---""--'----. ..... 
o 5 10 15 20 (10"h) 

Storey drift 

al peak graund açceleratian = 0.279, 

Roo t ....-.-..--.-------, 

5 

4 

(1) 

~ :3 
o 

.-1 
li.. 2 

Gr a un à L.-.&-I-U--'---"---"" ........ -'---l 
o _ 5 10 15 20 (10"n) 

Starey d["i ft· 

b) peak ground acceleratién ~ 0.18g 

Roof 

\ 5 

4 
U) 

'- 3 ~ 0 
0 ,u .-1 
ll.. 2 

1 

1 
1 

Ground 
- 0 !5 10 15 1 20 (10~·hl 

Storey drift· ' 

" 

c) peak ground acceleration - 0.078g 
. ' 

Motion , ,. 
'-- Motion 2 
_.~ Motion 3 

-_ .. - rvtotion 4 

" .. 

-

Fig.1.18 Storey drift indices for K=O.7 strùctu!e in ,Montreal 

161 

.. 

-, 

\ 



\ f 

1 

G 

.' :.:" 

\ 

( 

\ 

Roof ,....----",.,..,..-___ ..., 

ln 
c.. 

5 

o 3 
o 

...... 
IJ.. 2l-

t 
1 • 

Gr 0 u n CI '----"-.l.iJL-.oI. ......... --'--'--J 

o 5 10 15 20 (lO·' h ) 

Store y dr l ft 

al peak ground accelerttlon = 0.315g 
...... 

Roo f ....--,...,:'1""----_-, 

Ul 
c.. 

5 
,1 

4 

o 3 
o ..... . 

IJ.. 2 
1 

1 . : f 
Gr 0 un 0 '---.>J"--"-' _____ ---'---'---' 

_0 50 10 15 20 (lO" hl 
Storey: dr-l ft 

bl peak ground acceler~tlon ~ 0.21g 

Roof 

5 l-
.4 

ln 
c.. 

3' 0 
0 ..... 

LL.. 2 

il 
!~ . ~ 
l' , . 
il /..--Llo/h-1I200 

il 
II 1 1 

5 10 15 20110·'h) 
Ground 

o 
Storey drlft 

c) peak ground acceleration = 0.089g 

--- Motion 1 

-- Motion 2 

--- Motion 3 
l ' _. -- Motion 4 

~ 
~----------------~ 

, . 

1 

110 Fig.7.19· Storey drift indices for OId K=L3 structure in Vancàu~ér .' 

, . 
- \ 

162 

____ '!o-~ _ 



·c \ . 

\ 

f 

. -
--.-- -- -. -- ----, -~~---~~ .. 

.", 

( 

c 

• RoOf ,........---.,rrr-----, 

~ 

4 

Grouna 0 ~ 10 1!5 20 (10·sh) 

~torey dr l ft 

a) peak ground acceleration = 0.315g 

Roo f ,-,-""'Tnr------, 

5 

4 

!Il 

~ :3 
o 

...... 
,u.. 2 

Gr 0 una '---.................. ---"----'----__ ..... 
o 5 10 15 20 (10··~ 

Storey drift 

b) peak ground accelèration = 0.21g 

Rao t r-..~r------..., 

4 
, en 

~ J 
, 0 .... 

o IJ.. 2 

Gra und~.a.L...I.-........ "'--"'__"'--'"--' 
o !5 10 1!5 20 110~lh) , 

Storey dr i ft 

cl peak ground acceleration .~O.089g 

--- Motion 1 

-- Motion 2 
, -.- Motion 3 

---- Motion 4 

, . 

\. 

Fig.1.20 ~torey drift indices for K=1.3 structure in Vancouver 1 

163 

'. 



RoOf 

1 
Motion 1 

!5 -- Motion 2 
4 _ .. - Motion 3 

ID 
C. 
0 3 

_ .. _- Motion 4 
0 
~ 

U. 2 

G. • 

Fig •. 1.21, . Storey drift indièes for K=O.7 ~tructure in Vancouver .....' -• t l 164 
.. 

, , 



c 

\ 

i,~ 

Root 

Ul 
c... 

5 

4 

o 3 
o 
ri 

'IJ... 2 

GrounO 
o 

, 1 
c::::l ~.turo 

OUCUUt1 

.. ~outu" 
GUCUUtt 

c:::::J Mu "ln9_ 

'iDUtlon 

_ c....l.th • 
hlnaoi t"O~.t lon 

2 4 S B 10 0 2 4 6 B 10X10-J 

Ouctllity Hinge rotation (rad) .-
a) peak ground acce ferat ion = O. 27g 

Root 

5 

4 
II) 

c... 
0 3 
0 ,..., 
IJ.. 2 

,Ground 
o 

'\ 

c::::l o.r"".,,.. 
... OUC'tlUcy 

_ Rot.UD,,­
_CUit)' 

1 

,C 
L 

r::::l _. hl.". 

l'"OtaUon 

_ tuaI_Uv. 
hlnOI ratees.on 

10X1O-S 2 4 6 B. 10 '0 2 4 6 B 

Ouctillty Hinge rotation (rad) 

b) peak ground ~c~~leration = p.1~g 
" 

Fig. 7 .22 Estima~rvature ductilities 'and PI~tic hinge rotations for OId K=1.3 
structure in Montreal 

.. 

" 

, . 
" 

l" 

o 



• 
.. , 

\ 

Roof 

w 
c.. 

5 

4 

o 3' 
o 

t-1 

lJ.. 2 

Groulld 
o 

t= 0...-., ....... 
, o~ulltT' 

_ RaUtlDn 
aUC1UU., 

l' 

c:= ..... ",,",. 
"'Ot..UDn 

nln,. l'''OIIt.lo,," 

2· 4 6 8 10 a 2 4 6 8 10X10" 

Ductlli ~Y Hinge rotation (rad) 

a) peak grcund acceleratlon Q O~27g 

Roof 
c::::J ç.urVU'W"'. c:::::J Mn hl"OI.o:'" 

aùCt1l1ty "Dtnlon 5 

L 
_ eu-.,lIu ... _ 'RotaUan 

aucUl1J;y r\ln,_ routlon 

4 
ln 

'" 1 c.. 
0 :: .r:::: 
0 t t-1 

lJ.. 2 

o 2 <1 6 8 10 a 2 - 4 6 8 10X 10" 

Ductill t y Hinge rotatlo~ (rad) 

- Ob) peak- ground acce lerat lon ~ 0, 18g 

~ , -
Fig. '1.23 Estimated cUrvature ductilities and plastic hinge rotations for K=1.3 
structure in'Montreal ' , 

166 

" 



c 

,( 

Roof 

en 
(.. 

5 

4 

o 3 
o 
~ 

u.. 2 

Grouna 
o 

c:::l eu.-vat.lfr_ 
OUeU1U,y 

_ Aoutlon 
.... 'Ult,. 

= H .. hln ... 
rlut-l1lPn 

_ Cu.tUIUve 

Mn,_ ro'.tl ..... 

\, 

\.001.....;"--'--1. ....... -'--'--'-"--........ 

2 4 6 e 
Ductility. 

10 0 2' 4 6 e 10X10·· 

Hlnge rotat ion (rad) 

a) peak groun~ acceleratlon = 0.279 

Roof 
c::J eu,."ature c::::::J MIl. ftln" 

O\IctU~ty rouUon 
5 _ AGutS." _ eu..1etlVI 

àl.lcr,lllty hln,. l'''CItit Ion 

'4 
en 
(.. 
0 3 , , 
0 
~ 

IJ.. 2 .. 

Ground, 
0 2 4 6 e 10 0 2 4 6 e 10X10" 

Duct il ity Hinge rotation (rad) 
/ 

b) peak ground acceleration ... 0.18g 

" 

Fig.7.24 'Estimat'ed curvature ductilities and plastic hinge rotations for K=O.7 
structure in Montrea.l 1 • 

, i 

\ 

167 

'\, 



-, 

• , 

, 0' 

\ , 

.. 

Roof ri 
~ LI 

~ 4 ij 
o 3 ~ 

'---
1 

t::::I -.. ...... 
alolct.llU, 

_ Aotluan 
• ycUlltr 

~ 1 1 -
lJ... 2 ';;;' ;;;;;=== r-r 

Grpund T 
o 2 4 6 B 10 

DUC'tlll t y 

c::::J... ",",. 
rOUtkn 

_ ,tu.ulath • 
fIln •• ,..,.Uan 

\ . 
o 2 4 6 'B 1 OX 10-' 

Hlnge rotatlon (rad) 

a) peak ground accelèration = 0.315g; 

Roaf 

~~ 
c:::: eurvltur, c::::::::J ...... hln,_ 

auc:t:Uity rauUan 
_ AotatlDlt _ C:u-..htln 

k, ~c.tl11.CY "'nGa rauU_ 
4 

en 
1 l t.. 

0 :3 .' ,e. W 
• 

l'J 

lJ... 2 

1 1 

iround 
o 2' 4 6 a 10 0 2 4 6 B 10X 10" 

DUCtll1 ty Hinge ratatton (rad)" 

b) peak graund,acceleration - 0.21g 

Fig.7.25 Estimated curvature ductilities and plastic hinge rotatioIlS'for Old K=1.3 
,A , 

struct\lre in Vancouver 

168 

r 



c· 

"-

( 

J' 

c 

1 

• 1 

, 

Çjoof ~. 
.c::J CUf-.,.t~ 

c=::J _ 
"ln •• 

~tUU, p l'''ft.aUon 
!5 

_ AotetSen . _ eu.ulath'1 
aucU, Ut y nt",. routtan 

4 
" P 

III 
'- r---. 0 3 
0 

1 
-

r-f 

l1... 2 

1 

Grouno ...l..J. 

o 2 4 6 8 10 0 2, " 6 8 1ClX10-' 
Duct 11 ity Hinge rotatlon (rad) 

a) peak grou~d acceieration = 0~3i5g 

Roof 

5 

III 
'-
0 3 
0 

r-f 

l1... 2 

Grouno 
0 

b) 

2 " 

_ RD'.tlDn 

aUCUUtr 

6 B 10 
Ductillty 

b 
L 
0 2 

Hinge 

C=:I ..... "lnll 
ratetl." 

_ "--'l.Uv. 
"'\ "1" .. "onu", 

.~ 

.01 6 B 10X~O-' 

rotation (rad). 

peak ground acceleration = 0.21g 
• 

. . 

j 

" 

. 1 
Fig.1.26 Estimated curvature ductilities and pl~tic hinge rotations for K=1.3 
structure in Vancouver 

1 

169 
"9t 

\ 

• t 

/ 

.' 

c, 
1 



q 

• 

.. 

. . 

i 

i 
1" 

) 

1 

, 

/ 
/ '. / • _____ 1 

Raaf 

Ul 
'- . 

'0 3 
o 

.c;::: CWOv • ...".: 
owcUltty 

_ ".utlen 
",laUlly 

.... 
li.. 2 C;;;;;;;:=:=J 

r=M .. ",,,,, 
'rU,UI" 

_eu.ulatl.' 
Mn'I rouU.., 

GrQund 
~O 2 4 6 8 

Ouc;tlllty 
10 0 2 4 6 8 !OX10" 

rhnge rotat lOn (rad) 

al peak ground acceleratlon = O,315g 

Roo t 

5 

4 
Ul 
'-
0 ,3 
0 .... 
li.. 2 

1 

c:::::t :.,u...,'tUl"'I 
01.lCUllty 

_ ~utU" 

auc:cllUy 

t 

c::::J M,_ Pt1",a 
d.~ .,..,.,'an 
_~.-uht1y. 

'''nQ, r. ue loti 

" 

GrQÛnd'~~~~~~~~~-J 
o 2 4. 6 a - 10 0 2 4 8 . 10X 10" 

Outtility Hinge rotatlon (rad) 

b) peak,ground acceleratlon a 0.21g 

4 

\ 

o 

" 

Fig. 7.27 Estimated curvat)1re ductilities and plastic hinge ri>tati~ris for K==0.7 
structure in Vancouver 

1 

170 , 

: -

, " 



1 

,; 

'. 

1 

-oot 

5 

4 
UJ 
L 
0 3 
0 

r--t .... 2 

groUnd 
0 

roof 

5 

4 

UJ 
L 
0 3 
0 

...... .... 2 

c * 

1 \ 

-, 
--'ACllon 
-- \Acoon.! 

ï~' 
1 i _.- ,'ACtion J 

~ - ._- 'ACoon 4 l U 
L, 

-- C.Jaa rac·:Jr&c,l 
, 

tl ! snaar 
l - - C.JlJtT1f1 snaar L,l,' 

=acltv III i 1 ~, l ;('1 

L U ' 
~, 

1 

~_: ----
200 400 •. &.00 800 1000 1200 140a 1600 ü 22C' 

Ex ter l 0 r col u m n 5 h e a r ( k N ) 1 n te" : 0 r C:.J l u mil S ~~ e , lr ,~,'JI 

" l, 

1. 
li 

al peak grounà accelerat_on '" a 2-:-g 

1 

1 

1 

~ 

1 

l 

.1 
l 

n-"..------.~---- -

L 

1 1:1i 1 

gr oun Cl OL......LlJ.l:-2~0-0 .~-4 0~0~-i-40-0~-8~00~-1-0~00~-12~0-0~1-4~0-0~1....J600 0 ~u-"-G-:--: ~'I C J' > : 'JI, ,,-> ~" J U 
1 ·1()U 

Exterlor column shear (kN) Interlor column shear (kN) 

b) pe ak ground ac:e lerat: on - O. ~8g 

roof ~rr--------r----------------~~----~ 

UJ 
L 

5 

4 

o 3 
o 

.... 2 

~ 

1 
l 

1 

l 
L 
1-

r~ 
1 

1 
/ 

" 

1 

l 
1 

1 
L 

1 li 
J grounCl ~~~~~~~~~~~~~--~~~~~ ~~~~--~~~ _________ ~ ____ ~_~ __ ~ 

o 200 400 600 800 1000 1200 1400 16000 200 400 600 800 1000 1200 f 4(JO 

Exterlor column sh'ear (kN) Jnterlor column shear (krJ) 

cl peak ground accele~:on • 0.Q78g 

Fig.1.28 Shear f01Ce envelopes fo~ld K=l 3 structure In Montrr'd.J 

\ 171 



e 

( 

1\ 
f 

.-

( 

à jf,;' 

1 

1 

~ l, 
1 Il 1 , 

(J) 
1 1 

, 
--'Acnon: 
- - 'vio~oon .2 

--- \,lODen J 
- - - - 1.1050n -4 

-- (;vao lac:ot"8<] 

l' 

" 
L, 

1 

--, 

i 
l 

Sllear L 
j ~l t ':J 

1 

1 ~ : i 'J 

.Jr rJuf '-' 

( 'lQ' 

(Il 
[_ 

Cl 
CJ 

;rlJlH'û 
0 

r~ 00 ( 

'ï 

4 

UJ 
L 
0 
0 
.-1 

Il 

yroUIlU 
a 

n 
~ j 

~ , 1[1 
1 1 ~ : 

-.l L-
(.'ou 400 

1 

1 

1 

COO 800 1000 1200 10100 16000 200 

l 
1 
L 

1 

1 

~oo 600 800 1000 1200 1400 

Extenor column shear (kN) Interlor column shear (kN) 
al peak grClund accelerat:::.on "" a 27g 

1 

1 

"' 
'1 

1 
1 

L 
1 

~ 
1 

ri 
1 

L, 
1 

1 

~ l 
loi ... 

1 't 

~ '1 

l 
- l 

1 
) L 

1 i 1 

i , 

1500 

1 

1 
1 

1 

1 
1 

1 
1 

i 
1 

200 400 600 800 1000 1200 1400 1600'0 200 41)0 600 800 1000 1200 1~00 1600 

ExterlOr column shear (kN) Interl6"r ·éolumn shear JN) 

b) peak graund acceleratlon - a .18g 

J . l 

1 

1 . 
L 
1 
1 

'1 

j 1 

L 

1 

~, 
1 
l 
l 
1 
L 

1 1..-
1 - .J-

I ., 
200 400 600 800 1000 1200 1400 16000 200 400 600 800 1000 1200 1400 1600 

Exter 10r co lumn sh'ear (kN) J:n ter lor co lumn shear 
cl peak graund accele~atlon 3 0:ù78g 

Fig~1.29 Shear force envelopes for K=1.3 structure in Montreal 

172 

\ 



1 

~ 

<~ 

[JJ 

L 
,,0 
o 

5 

4 

3 

2 J 

~ 
Il 
l 

1 
l 
L 

1 

~ 

-~100on t 

-- \ttocon : 
_.- '.4oaon l 

---- ~Don ~ 

-- C"ca fac'Ont<j 
snear 

- - :.::1JtT'n Sf1SBr 
.:::lCac :v 

~ li: 

grouna w...~ ......... ':1L.-____ ' _____ _ 

,. 

-,.-r----_______________ _ 

'--'-'--"--~~~~~-~ . --, - . - - ~-o 200 -00 500 BOO :000 :2J~ I~CQ :500 a 200 400 GOa Olh1 ll1 UO 1. Il, 

" Interl'Or colurnn stle~ lk NI Exterlor column shear (kN) 
al peak ground ac:::lera-c.:.of'l "" 0.27g ,. 

roof -~ 

5 1 

l 
4 L 

(f) 

L 1 ~ 0 3 
0 Il 1 

.-< 

"- 2 1 l 

1 

l ___ ~ 
1 

1 

1 

L 
1 

grouna 1 

"I\,l 

0 200 400 500 BOO !OOO 12JO :400 1600 0 200 400 600 800 lOOO • 2 ~ ~ .Hl~ . • ,i,l) 

roo f 

5 

4 

(f) 

L 
0 3 
0 ..... 
"- 2 

, 
Exterlor column shear (kN) InterHJr column shear (kN) 

bl peak ground ac:aleratlon - 0.18g 
}' 1 

\./ 

200 400 600 BOO 1000 1200 

Exterlor column shear (kNl In\erlor column s~ear 
cl peak ground acceleratlon - 0.078g 

Fig. 7.30 She§.r force enveJopes for K=O.7 structure in Montrp.al 

173 

" 

1 -

1400 '1,00 



...-/ 

~ 

~ 

(' 

, 

\ 

~--------- -
1 

-- 'Aèloon • 1 

-- 'vIocon Z 

t 
l 

-- - 'vIooon 3 
1 

î - -'- ,\,Iooon 4. 1 
[fJ -- C.JOS rac:orea 

1 ~ 5l1aM 

1 'J - - (~viJtM snasr r 
l ':J =ilCtCV y 1 

~ 
1 

L .cr 
1 

-l 
'0 

0 200 4fJO GOO 808 1:)00 1200 1400 1600 0 200 400 600 fl.OO 1000 1200 1400 150::: 

Ekterlor column shear (kN) Interlor column shear (kN) 
al peak grClund accelerat:on ,. 0.315g 

. 4t. t 
'Ollf :\1 

1 

'5 l ~ 
l ~ 

..". 

L " 

t !~ 1 

1 1 \ UJ Il 
L p~ 1 1 
u ] 

l 
c l 0 Il 

2 1 1 
.~ 

1 1 

il L () L 

111 1 

:1 i)rouno 
a 200 400 600 800 1000 1200 1400 1600 a 200 400 600 800 1000 1'200 1400 1600 

Exterlor column shear (kN) Inter lor column shear (kN) 

b) peak graund acceleratlon ,. 0.21g 

l)raunO 

r~ 00 r 

5 

., 
ln 
L 
0 ) 

0 
..." .... , , 

J 
1 

L 

1 

'1 , 

1 
l 
1 

\... 
1 

L-

i - 1 

j 1 

1 1 
, 

~ .. 
1 

r:~ 
1 

1 
l 
1 

\. 

- 1 

L 

î 1 1 • 

il 1 

o 200 400, 600 800 1000 1200 1400 1600 a 200 400 600 800 1000 1200 1400 .600 
, 

Exterlor column shear (kN) Interlor column shear (kN) 
cl peak graund acceleratlon ~ 0.089g ; 

Fig.1.31 Shear force envelopes for OId K==1.3 structure in Vancouver 

~ 

174 

/ 



, 
i 

-

,-

\ 
.~ 

/' 

5 h 
--lAonon ~ 

-- \1ooon ~ 

f 

4 d - -- lAoaon J 

l -- - - ,'Aaoon .a. 
[/J -- woa tac:ore<1 
L 

1 
$Oaar 

0 3 
- - C.JlJmn snaar 

r 
0 c:maC':v 

2 

c-

;;rouno r 
0 200 4"00 500 800 10O~ :2J(; 1400 • 500 0 

Exterlor column sne ar (kN) Inter l or co J Ulllfl ';111',11" l~ f--J) 

r, a) peak grOLJnd acceleratlon .. 0 31=g 

-----
1 

1 5 ~ 
1 

1 
l 4 l 

1 en 

Il 
L 

L • 0 3 

1 
0 

...... 
L L. 4- 2 j 

1 
1 

'-

grouno L-...L.L..U~-,---,-~--,----,--",--,-~~ __ ~ __ 
o 200 400 600 800 1000 i200 1400,1600 0 200 400 600 BOO 10001:.'001400 1,,)(1 

Exter 10r co lumn shear (kN)' :nterlor column shear (kN) 

( COO: 

bl peak ground ac:e:eratlon • O,21g 

4 

en 
L 

3 0 
0 

J 1 

~ 

1 
l 

'[ 

1 

1 .. 
, L 

1 

L 
....... 

L 
1 

1 
4- 2 L, 

1 

1 

i " grouno L.JlIlL..."O'-......... -'-_ ........ --'-~_-L.~~~ ......... ~_~ L...JlA.--JL......~_~~~_~--J. ___ ~_~ 
o "" 200 400 500 800 1000 1200 1400 1500 a 

! Exterlor column shear (kN) ( 

200 400 600 800 1000 1200 1400 ',l,!) 

Interlor column ~J) 
cl peak ground acceleratlon • 0.089g 

"Fig.7.32 Shear forcr envelopes for K=L3 structure in Vancouver 

\ 
175 

. " 



<, 

rJ(;f 

" i 

t 1 

' --'Acuen t 
~ 

-- >.Iocon 2 Î J 

1 
1 

---'Accon l 
1 l ---- 'doDcn~ 4-

(JJ 1 1 -- CJC& faClOnl<! l 
L snaar 1 a 3 

il 
- - CJlJIT1I;1 Stllt8l' 

1 a 
1 caclaolY ill 

'<- 2 l 
~ , 

lin 
l 

1--1 1 

1 ____ 

1 t ) 

~ 
~----

1 

1 ,c,' '1 
'lI' < < 

400 600 BOO 1000 1200 1400 1600 0 '200 ':00 600 800 :000 :200 :400 1600 

shear (kN) Interl0r column shear (kNl 

al peak ground accelerat:.on ;a a 31::g 

roof 
1 li 1 

5 1 
'l l 

l 1 

(JJ 1 l 
L 

~ 
; 1 a 3 \ 

1 a 
1 ~ '""" 0 

L .... 2 l 
1 ____ n 

1 
1 

J 
"-----

(.- 1 il 
1 

. 
; 

\lrounà 
0 200 400 600 BOO 1000 120-0 1400 1600 0 200 400 600 800 :000 :200 14QO 1600 

~ 

Exterlor column shear (kN) Interlor column shear (kN) 

b) peak ~round ae: 8.1 era t ~an - o .~1g 

T'ool ... 1 

5 1 

1-
4 L 

-

(JJ 

L 

l a 3 
a 

r-1 .... 2 

! - 1 

1 ) 

~/ 1 .... 
l )ij - 1 _____ L-. ___ _ 

il r 
orouna 11 1 

o 200 400 600 800 1000 1200 1400 1600 0 200- 400 600 800 1000 1200 1400 :600 

.E;.çterlOr column shear (kN) Interlor~eolumn shear 4(kN: 
~" cl peak ground acceleratlon ;a 0.089g 

1 

Fig.1.33 Shear force envelopes for K=O.7 structure in Vancouver / 
176 

1 • 



1 

" ~ 
/ 

1 

o 

• ,Oln! 'vleldlng' 

• moment hlnglng 

~ shear 'fleldlng 

il , !I !I • 1 1 1 • 
1 • • • 
1 

, 1 

• 1 • j 
1 

l' 
• 1 1. 1 1 

el 

1 1 1 
'llZIII '!I111Il. ua. -

f 0 
0 

'S 
<li 

ë 
'" li 
'" (J 

<li 

0. 

~ 
"0 

K=, :3 

a) Ringe locations b) HOrizon tal r~or J l'i pLu ellll' Il 1,:, 
Ir 

roolr-~~----~------~ 

4 

VI 

;; 3 
o ~/h = 

1/200 

-Motion 1 

--Motion 2 

_.- Motion 3 

---- Motion 4 

.. 

roof 

5 

4 

CIl ... 3 0 
<:> 
::: 

2 

gr 
5 10 15 20x10- J 0' 

:Horey dflft Index 

c) Interstorey drift envelopes 

... 

, , ". 
ç 1::: - ': • 1 

.-
/ 

factored 
Shear 

/ 
, 
1 
t . 
~ 1 : J 

''':-::'"o:-~4 a 0 -5ô-O~-13-0-0~-t O~(J-(-) ~1 2-0~O~' ;4rj() 

Intenor column shear (kN) 

d) Shear force envclopes . 
Fig.7.34 Summary of non-linear dynamic analyses for K=1.3 structure in Mon-
treal with smaller columns 

1 



/ 

t 

CHAPTER 8 
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o \1 
DESIGN RECOMMENDATIONS AND CONCLUSIONS 

The dc::,ign recommendations and conclusions obtained from the test results and 

the non-linear' dynamlc analyses ilife given below: 

1) The tests clearly indicated that the reinforcement in the sIab contributes signifi­

rantly to the response by increasing the beam strength and reducing the negativ~ 

moment ductility of the beam. If this effect is not accounted for in the design pro­

ces~hen the ratio of the column strength to the beam stre~gth may be different 

than that assumed. This may le ad to "weak-columns" and "strong-beams" which 

could alter the failure mode and significantly reduce the overall ductility of the 

structure. 

2) A simple method' of determining the "effective width" of the slab, which accounts 

for the role of the spandre1 beam, is presented. The sp~andrel beam transmits 

eccentric tensile forces from the slab reinforcing bars by torsion in the spandreI 
e 

beam to the column joint region . With increasing negative moment in the main 
- , 

beam, the torsions in the spandrel beams will aiso increase. Therefore when tor-
, 

sion al yielding occurs the torsional stiffne~s drops, thus Iimiting the number of slab 

bars that are effective. The ~ffective flange width predicted by this method agr~ed .. 
o 

reasonably weIl with the test results. The resulting effective Range width can be 

significantly greater than 3 times the slab thickness, as suggested in the 1984 'CSA 
• 

Concrete Code [3]. 

3) A simple method "f designing the shear reinforcement in the joint is proposed. This 

method accounts for the flow of the forces from the beam and s.lab rèinforcement 

into the joint region. The forces' from th~beam reinfo;cement are transmitted, ,. 
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in shear, directly into the joint while the forces from the slab rcmfOrCl'nll'llt Mt' 

tFansmitted by torfional shear fio~ into, the side faces of the joint rC'glOl\. This 

method was verified by comparing t:h~ predictIons with the tC'st n'slIlt,) 'of t Ills 
" 

experimental programme and wlth the test results of other researrht'rs. 

--1) The CSA Cancre te Code [3] should be more specifie in requlflng that -.lll JOInts 

be designed to resist at least t~tored shcar. The test r<'stdts lIldic.t!.!' t.h.\!, 

joint yielding can occur prematurely in structures deslgnt,d Wlth K-=~ 0, 1\ l:~ 

The lar.ge number of joint railures observcd in the 1985 Mcxlc.lrl C.nt.hqll.tkl' I~GI 

strongly emphasius the need to address this probleq;t. 

5) The test specimen which was designed and detailcd for K = 1.3 accord i!.lg t.o th!' 

provisions of the 1977 [62] CanaJian Conerete Code (i.e., correspondillg to!( ~ 0 
) 

- in the 1984 Code) disp)ayed sig1îificant shear distress in the bCAIll a.TltI :-'l'VI'rt' 1 

...... ---------. buckling of the longitudinal beam' bars: This test specimen exlll hll,('d il (ll/Illll·d . ' . \. 

hysteretic response and a severe drop in load carrying capaCity arü'r aclllcvillg ,l 

displacement ductility of about 2.8. 

6) The test specimen which was designed and detailed with K.:::: 1.3 h,ld a colllmn 

which was stronger th't-n the beam and contained shear reinforcemenl in t.he jomt 

which was capable of transferring the shear resulting from yicldingo-of thc beam 

bars passing into the joint. It is -notêd that this amount of shear reinforcerncnL 

was greater than that required in the current Canadian Con crete Code. The 

. nominal detailing req~lÏrements of the Cod~ resulted in excellent p.crforrniLlJ.ce of 

the beam but the specimen failed by yielding of the reinforccrncnt in t.he joint. at 

a displacement ductility of 5. 

7) The test specimen which was designed and detai!ed witI} K=O.7 pcrforrncd very 

weIl and achieved a displacement ductility greater than 8. The additional hoops 
31 

provided in the plastic hinge region were effective in preventing buckling of the bot; 

tom longitudinal 'bean; bars and served to confinè the conércte in {he compression 

zone. The moments and shears in the columns were weil below yielding. 

i) The computer programs developed to analyze the response of reinforced concrete 

members subjected to ~i~I-Ioad, moment and shear were capable of accounting 
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" for the combined ~oading effects, the compiete stress-strain relationship for the ... 

reinforcement, the non-linear stress-strain relationship for the concrete including 

• confinement, non-linear strain distribution in flanged sections, and ~palling W th64 

concJ.:ete cover. These..,programs enabled the axial-Ioad-moment interaction dia-. 
graIllil, as weIl as moment-curvature responses to be predicted . In addition these 

pro$rams enabled complete flexure-shear analysis of the beams in order to predict 

the shear and flexure deformations. The predictions of th,e responses~teed very 

weil with the experiIIl:ental observations. . • • 

0) As other researchers have found, the non-linear dynamic responses de end~largely /? 

on the details of the ground motions, with ground motions having simit~neral 

characteristics giving different res{>onses. Because of. the large variation in the 

responses the results of the non-linear dynamic analyses are evaluated as a range 

of possible responses from the different earthquake motions. 

10) As observeci~ by other resear~hers it was found that the maximum roof displace­

ments predicted for all six structures for the non-linear responses were approxi­

mately equal to the displaGements predicted by the linear responses for the same 

motion. 

Il) The Montreal and Vancouver structures which were designed and detailed for 

K=1.3 according to the provisions of the 1973 Canadian Concrete Code (Le., cor-

o responding to K=2.0 in the 198~ Code) displayed large interst'orey drifts. These' 

large drifts were due Ip.ainly to the significant shear distortions of the joint regions 
- ~ 

in the lower storeys, yielding of the joint regions in the upper storeys and flexural 

yielding in some beams in the first two storeys. In the Vancouver structure the 

shorter interior beams also yielded in shear and would have also dispIayed signif-
. t 

icant buckling df the longitudinal beam bars. It is noted that the shear design 

for these beams was governed by minimum shear reinforcement requirements. AI-, . 

though many of the oider designs may not have included shear reinforcement in the 

joints, the joints of these structures contained three sets of #3. ties (either three 

or four legs). The large predicted interstorey drifts together with the '''poor'' con­

struction quality classification assigned to these byildings, resulted in ~ery large 
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structural damage estimates for the m<;>st severe earthquakes invcstigatcd. It 18 

emphasized that considerably more damage or even collapse of thcse str;u."tUfl'S 
.... 

would have been predic~ed if ties ~n the joints were not provided. 

12) The Montreal and Vancouver structures which were designed and detaill'd for 

K=1.3 acc.ording to the 1984 Canadian. Concrete Code [3] had columns wlllch W('f(' 

• 
stron~er than the beams and contained_ joint reinforcemcnt sufficit'J1t 1.0 !>('rmit. 

yielding of the beam reinforcement. The reinforccrncnt providt'd in tlll' bl'il.llls 
e:, 

to achieve a level of "nominal d uctili ty" as required by _ the Cotit' pn'vpn tl'd .1I1y 

shear probl~'ms in the beaIIlB. Tre responses of these structures wpre ~irnil<lf Lo 

the responses of the oider structures ,scribedfabove. The large interstorl'y drifU; 

were due mainly to large joint shear distortions and to flexural yieldin!~ of :'OrT\P 

beams in thejirst two storeys. Although the interstorey drifts werc simil.tf \'0 tho!w 

predicted for the older structures-designed with K=l.:r, the "average" consLi"udioll 
-

qualitY classification due to the "nominal ductmt'Y\ details resulted in signific;~It.!y 

less structural damage than that predicted for the<Older structures. 

13) The predicted responses of a Montreal structure designed with I\=1.3 but with 

slightly sman~oI~mns resulted in a significant increase in the numbcl' of joint 

hinges together with an increase in interstorey drifts. This study undcrlines the 

need to properly design the joints for shear and raises concern over the the ability 
l 

of older structures, with littie or no shear reinforcement in the joints, to withstan!I 

moderate or large ear!hquakes. 
l , 

14) The Montreal an.d Vancouver structures which were designed and detailcd for 
~ • J 

K=O.7 according to the 1984 Canadian Concrete CO,de [SI satisfied the requirements 
'\ 

corresponding to ductile moment resisting frames. These structures displayed 
v " 

smaller interstorey drifts than the_K=1.3 structures due to tlIe insignificant joint 

... shear distortions, the absence of any shear problems in the beams and the abiIity 

to dissipate large amounts of energy. The small interstorey -<irifts together with the 

"good" construction q~ality, assigned to the.se weIl d!!tailed structures, resulted in 
, 

very light structural damage. 
/ 

15) The te3t results and the non-linear dynamic analyses indÏèate the improved perfor-
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mance of the structures designed according to the 1984 Canadian Concrete Code . . 
[31.' S~rt,l~ures designed with K=!.3 performed significantly better than structures 

designed with K=1.3 from previous codes. Fttrthel' research is currently being car­

ried ont at McGill University to ïnves.ttgate the response of- structures designed .. 
with K=1.3 having columns weaker than the b~ams-tmd with only minimuIIl'shear 

reinforcement in t~e join1;.s. 

16) Further research is needed to study problems associated with e.xisting buildings 

that do not satis~ th~ requirements of Ç.urrent c~des ~d to stud~ practical solu-

tions for upgrading oider concrete structures. " , 
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STATEMENT OF ORIGINALITY 

The original contributions described in this thesis include: 

,1) Three full-sc ale beam-column-slab subassemblages representing an (Dcterior n}l1-

nection of the Montreal structures were built and tcstcd ullùer, revcrscd ryclic 

loading. Tt is noted that two of the specimens were tcsted by S. Rattra.y a..'i p.l.rt 

of this research programme. 
f \ 

2) A method was developed to determine the effective width of the slab acllIIg with 

the beam to resist flexure and to determine the shear rcinforcernent requin'd in 

beam-column joints. 

3)" Computer programs were developed to predict the response of reinforced c(Hlerde' 

components subjected to axialload, moment and shear. These programs comp_m'c1 

well with the experimental results and were used to nlOdel the hysteretic responsl':' 

in tli'e non-linear dynamic analyses. 

4) A multi-linear, reversed cyclic loading, hysteretic model was devclopcd in order 

to include the effects of strength and stiffness degradation as weil as pinFhing or -. , 
the hysteretic resp?nse. This modèl was incorporated .in the çornpntcr program ~ 

DRAIN-2D for the non-linear dynamic analy;es. ' • 

5) ,N-tota:1 of twelve non-linear dynamic analyses were performed for each of the six 

structures. A study oï these-responses enabled the performance of these diffcrcnt 

structures to be compared. 

6) S'uggestions are given for code improvements and the poor performance of older 

structures is demonstrated. 

-
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APPENDIX A 

ANALYSIS RESULTS USED FOR DE~IGN 

Al SNOW lOAD 

The snow Joad on the ground is prescribed to be 2'.7 kPa for Montreal and 1.9 kPa 
for Vancouver. A 20% reduction as aIlowe<;J by the Canadian Code [2], for a horizontal 
roof unexposed to wind, wl; used in calculating the snow load on the roof. 

A2 DISTRIBltTION OF WIND lOADING 

Horizontal wind pressur~ and suction was calculated according to the simplified 
rnethod of the National Building of Canada [2]. The specified external pressure and 
suction due to wind were calculated from the following relationship: '" 

(A.I) 

in whic]1 p is the specified external pressure acting statically in a directioOn normal to 
the surface, q is the reference velocity pressure, Ce is the exposure factor, Cg is the 
gust factor and Cp is the external' pressure. coefficient. Equivalent static-lateral loads 
were calculated at each floor by multiplying p by the corresponding wall ar.ea exposed 
to wihd. 

\ 
A3 DISTRIBUTION OF EARTHQUAKE lOADING 

The recommended static lateral load method of the National Building Code of 
Canada was used [21. The lateral seismic force, V, wa,s calculated from the following 
formula: 

V=vSKIFW (A.2) 
in which v is the zonal velocity ratio, S is the seismic responsE! factor, K -lS a constant 
that reflects the material and type of construction as well as ductility, 1 is the impor­
tancë factor, F is the foundation factor, and W is the dead load plus 25 per cent of the 
snow load. In aIl the analyses 1 and F were taken as 1.0. 

A4 ANAlVSIS 

The static analyses were carried out using the CMPT FRAME analysis' packagè. 
The results' of the analyses are presented in the following pages in tabular form. 
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.... Table A.t Distribution of Wind Loading Over Height for Montreal Duildingl! 

... F: -- Floor ' h,m P, kN/m 2 F:, kNt g,kNt 

Roof 23.10 1.03 79.0 99 

6 19.45 103 1579 19 7 

5 15.80 1.03 1579 197 

4 12.15 1.03 15ï 9 19 7 

3 8.50 0.95 1456 182 

2 rr, 4.85 0.95 169.6 212 

1 0.00 ,~ 

t total force on builging at Boor level 

:1: force at Hoor lev el taken by mdivid ual frame - ? 

Table A.: Di8tributio~ of Wind Loading Over Height fo; Vaoc:otver Dllildingll 

Floor h,m P, kN/m2 F:, kNt 
F 
~ kNt 
8' 

Roof \23.10 1.53 117.~ 14 i 

6 19.45 1.53 234.6 293 

5 15.80 1.53 234.6 293 

4 12.15 1.53 234.6 293 .-
,t ,. 3 8.50 1.42 217.7 27.2 
""*' 

'\ 
2 - 4.85 1.42 2535 31.7 

1 0.00 

t total force on bui1diD.~ at Hoar level 

:j: force at Hoor level taken by individu al frame 

Il 

• 
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Table Â..: Distribution of Earthquake Loading Over Height for Montreal Buildings • K=0.7 K:i;;~.3 
11. 

Floor h,m W""kN F"" kNt F", kN:j: 
8 1 

F"" kNt F", kN t 
8 1 

Roof 23.10 ~ 7756.2 261.3 32.7 485.3 60.7 

6 1945 7729.0 219.1 27.4 406.9 50.9 

/ 5 . 15.80 7729.0 178.0 22.3 330.6 41.4 

4 12.15 8062.7 142.9 17.9 265.4 33.2 

3 8.50 8062.7 99.9 12.5 185.5 23.2 

2 4.85 8224.3 58.2 7.3 108.1 13.6 

1 000 
) 

Sum \ 47563.9 959.4 120.1 1781.8 223.0 

t total force on building at. Boor level 

t force a.t B.oor level taken by individua.l frame 

" /~ - Table A.' Distribution 'oC Earthquake Loading Over Height Cor Vancouver Buildings 
.. 

K=0:7 K=1.3 

FIoor h, m W,", kN F"".kNt F", kN t F"" kNt F", kN t 
8 1 

" 8 ' 

C Roof 23.10 7756.2 522.6 65.4 '910.6 121.4 

6 19.45 7729.0 438.2 - 54.8 813.8 101.8 .. 
5 15.80 7729.0 356.0- 44.6 661.2 82.8 ., 

4 12.15 8062.7 285.8 35.8 530.8 66.4 

3 8.50 8062.7 199.9 25.0 371.0 t;(6A 

2 4.85 8224.3 116.4 14.6 216.2 27.2 

1 0.00 . -
Sum 

, 
47963.9 1918.8 240.2 3563.6 ,446.0 

t total force on building at Haor level 

t force at Boar level taken by individu al frame 

• 
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...... Table Â..5 Beam Dending Moment (kN·m ) at Joint Â.(B) Line :3 for Montreal K=Î.: DJ'ildings. Resulh 
based on 0% Redistribution oC Bending Moment due to dead and live lbads - Floora 

No. Load Combination Roof 6 5 4 3 2 

1 1.250 142 190 190 186 180 178 
2 1.5L 81 103 103 101 101 ~)8 

3 1.5W 8 20 35 55 69 IOO 
J 

4 1.5Q 44 78 115 153 U3 215 
5 1250 + 1.5L 222 293 293 - 287 287 27H 

" • 6 1.250 + 1.5W 150 210 225 240 2,55 278 

7 1.250 + 1.5~ .. 186 268 305 339 359 3<n 

8 1.250 + 1 ost + 1.05W 204 276 287 295 305 3I\) 

9 1.250 + 1 05L + 1.05Q 229 J 317 342 363 378 :ICJ7 

1 0.850 + 1.5W 104 149 , 164 181 196 221 

11 0.850 -1.5W 89 ' 109 94 72 ~7 22 
12 0.850 + 1.5Q 141 207 244 279 2n!) 3:Hl 

13 0.85D - 1.5Q 52 51 14 27 46 9' ___ 
"0,. 

.- - Table A.6 Be'am Bending Moment (kN·m) at Joint (A)B Line 2 for Montreal K=1.: Buildings. R('HIJltH 
based on 20% Redistribution of Dending Moment due to dead and live loads - Floors ..... 

'!, 

No. Load Combination Roof. 6 5 4 3 2 

1 1.25D 177 189 
1~ 

189 189 189 189 

2 1.5L 104 108 108 109 109 110 

3 1.5W 1 7 18 31 48 62 83 
\ ~ -- ~---~ --

70 
. 

4 1.5Q 36 103 135 155 181 

5 1.250 + 1.5L 282 297 297 298 298 300 

6 '\ 1.250 + 1.5W 184 207 221 237 252 272 

7 1.250 + 1.5Q 213 259 292' 324 344 370 

8 1.250 + 1.05L + 1.05W 255 277 287 299 309 325 

9 1.250 + 1.05L + 1.05Q 275 314 336 359 374 303 

1 0.850 + 1.5W 128 146 160 176 191 212 

11 '0.85D - 1.5W 
('\ 

114 111 97 81 66 -46 

12 0.85D + 1.5Q 156 199 231 263 284 310 

13 0.850 -1.5Q 85 58 26 6 27 52 

, 
" , 
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• Table A.T' Bearn Bendillg Moment (kN·m) at Joint B(C) Line Z for Montreal K=1.: Buildings. Results 
bssed on 0% Redistribution of Bending Moment due to dead and live Ioads 

4 

'" 
q Floors 

No. Load Combination Roof 6 S 4 3 2 

1 1.25D 155 137 137 139 139 143 

'1 2 1.5L 106 122 122 123 123 125 
3 1.5W 5 20 40 60 84 102 

4 1.5Q 31 
, 
86 131 172 209 225 

5 1.25D + 1.5L 261 259 259 262 262 268 

6 1.~5D + 1.5W 160 157 176 199 223 245 
7 1.25D + 1.5Q 186 223-.../67 311 '347 368 
8 1.25D + 1.05[; + 1.05W ' 233 236 250 268 284 302 
9 1.25D + 1.05L + 1.05Q 251 283 314 345 371 388 
1 0.85D + 1.5W 111 113 133 185 '179 199 

" 0.85D - 1.5W 
. . 

11 100 73 53 34 10 5 
12 0.85D + 1.5Q 136 179 224 266 303 322 
13 0.85D - l.5Q 75 7 38 17 114 128 

( T8hl1! A.a Bearn Shear Foree (kN) àt Joint A(B) Line % for Montreal K=l.S Buildings. Resulta based 
on 0% Redistribution of Beneling Moment due to dead and live loads 

Floora 

No. Load Combination ' Roof 6 5 4 3 2 

1 1.25D 110 125 125 125 125 124 
2 1.5L 60 66 66 66 66 66 
3 1.5W 2 4 8 12 15 21 

<~ 1.5Q 9 17 26 ,34 39 46 
5 1.25D + 1.5L 110 192 192 191 191 19D 
6 1.25D + 1.5W 112 130 133 131 140 146 
7 1.25D + 1.5Q 119 1113 151 159 163 171 

'if 
8 1.25D + 1.05L + 1.05W 153 175 177 180 182 185 
9 1.25D + 1.05L + 1.05Q 158 184 190 195 198 203 
1 0.85D~+ 1.5W 77 90 93 97 100 106 

11 0.85D - 1.5W 73 81 78 73 70 63 
12 O.85D + 1.5Q 84 103 111 119 123 131 
13 O.85D - 1.5Q 65 68 60 51 47 38 
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Table A.9 Bèam Shear Force (kN~;t Joint (A)B Line % for Montreal K=l.: Buildings. Resulta bIlNt'Ù 
on 20% RedistributiPn of Dending omelt due to de ad and live load., -

.. Floors 

No, Load Combination Roof 6 5 4 3 2 

1 1.25D 120 127 127 127 127 128 
~ . 68? 2 1.5L 64 67 67 67 67 

\ 
3 1.5W 2 \ 4 8 ' 12 15 21 
4 °1.5Q 9 17 26 34 39 46 
5 1.25D + 1.5L 184 194 194 195 1!)4 HJn 

6 1.25D + 1.5W 121 131 134 139 143 149 ~1 
-

7 1.2SD + l.SQ. 129 144 152 lin 166· pol . 
1.2SD + 1.0SL + 1.0SW • 8 , 166 177 179 183 185 {. 191 

9 1.2SD + 1.05L + 1.05Q 
If 171 186 1091 198 201 208 

~ 
1 0.85D T 1.5W 83 91 94 98 102 lOB 

11 0.85D - 1.SW 80 82 78 74 71 GU 
12 0.85D + 1.5Q 91 104 112 120 125 1:13 

13 0.85D - 1.5Q 72 69 61 53 ? 48 41 

'1 :.. 

. .- Table A.lO Beam Shear Force (~ at Joint B(C) Line 2 for Montreal K=l.S Buildings. Resulta bnHC'd ,.. on 0% Redistribution of Dending oment due to dead and live loads 
1 

1 --
Floors .. 

No. Load Combination Roof 6 5 4 3 2 

1 1.25D 104 95 95 95 95 95 

2, 1.5L 79 96 96 96 96 97 
~. 

3"':; 1.5W 11 2 7 14 ~ 31 37 

4 1.5Q 11 31 48 62 76 82 

" ,5 1.25D + 1.5L 184 191 191 192 192 193 -
6 1.25D+ 1.5W 106 103 110 117 126 133 

7· 1.25D + 1.5Q 116 127 143 158 171 177 

8 1.25D + 1.05L + 1.05W 161 168 173 178 184 189 

9 1.25D + 1.05L 'j- 1.05Q 168 184 196 207 216 221 
1 0.85D + 1.5W 73 72 79 87 96 102 

11 . 0.85D - 1.5W 69 58 51 43 34 28 

12 0.85D + 1.5Q • 82 96 112 127 141 147 

13 0.85D - 1.5Q 60 34 17 2 11 17 
, 

• .. 
/ r .. 
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Table A.ll Exterior Columns Bending Moments (kN·m ) for Montreal K=l.S Buildings 

Laad Combination 

1 L25D 

'j. 1.5L 

3 1.5W 

4 1.5Q 

c 

Storeys 

1 2- 3 4 5 6 
i 

top bot top bot top bot top bot top bot top bot 

145 81 95 53 

4 46 52 29 

19 4 13 5 

1? 1 48 29 

95 53 93 53 92 52 74 41 

52 

20 

29 51 29 50 28 40 22 
11 

13 28 - 22'" 33 17 63 95 

5 1.25D + 1.54 150 127 147 82 

59 50 73 66 80 56 129 198 

147 82 144 81 142 80 114 63 

l15 66 121 75 126 69 136 136 ( 

154 103 166 118 172 108 203 238 

145 83 148 88 151 84 146 122 

6 1.25D + i.5W 165 86 108 58 

7 1.25 D + 1.5Q - 165 86 143 83 

8 1.25D + 1.05L '+ 1.05W 162 116 140 77 

9 l.25D + 1.05L + 1.05Q 

10 O.85D + 1.5W 

11 0.85D - 1.5W 

12 0.85D + 1.5Q 

13 0.85D - 1.5Q 

" 

162 116 165 94 

118 to 78 41 

80' 51 

118 60 

80 51 

52 31 

11~ 66 

17 7 

" 172 108 180 119 183 111 192 195 

84 49 .91 58 96 5.3 113 123 

45 2~ 36 14 29 18 1~ 68 

124 86 137 102 142 92 179 226 

6 13 10 30 11 21 18 111 

Table Â.12 Interior Columns BeDeling Moments (kN'Ill,) for Montreal K=!.: Buildings 

Storeys 

1 2 3 4 5 6 
; 

Load Combination top -bot top bot top bot top bot top bot top bot 

1 1.25D 63 35 48 27 48 27 47 -26 46 26 37 20 

2 1.5L "" 11 -38 46' 25 46 25 44 25 44 25 35 19 

3 1.&W 62 46 21 22 43 40 59 53 80 76 95 113 

4 1.5Q 62 46 91 85 129 124 154 146 184 181 194 234 J 
5 1.25D + 1.5L 75 73 93 52 93 52 91 51 90 51 72 39 

6 1.25D + 1.SW ,.. c 125 81 75 49 91 66 '105 79 126 Jt2 132 133 

. 7 ·1.25D + 1.5Q 125 81 145 112 171 151 201 112 230 207 232 255 

8 1.25D + 1.05L + 1.05W 111 94 99 60 110 72 119 81 133 91 128 113 

'9 1.250 + 1.05L + 1.05Q 114 94 141 104 170 131 185 146 206 170 198 198 
10 

11 

12 

13 

0.85D + 1.5W JI 

0.85D - 1.5W 

0.850 + 1.5Q 

0.850 - 1.5Q 

1 

105 70 60 40 76 58 

19 22 5 4 11, 22 

105 10' 129· 103 161 142 
~ 

19 22- 65 67 96 106 
.. 

196 

90 

27 

l~g) 

122 

71 111 94 120 127 

35 48 58 70 99 

163 215 199 220 248 

128 152 163 169 220 

... , 
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Tabl\ A;M r Exterior Columns Shear Forces (kN) for ~on~~eal K=l.S Buildings .. 
/7 

. 
Load Combination 

1 1.250 

2 1.5L 

3 1.5W 

4 1.5Q 

S 1.250 + ~.SL 
6 1.250 + 1.5W 

7 '1.250 + 1.5Q 

8 1.250 + 1.05L + 1,.05W 

9 1.250 + 1.05L + 'l.05Q 

10 0.85D + 1.5W 

11 0.85D - 1;5W 

12 0.850 + 1.6Q 

13 0.85D - 1.5Q 

-/ 

Storeys 

2 4 5 6 

top bot top bot top bot top bot. top bot top bot 

73 73 48 48 48 

1 41 261 26 26 

7 7 6 6 10 

'7 7 24 24 33 

74 114 74 74- 74 

81 81 54 54 58 

81 81 '.,. 72 81 

79 107 

79, W 
57. 5~ 

42' 42 .. 

70' 70 73 

83 83 89 

38 38' 43 

27 27 23 

57· 57 57 57 66 
42 42 8 8", 1 

48 

26 
10 

33 

74 

58 

81 

73 

89 

43 

23 
66 

1 

48 48 47 

26 26 26 

15 15 15 

43 43 41 

74 74 73 

63 63 62. 

~1 91 88 

77 77 7& 

96, 96 94 

48 48 47 

171 17 17 

76 ,76 73 

11 11- 9 

47 27 27 

26- 15. 15 

15) 35 35 

41 72 72 

73 - 42 4'2, 

62 62 02 

88 99 99 

76 62 62 

94 88 88 

47 53 5:! 

17 17 17_ 

73 90 gO 

9 54 54 

Table A..14. Interior Columns Shear Forces (kN) for Montreal :Ir:::!.: Buildings , 
Storeys 

1 2 3. 4 . 5 6 

Load Combinati~n t()p bot top bot top bot top bot top bot t<!p bot 

1 1.2SD 

2 1.5L 

3 1.5W 

4 1.5Q 

S 1.250 + 1.5L 

6 l.Z5D + 1!5W 

7 1.25D + 1.5Q 

32 32 24 

6 34 23 

35 35' 16 

35 35, 58 

38 66 47 

66' 66 40 

66 66~ 82 

8 1:25:0 + 1.0SL + 1.0SW 60 

9 1.25D + 1.05L + 1.0SQ 60 

80 

80 

56 

13 

51 

80 

32 10 0.8S0 + l.5W 

11 . 0.850 - l.5W 

12 0.8sD + 1.5Q 

13 0.850 - 1.5Q 

, 56 

13 1 

56 56 74 

13 13 41 

24 24 24 24 24 24 24 14 14 

23 23 23 23 23 23 23 13 13 

16 26 26 36, 36 49 49 4~ 46 
58 80 80 95 95 115 115 95 95 

47 47 47 47 47 46 46 26 26 
40 50 50 59 59 73 73 60 60 

82 104 104 119 119 139 139 109 105) 

51 58' 58 65 65 74 74 55 55 
80 .96 96 106 106 120 120 89 89 

32 42 42 52 52 65 65 55 55 
1 10 10 19 19 33 33 37 37 

74 96 96 111 111 131 131 104 104 

41 63 63 79 79 99 99 86 86 
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Table 2\..15 Bearn Bending Moment (kN·m) at Joint A(B) Line % for Montreal K=O.:r Building. Results 
b~d. on 0% Redistribution of Benrling Moment due ta dead and live loads c; 

Floors 

No Load Combina.tion Roof 6 5 \ 3 2 

l 12SD 139 186 186 182 183 17S 
0 

2 1 sL 78 100 -, 100 98 98 94 
3 lSW 8 19 33 51 64 88 

~ 

4 15Q 23 3a, 58 76 86 102 
5 1.25D + 1 SL 217 ,,286 286 280 -281 269 . , 
6 

, 
1.25D + uW 147 205 219 233 247 263 

7 1.2SD + 1 SQ 162 226. 244 258 269 277 

8 1 25D + 1 05L + 1 05W 199 269 279 286 296 " 302 
9 1.25D + 1.0SL + -1 OSQ 209 284 297 304 311 312 

1 0.8SD + 1 SW \ 102 146 160 175 188 207 
11 O.85D - l.SW 87 108 94 73 60 31 
12 O.8SD + l.SQ 117 166 184 200 210 221 
13 o 8SD - l.SQ 72 87 69 48 38 17 .. 



J 
Table A.l't Beam Benrling Momen~ (kN·m) at Joint D(C) Line % for'Montreal K=O.'[ Duihling. RCllults 
based on 0% Redistribution of Bending Moment dul to dead and live looads 

Flool'8. c 

No. Load Combination Roof 6 5 4 3 2 

1 1.250 149 131 131 133 132 13ti 

2 1.5L 104 119 119 120 120 l'l') 
~w 

3 15W 6 22 42 65 88 111 

4 1.5Q 19 49 75 99 118 132 

5 1.25D + 1.5L 252 249 249 252 252 257 

6 1.25D + 1.5W 155 152 173 198 221 , 2017 
0 

7 0 1.25D + 1.5Q. 168 180 205 232 250 2(IR 

8 1.25D + 1.05L + 1.05W 225 229 243 2(\2 278 21)1) 

9 1.25D + 1.05L + 1.05Q 234 248 266 28H 299 .11:1 

1 0.85D + 1.5W 107 111 131 155 178 20·j 

11 0.85D - 1.5W 95 68 47 25 2 1\) 

12 0.85D + 1.5Q 120 138 164 189 208 22·t 

13 0.85D -1.5Q 82 40 14 9 28 ,10 

.- Table A.18 Be~hear Force (kN) at Joint A(B) Line 2 for Montreal K=O. '[ Duilding. RI'HUIlIl hntwd .. on 0% Redistribu . n of Bending Moment due to dead and live loads 
... , 

Floors 

~. 
No. Load Combinat ion Roof 6 5 4 3 'l 

_J_~ 
1 1.25D 109 124 124 124 124 l'la 

2 1.5L 0 59 65 65 65 65 B5 

3 1.5W 2 4 8 11 15 20 

4 1.5Q 5 9 13 17 20 23 
5 1.25D + 1.5'1 167 190 190 189 189 188 - J 

6 1.25D + 1.5W 111 129 132 135 139 143 

7 1.250 + 1.5Q 114 133 137 141 144 HB 

8 1.250 + 1.05L + 1.05W 151 173 175 ..... 177 .'-------180 182 

9 1.250 + 1.0,5LQ+ 1.05Q -153 176 179 181 183 184 

~) 
l' 0.850 + 1.5W 76 8l\. 92 96 99 103 

11 0.850 - 1.5W 72 80 77 73 70 64 

12 
. , 

0.850 + 1.5Q 79 94 98 101 104 107 

13 # 0.85D - 1.5Q 69 76 71 67 65 61 

... 

-1 
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Table A.19 Bearn Shear Foree (kN) at Joint (A)B Line :: for Montreal K=O.'1 Building. Resulta based 
on 20% Redistribution of Bending Moment due to dead and live loads 

Floors 

No Load Comb~atIon Roof 6 5 4 3 . ~ 4 

1 1.25D 121 128 128 128 128 129 

2 \ 1.5L 64 67 67 67 67 68 

~ 3 1.5W 2 4 • 8 11 15 20 
0 4 1.5Q 5 9 13 17 20 23 

5 1.25D + 1.5L 185 195 195 196 196 197 

6 1.25D + 1.5W 
" 

122 132 135 140 143 149 
L 

146( 7 1.25D + 1.5Q 126 137 141 148 152 

8 1.25D + 1.05L + 1.05W 167 178 180 183 186 191 

.9 1.2.5D + 1.05b + 1.05Q 169 181 184 188 189 193 

1 0.85D + 1.5W 84 ~1 94 99 102 108
0 

11 0.85D - 1.5W 80 83 79 76 73 68 

12 0.85D + 1.5Q 87 96 10(1 105 107 111 

13 0.85D - 1.5Q 77 78 74 70 68 65 

Table A.20 Bearn Shear Force (kN) at JoiDt B(C) Line :'. for Montreal K=o.7' Building. Resulta based 
on 0% Redistribution of Bending Moment due to dead and li"9"e loads 

~ 

Floors 

No. Load Combination }t0of 6" 5 4 3 2 

1 , 1.25D 104 95 95 95 95 95 
2 1.5L 78 94 94 94 94 95 
;3 1.5W 2 8 15 24 32 41 
4 1.5Q 7 18 27 36 43 48 
5 1.25D + 1.5L 182 189" 189 190 190 191 -
6 1.25D + 1.5W 107 103 111 119 128 136 
7 1.25D + 1.5Q 111 113 123 131 138 143 fJ 

8 1.25D + 1.05L + 1.05W 160 167 172 178 184 190 
9 1.25D + l.05L' + 1.05Q 164 114 180 187 192 196 
1 0.85D + 1.5W 73 73 80 

'i, J 
97 105 

11 - O.85D -1.5W 69 57 50 33 24 . 
12 0.85D + 1.5Q 78 83 92 1 1 108 113 
13 0.85D - 1.5Q 64 47 38 29 22 17 

c 
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Table A.U Exterior Column Beneling Moment (kN·m ) for Montreal K=O.7 Building 

Storeys 

1 2 3 4 5 fi ' 

Load Combination top bot top bot top bot top bot top bot top bot 

1 1.25D 

2 1.5L 

3 1.5W 

4 1.5Q 

5 1.25D + 1.5L 

6 1.25D + 1.5W 

7 1.25D + 1.5Q 

.143 80 94 52 94 

4 44 50 28 50 

9 2 12 5 18 

9 20 24 15 29 

146 124 144 80 144 

152 82 105 57 111 

- 152 82 117 67 122 

8 1.25D + 1.05L + 1.05W 152 112 137 

9 1.25D + 1.05L + 1.05Q 152 112 145 

75 141 

82 149 

10 O.85D + l.5W 106 57 • 75 41 81 

11· O.85D - 1.5W 88' 52 52 31 46 

12 O.85D + 1.5Q, 106 5~ 87 

13 0.85D - 1.5Q , . 88 52 40 

50 93 

21 • 35 
o 0 

Q 

52 91 52 

28 49 .lB 

12 25 20 

25 36 32 

80 140 79 

65 117 72 

77 127 84 

80 143 85 

89 151 9"i 

48 87 55 

23 37 15 

60 9&" 67 

Il 26 3 

91 '51 72 ·10 

49 27 

31 19 

40 32 

139 79 

39 

51 

Sti 

111 

21 
~~ 

Il 

87 

(il 

121 71 - 123 117 

130 83 l:.!n 127 

146 84 

153 93 

92 54 

31 16 

101 67 

22 3 

DS 10') 

IJ9 1 \lI 

100 llH 

1 50 

lOG Ilot 

7 (1() 

hfilTable A.22 Interior Column Bending Moment (kN·m ) for Montreal K=O.7oBuilding 

1: ,Stbreys, 

1 2 , 3 4 . 5 

Load Combination top bot top bot top bot top bot top bot top bot 

1 1.250 

2 1.5L 

3 l.5W 
4 1.5Q 

76 42 54 30 54 .... 30 53 30 53 30 43 21 

13 46 51 29 51 29 50 28 50 28 40 22 

102 132 

III 147 ' 

83 46 5 1.250 0+ 1.5L 

6 1.250 + 1.5W 
~ 

.,. 
36 

36 

89 

112 

7 1.25D + 1.5Q 112 

8 1.250 + 1.0t+ 1.05W 110 

9 1.250 + 1.0 L + 1.05Q 110 

10 0.85D + 1.5 88 

11 0.85D - 1.5W 16 

12 0.85D + 1.5Q 88 

13 0.850 - 1.5Q 16 

23 

23 
88 

66 

30 21 

56 45 

10'5 59 

84 51 
66 110 75 

91 - 11i 65 

91 129 <>82 

52 66 42 

671 

52 92 66 

6 /19 "25 

201 

46 40 62 54 

80 

58 

84 

82 74 

101 ~H\ 

103 58 

73 68 87 

105 ~9 103 

99 70 115 134 103 145 155 

126 98 

122 78 

141 98 

82 60 

9 19 

109 88 

36 47 

140 11:0 153 126 154 171 

132 87 145 101 142 131 

149 106 158 117 149 142 

98 74 117 94 131 148 

26 -33 46 53 73 110 

12.3 

51 

101 . 136 116 141 li.l3 

60 65 76 82 131 
\00 
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Table A.2l Exterior Column Shear Forte ( ) for Montreal K=O.1 Building 

Storeys 

1 2 3 4 5 6 

Loa<! Corn ation top bot top bot top bot - top J>ot top bot top bot 

"'1 1.250 
fi 2 1.5L 

3 15W 

4 1.5Q 

J 5 1.250 + 1.5L 

6 1.250 + 15W 

7 1.250 + 1.5Q 

8 1.250 + l.05L + 1.05W 

9 1.25D + 1.05L + 1.05Q 

10 0.85.0 + 1.5W 

11 0.85D - 1.5W 

12 0.850 + 1.5Q 

li 0.850 - 1.5Q 

72 72 47 

1 40 25 

4 4 5 

4 4 12 

72 112 72 

75 75 52 

- 75 75 59 

75 102 6& 
75 102 73 
52. 52 37 

45- 45 27 

52 52---44 

AS 45 20 

47 

25 

5 

12 
72 

52 

59 

68 
73 

37 

27 

44 
20 

47 
25 

9 

17 
72 

56 

64 

71 

76 

41 

23 

49 
16 

47 

25 

9 

17 
72 

56 

64 

71 

76 

41 

23 
49 

16 

47 
25 

14 

21 

72 

61 

68 
1'4 

79 

46 

18 

53 

11 

47 

25 

14 

21 

:T2 

61 
68 
74 
79 

46-

18 

53 

11 

41 
25 

15 

22 

71 

62 

68 

75 
79 

47 
17 
53 

la 

47 
25 

15 

22 

71 

62 

68 
75 
79 

47 
17 
53 

10 

Table Â.:U Interior Column Sbear Force (kN) for 14lontreal K=O.'1 Building 

Storeys 

1 2 3 4 5 

26 

14 

28 
32 
41 

55 

58 

56 

59 

46 
10 

50 

14 

6 

26 

14 

28 

32 
41 

55 

58 

56 

59 
46 

10 

50 

14 

Load Combination top bot top bot top bot top bot top bot top bot 

1 1.250 

2 1.5L 

3 1.5W 

4 1.5Q 

5 1.250 + 1.5L 

38 

6 

19 
19 

44 
6 1.250 + l.5W 57 

7 1.250 + 1.5Q 57 

8 1.25D + 1.05L + 1.05W 56 

9 1.25D + 1.05L + 1.05Q 56 

10 0.85D + 1.5W 45 

11 0.85D - 1.5W 7 

12 0.85D + 1.5Q 

13 0.85D - 1.5Q 

o 

45 

7 
• 

/ 

38 

41 

19 

19 

79 

57 

57 

80 

80 

45 

7 

45 

7 

27 27 27 27 

26 26 26 26 

16 16 27 27 

32 32 44 44 
53 53 53 53 

43 43 54 54 

59 59 11 71 

57 57 64 64 

68 68 76 76 
35 35 45 45 

2 2 9 9 

51 5a. 63 ,63 

14 14 ~6 26 

\ 

, 202 

27 27 

26 26 
37 37 

53 53 

53 53 

64 64 

81' 81 

71 71 
83 83 

56 56 

18 18 

72 72 

35 35 

27 27 

26 26 

49 49 
62 62 

53 53 

16 76 
89 89 

79 79 
89 89 

68 68 

31 31 

81 81 

44 44 

16 t6 

15 15 

53 53 

58 58 

30 30 

68 68 
74 74 
63 63 

67 67 
63 63 

42 42 
69 69 

48 48 
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Table A.t5 Beam nending Mo~ent (kN·m ) at Joint A~D) Line :: for Vancouver K=l.~ Duildlngs. 
Resulta based on %0% Redistribu ion of Bending Moment UI! to dead and live loada 

{ 
Floors \ 

No. Load- Combination Roof 6 5 4 3 2 
• 1 1.25D 129 163 163 160 160 156 

2 1.5L 72 87 87 86 86 84 

3 1.5W 12 28 50 77 98 133 

4 1.5Q 87 149 218 291 328 387 

S 1.25D + 1.5L 200 250 250 246 247 2·10 

6 1.25D + 1.5W 141 191 213 238 259 289 

7 1.25D + 1.5Q. 216 312 381 451 489 543 

& 1.25D + 1.05[; + 1.05W 187 243 259 275 289 308 

9 1.25D + 1.05L + 1.05Q 240 328 , 377 424 451 486 

1 0.85D+ 1.5W 100 139 161 186 207 239 

11 0.85D -1.5W 75 82 61 32 11 27 

12 0;85D + 1.5Q 175 260 329 400 438 493 
13 ... 0.85D - 1.5Q 1 39 108 182 219 281 . 

ô 

...... Table A.26 Beam Bending Moment (kN·m ) at Joint (AIB Line 2 for Vancouver K:!::l.~ DlliJding~ . 
1 Resulta based on 20% Redistribution of Bending Moment due ta dead and live loada 
~ 

FIoore 

1 No. Loa<! Combination Roof 6 5 4 3 2 

" . 1 "" 1.25D 176 189 189 189 189 189 

2 1.5L\ 101 105 105 105 105 107 

3 1.5W 11 26 46 70 91 116 

4 1.5Q 73 139 201 265 305 341 

5 1.25D -f·1.5L 277 294 294 294 294 296 

6 1.25D + 1.5W 187 215 235 259 280 305 

7 1.25D + 1.5Q 250 3B8 390 454 494 530 " 
1 ) 

8 1.25D + 1.05L + 1.05W 255 280 294 312 327 345 

9 1.25D + 1.05rt + 1.05Q 298 359 403 448 476 - 502 

1 0.85D + 1.5W 131 155 174 H)!) 220 244 

11 O.85D -1.5W 109 103 83 59 37 13 

12 0.85D + 1.5Q 193 267 ,329 304 433 469 

13 O.asD - 1.5Q 47 10 72 137 176 212 

/ 
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Table A.21 Bearn Bending Moment (kN·m ) at .Joint (B)e Line % for VaneoUYer K:::l.~ Buildings. 
Resulta based on %0% Redistribution of Bending Moment due ta dead and live loads \,-

Floors 

No. Load Combination Roof ~! 5 4 3 2 

1 1.250 U7 104 lO4 105 105 107 

2 1.5L 80 94 94 95 95 96 
0 

3 ~ 1.5W 10 32 61 94 129 153 

4 1.5Q 71 179 269 356 428 453 

5 1.25D + 1.5L 197 198 198 200 200 204 

.' 6 1.250 + 1.5W 121 136 165 199 234 260 

7 1.250 + 1.5~ 188 283 372 461 533 560 

8 1.2SD + 1.0S[; + 1.05W 180 192 212 237 262 282 

9 1.25D + 1.05L + 1.05Q 223 295 358 421 471 492 

1 0.85D + 1.5W 89 102 132 165 200 226 

11 0.85D - 1.5W 10 39 10 22 57 80 

12 0.85D + L5Q ISO 2S0 339 428 499 526 

13 0.85D - 1.5Q 9 109 198 285 356 380 , 
,. (' 

0 . 

-( Taoble A.28 Bearn Sbear Poree (kNJmat .Joint A..(B) Line % for Vaneouver K=l.: Buildings. Results 
balled on %0% Redistribution of Ben • g Moment due to dead and live loads 

... 
Floors 

No. Load- Combination Roof 6 < 5 4 3 2 

1 1.250 107 122 122 121 121 121 

2 1.SL 58 64 64 64 64 64 

3 1.5W 3 6 11 17 22 29 

4 1.5Q 19 34 49 65 74 85 

5 1.250 + 1.5L 166 186 186 186 186 r85.1 

6 1.250 + 1.5W 110 128 133 139 144 150 

1. 1.250 + 1.5Q 126 156 171 187 196 206 

8 1.25D + 1.05L + 1.05W 150 171 178 
.. 

175 182 186 

9 1.250 + 1.05L + 1.0SQ 16~, 190 201 212 218 225 
0 

n 1 0.850 + 1.SW 76 89 94 100 -IDS 111~ 

11 0.850 - 1.5W 70 76 72 65 -.60 53 

12 0.85.9-+ 1.5Q 92 117 132 148 157 168 

13 0.850 - l.SQ 54 49 34 17 8 3 

il 
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Table Â.%9 Beam Shear Force (kNJ at Joint (A.)B Line 2 for. Vaneouver K=l.~ BuildIng8. 
bascd an 20% Redistribution of Ben ing Moment due to dead and live load. 

Resultij 

Floors 

No. Load Combinat ion Roof .' 6 1)' 4 3 2 -

1 ,,1.25D 122 130 130 131 131 131 
2 1.5L 66 69 69 69 69 70 

3 1.5W 3 6 11 17 ~2 29 

4 .~.5Q '19 34 49 65 74 85 

5 1.25D + 1.5L 188 199 199 200 199 201 

6 1.25D + 1.5W 125 137 142 148 153 100 

i 1.25D + 1.5Q. , 141- 164 179 196 205 2i7 

8 1.25D + 1.05t + 1.05W 170 183 186 
,J 

191 194 200 

9 1.25D + 1.05L + 1.05Q 181 202 213 225 -231 240 

1 O.B5D + 1.5W 86 95 100 106 111 118 

11' O.B5D -1.5W 80 82 77 72 67 60 

12 O.85D + 1.5Q 102 122 138 154 163 175 

13 O.B5D -1.SQ 64 55 39 24 15 4 

0 

..... - Table A..~O Beam Sliear Foree (kNJmat Joint B(e) Line :z for Vancouver K=l.~ DuiIcllnga. RI'SltJtH .. based on 20% Redistribution of Ben g Moment due to dead and liv':. loads 

Floors 

No. Load Combination Roof 6 5 , 4 3 2 
... 

1 1.25D 104 95 '95 95 95 95 

2 1.5L 77 94 94 94 94 95 

3 1.5W 3 12 22 34 47 56 

4 1.5Q 26 65 98 130 156 165 

5 1.250 + 1.5L 1&1 189 189 190 190 19P 
6 1.25D + 1.5W 108 107 118 129 142 151 

7 1.250 + 1.5Q .~ 130 161 193 225 251 260 

'8 1.25D + 1.05L + 1.05W 161 169 176 185 194 201 

9 1.250 + 1.05L + 1.05Q 176' 207 229 252 270 277 

1 0.850 + 1.5W \ _ 74 76 87 99 112 120 

11 0.85D -1.5W 68 53 . 43 31 18 9 

12 0.850 + 1.5Q , 97 130 163 194 220 230 

13 0.850 -1.5Q 45 0 33 65 91 100 , 
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\l'able A. • .u Exterior Column Bending Moment (kN·m.) for Vanc:ouver K=l.: Buildingll 
'> 

Storeys 

1 2 3 4 5 6 

LOM Combination top bot top bot top bot top bot top bot top bot 

1 1.25D 163 91 101 57 101 57 100 56 99 56 80 44 

2 1.5L 7 50 54 30 54 30 53 30 53 30 43 24 

3 1.5W 38 2 21 5 ",29 16 41 29 49 21 82 146 

4 1.5Q 38 2 101 49 116 89 143 123 153 103 "225 411 

5 1.25D + 1.5L 169 -141 156 87 156 87 153 86 152 86 123 67 ~ 

6 1.25D + 1.5W 201 93 122 62 131 9'3 141 85 148 77 162 190 

7 1.25D + 1.5Q _ 201 93 202 106 217 145 243 179 252 159 305 454 

8 1.25D + 1.05L + 1.05W 194 128 154 81 160 89 166 98 170 92 167 163 0 

9 1.25D + 1.05L + l.05Q 194 128- 210 112 220 140 237 163 243 149 267 348 

~ 10 0.85D + 1.5W 149 64 90 43 98 54 109 67 116 59 136 176 

11 0.850 - l.SW 72' 60 48 34 40 ;l3 26 9 18 17 28 116 

12 0.850 + 1.5Q 149 64 170 88 185 127 211 161 220 141 279 440 

l3 0.85D - 1.5Q 72 60 32 11 47 50 76 84 86 66 170 381 

Table A.n Interior Column Bending Moment (krl'm ) ror Vancouver K=l.S Buildings 

o 

Load Combination 

1 1.250 

2 1.5L 

3 1.5W 

4 1.5Q 

5 1.250 + 1.5L 

6 1.250 + 1.5W 

7 1.250 + 1.5Q 

8 1.25D + 1.05L + 1.05W 

9 1.25D + 1.05L + 1.05Q 

10 0.85I}, + 1.5W 

11 0.850 - 1.5W 

12 0.850 + 1.5Q 

13 0.850 - 1.5Q 

Storeys 

1, 2 3 4 5 6 

top bot top bot top bot top- bot top bot top bot 

69 39 51 28 51 

19 43 50 28 50 ' 

135 89 43 31 67 

135 89 202 165 265 

88 82 100 56 100 

204 127 94 59 117 

204 127 253 193 315 

28 50 28 49 t8 40 22 :n9 8 ~~ ::1 1:3 - :383 :7~ 
248 3 290 371 365 364 487 

56 8 55 97 55 78 43 

87 140 106 171 141 173 196 

277 365 318 421 392 404 509 

177 131 116 t19 132 88 147 102 168 126 160 159 

177 131 227 163, 271 222 '304 250 343 302 322 378 

182 115 78 50 101 78 124 97 155 132 160 189, 

~ ~ 9 U ~ ~ " W ~ W ~ rn 
182 115 236 184 299 268 349 309 405 384 391 502 

88 62 168 146 230 229 281 211 338 346 337 472 
--~~>~==---------~~----------------------------------------------------
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Table A.:: Exterior Column Shear Force (kN) for Vancouver K=l.:S Building8 , 
'Storeya 

1 2 3 4 5 6 

Load Combination top bot top bot top bot top bot top bot top bot 

1 1.25D 

2 1.5L 

3 1.5W 

4 1.5Q 

5\ 1.25D + 1.5L 

'. ~ ~:~!~: ~::~ 

82 

o 
11 

11 
82 

93 

- 93 

8 1.25D + 1.05L + l.05W 90 

9 1.25D + 1.05L + 1.05Q 90 

10 0.85D + 1.5W 67 

11 0.85D - 1.5W 44' 

12 0.85D + 1.5Q 

13 0.85D - 1.5Q 

67 

44 

82 

45 

11 

11 

51 

27 

8 

47 

51 51 51 

27 27 27 

8 14 14 

47 .. 63 63 

51 

27 

22 

83 

51 

27 

22 

83 

51 

27 

21 

78 

51 29 29 

27 16 16 

21 51 51 

78 142 H2 

127 78 78 78 78 78 78 78 78 45 45 

93 59 59 65 65 73 73 72 72 80 80 

93 98 98 114 114 134 134 129 129 172 172 

121 76 76 80 80 86 86 84 84 76 76 

121 103 103 114 114 128 128 124 124 t.\lO 140 

67 43 43 49 49 57 57 56 56 71 71 

44 27 27- 21 21 13 13 13 13 31 31 

67 

44 

, 

82 

13 

82 

13 

98 

29 

98 ., 
29 

118 118 113 U3 

48 48 44 44 

162 162 

123 123 

Table A.S4 Interior Column Sbear Force (kN) for Vancouver K=l.S Buildings 

Storeya 

1 2 3 _ 4 5 6 

Load Combination top bot top bot top bot top-bot top bot top bot 
r 1 1.25D cp 35 35 25 25 25 25 26 26 25' 25 15 ,)5 

2 1.5L 9 39 25 25 25 25 25 25 25 25 14 14 

3 1.5W 72 72 24 24 40 40 54 54 74 74 69 69 

4 1.5Q 72 72 117 117 162 162 - 193 193 234 234 192 192 

5 1.25D + 1.5L 44 74 50 50 50 50 50 50 50 50 29 29 

6 1.25D + 1.5W 106 106 49 49 65 65 79 79 100 100 84 84 

7 1.25D + 1.5Q 106 106 142 142 188 188 219 219, 259 259 206 206 

8 1.25D + 1.05L + 1.05W 91 112'>--59 ''''-"59 71 71' 80 80 95 95 73 73 

9 1.25D + 1.05L + 1.05Q 91 112 125 125 156 156 178 178 206 206 159 159 

10 0.85D + 1.5W 95 95 41 41 57 57 71 71 92 92 79 79 

11 0.85D - 1.5W 48 48 6 6 22 22 36 36 57 57 59 59 

12 0.85D + 1.5Q 95 95 134 134 180 180 211 211 251 251 202 202 

13 0.85D - 1.5Q 48 48 99 99 145 145 176 176 217 217 182 182 

" 
" Il • 
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Table Â.:5 Deam Deneling Moment (kN·m ) 'at Joint A(B) Line % for Vancouver K=O.'t Building. 

C. Reeults b.ased on 0% Redistribution oC Bending Moment due to dead and live loads 

FIoorl! 

No. Load Combination Roof 6 5 4 3 2 

1 .. 1.250 139 186 186 182 183 175 

2 1.5L 78 100 100 98 98 94 

3 1.5W 11 28 49 75 96 131 

4 1.5Q 45 79 115 152 172 205 

5 1.250 + 1.5L \ 
217 286 286 280 281 269 

6 1.250 + 1.5W 150 214 235, 257 278 306 

7 1.250 + 1.5Q, 184 265 302 334 ,355 S'79 

8 1.2S0 + 1.0Sr; + 1.05W 201 276 291 303 318 333 

9 1.2S0 + 1.05L + 1.05Q 225 311 337 357 372 384 

1 0.85D + 1.5W 106 155 176 .199 220 250 

11 0.850 -1.5W 83 99 78 49 29 12 

216 • 12 0.85D + 1.5Q 140 206 242 296 323 

13 0.85D - 1.5Q ·49 48 12 28 48 ~6 

~t 

" 

( 
Table A.:8 Bearn Bending Moment (lcN'm ) at Joint (A)B Line 2 Cor Vancouver K=O.1 Building. 
Resulta baaed on 20% Redistribution of Bending Mo~ent due to dead and live loadll 

Floora . , 
No. Load Combinat ion Roof 6 ~ 5 4 3 2 

1.25D 184 195 195 196 196 196 
1.5L 104 108 108 109 109 110 

1.5W 10 26 46 70 91 119 \' 
1.5Q 39 74 108 " 143 164 188 

5 1.25D + 1.5L 288 303 
.' 

303 304 304 306 
6 1.25D + 1.5W 194 221 241 266 286 315 

~ 1.25D + 1.5Q 222 270 304 338 359 384 
8 1.25D + 1.05L + 1.05W 264 289 303 321 335 357 
9 1.25D + 1.05L + 1.05Q ·283 323 347 311 38~ 405 
1 0.8SD + 1.5W 135 159 179 ,203 224 252 

11 0.85D - 1.5W 115 107 87 .- 63 42 15 
" , 

12 O.85D + 1.5Q 164 , 207 241 276 297 321 
13 O.85D - 1.5Q 8'6 58 24 10 31 54 

II 
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• Table A..U Beam Bending Moment ~N.rn } at Joint ~B)C Line 2 for Vantouver K=O.7 BuUding • 
Results based on 0% Redistribution oC engIpg Moment ue to dead and llve load. ' ..-. 

Floora 
" 

No. Load Combinat ion Roof 6 5 4" 3' 2 

1 1.250 149 • 131 131 133 132 13n 

2 1.5L 104 119 119 120 120 1 "Pl " .. 
3 1.5W 9 32 62 97 132 WH 

4 1.5Q 38 98 149 198 236 21\.l 

5 1.250 + 1.5L 252 249 249 252 252 257 

6 1.250 + 1.5W 158 ' 163 193 " 229 264 301 

i 1.250 + 1.5Q. 187 229 280 ·331 368 ·100 . 
8 1.250 + 1.05t + 1.05W 228 236 258 284 308 :137 , 

1.250 + 1.05L + 1.05Q 9 248 283 318 355 381 ·10n 

r 0.850+ 1.5W 110 121- 151 187 222 25K 
/ 

11 0.850 - 1.5W 92 57 27 6 41 73 

12 0.850+ 1.5Q 139 187 238 289 326 350 

13 0.85D - 1.5Q 63 9 60 108 146 172 

, 

- Tabl. A.sa Il.am Sb ... Forc. (k~ at J(t AfBi Lin. ~ ror Vancouv .. K=O.1 Dulldlng. n .. ul" b .... t 
~ on 0% Redistribution oC Bending oment due to dead and liye Ioada \ _ 
~ 

~ 
Floora 

No. Load Combination R"Oof 5 4 3 2 

1 1.250 109 lU 124 124 124 123 

2 1.5L 59 65 65 65 \ 65 ( 65 1 \ 
3 1.5W 3 6 11 17 22 29\ 

4 1.5Q 10 18 26 35 39 46 
5 1.250 + 1.5L 167 ..190 190 189 189 188 

6 1.25D + 1~5W 111 131 135 141 146 152 

7 1.250 + 1.5Q 119 142 151 158 163 169 

8 1.250 + 1.05L + 1.05W 152 174 178 181 - 185 189 

9 1:250 -+ 1.05L + 1.05Q 157 183 ' 188 194 '197 200 

1 0.850+ 1.5W 77 91 96 101 106 113 

11 0.850 -1.5W 72 78 73 67 ,,62 54 . ' 
..". 12 0.85D + 1.5Q 84 103 111 119 124 130 

13 0.85D -1.5Q 64' 67 58 50 45 38 

~n 
/ 
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Tabte A.39 Deam Shear Foree (kN) at Joint (A)B Line % for V~eouver X=O.1 Building. Results based 
on 20% Redistributio"t oC Bending Moment due to dead and live Ioada ' , , 

Floors 

No. Load Combination , Roof 6 5 4. 3 2 

1 1.25D 121 128 128 128 128 129 

2 1.SL' l 64 67 ~ 67 67 68 

3 1.5W 3 6 1l 17 22 29 
4' 1.5Q )10 18 26 35 39 46 

5 1.250 + 1.5L 85 195 195 196 196 197 

6 1.250'+ 1.5W 123 134 139 145 150 159 

7 1.25D + 1.SQ 131 146 154 163 168 175 

8· 1.25D + 1~05r; + 1.0SW 167 179 182 187 191 197 
'" 

9 1.250 + 1.05L + 1.05Q 172 187 193 200 
, 

203 209 

1 0.850 + l.SW 85 93 . 98 104. 109 117 

11 0.85D -1.5W 80 81 76 70 65 59 

12 0.85D + 1.SQ 92 IDS 113 122 127 134 
13 0.85D .... 1.5Q 72 69 61 53 48 42 

. 
( Table A.'O Beam Shear Force (kN) at Joint B(e) Line % for Vancouver X=O.'1 Building. Results ba8ed 

on 20% Redistribution oC Bending ment due to dead and live loada CI 

Floors 

No. Load Combinat ion Roof 6 5 4 3 2 
, 

1 1.25D 104 95 95 95 95 95 
2 1.SL 78 94 94 94 94 95 
3 1.5W 3 12 23 35 48 60 

. - 4. 1.5Q 14 36 54 72 86 96 
5 1.25D + 1.5L 182 189 189 190- 190 191 
6 1.2SD + l.5W 108 107 118 131 143 156 
7 1.250 + 1.t;Q 118 131 150 168 181 191 
8 1.25D + 1.05L + 1.05W 161 169 177 186 195 204 
9 •. 1.25D + 1.05L + 1.05Q < 169 186 199 212.- 222 229 
1 0.850 + 1.SW 74 77 88. 100 113 l25 

11 0.850 - 1.5W 68 53 42 30 17 & 
12 ~.850 + 1.SQ 85 101 119 137 151 161 

"" 13 0.8sD -1.5Q 57 29 11 7 21 31 

\ 
0 
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Table Â..41 Exterior Column Benrling Moment (kN·m) for Vancouver K=o.'1 Dull?Ing 

Storéys 

1 2 3 4 5 6 
( 

Load Combinat ion top, bot top bot top bot top' bot top bot top bot 

1 1.25D 

2 1.5L 

3 1.5W 

4 1.5Q , 

5 1.250 + 1.5L 

143 80 

6 44 

19 5 

19 5 

148 124 

6 1.25D'+ 1.5W 161 84 

7 1.250 + 1.5Q _ 161 84 

8 1.250 + 1.05L "'1.05W - l~O 114 

94 52 

50 28 

17 - 7 , 
47 30 

144 80 

11l,. 60 

_141\ 82 
141 77 

94 52 91 52 91 51 12 40 

50 28 49 28 49 21 39 21 

26 18 37 30 46 29.J 75 115 

51r 49 72 65 80 63 113 1H 

9 1.25D + 1.05L + 1.05Q 

0.85D" + 1.5W 

160 114 162 93 

144 80 140 79 139 79 111 61 

120 71 129 81 136 80 148 155 

151 102· 163 116 170 Il'!' 185 21-1 

147 85 - 152 92 157 90 153 1:)5 

169 106 176·. 116 180 0115 179 177 

10 
-11 

12 

1.3 

O.85D - 1.5W 

O.85D + l.5Q 

0.85D - 1.5Q 

116" 59 

79- 50 

116 59 

79 50 

81 43 

47 28 

111 65 

17 6 

90 

37 

54 100 65 

17 25 6 

107' 64 125 H2 

16, 6 26 88 

121 85 134 100 141 98 162 20l 

6 14 10 30 18 21) 64 147 

Table A..42 Interio~ Column Deneling Moment (kN·m ) for Vancouver K=O.1 Duildlng 

o 

Load Combination ~ 

1 1.25D 

1/ 2 1.5L 

3 1.5W 

4 1.5Q 

5 1.25D + 1.5L 

6 1.25D + 1.5W 

7 1.25D + 1.5Q 

1 

top bot 

76 42 

19 46 

72 46 

72 46 

95 88 

148 89 

.148 89 

Storeys 

2 3 4 5' 6 

top bot top bot top bot. top bot top bot 

54 30 

51 29 

44 32 

112 91 

105 59 

J4 30 53 30 53 30 43 24 

51 29 50 28 50 28 40 22 

68 59 92 80 122 110 152 Hl6 

145 136 173 160' 201 192 223 205 

105 59 103 58 103 58 83 46 

98 62 122 89 146 110 174 -139 195 220 

166 121 199 166 227 190 254 222 266 318 

8 '1.25D + 1.05L + 1.05W 140 107 121 72 137":91 153 106 173 126 '177 176 
! 

9 1.25D + 1.05L + 1.05Q 140 107 168 114 191 145 210 162 228 184 227 2~5 
10 

11 

0.850 + 1.5W 

O.85D - 1.5W 

12 0.85D .,. 1.5Q 

13 O.85D - 1.5Q 

124 75 

21 18 

124 75 

21 18 

81 

8 

52 

11 

104 79 

31 38 

129 _100 157 130 181 212 

56 59 86 89 123 J80 

148 111 182 156 210 181 237 212 252 311 

75 70 108 115 137 140- 165 172 104 270 
~ 
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" Table A.U Exterior Colunm Shear Foree (kN) for Vaneouver K={).1 Building 

Loa<! Combmation 

1 1.250 

2 1.5L 

3 l.5W 

4 1.5Q 

5 1.250 + 1.5L 

6 1.250 + 1.5W 

7 1.250 + 1.5Q 

o 

• 

8 1.250 + 1.05L + 1.05W 

9 1.2S0 + 1.05L + 1.05Q 

10 0.85D + t:5W 

11 O.85D - 1.SW 

12 0.85D + 1.5Q 

.1.3 0.85D - 1.5Q 

Storeys 

1 2 3 4 5 .® 6 

,top bot top bot top bot top bot top bot top bot 

72 72 47 

1- 40 25 

7 7 8 

7 7 24 

73 112 72 

79 79 ~ 55 
79 79 71 

78 105 7<1 
78 105 81 

" 56 56 40 

42- 42 24 

56 56 56 

42 42 8 

47 47 
25 25 
8~' 14 

24 33 

72 72 

55 61 

71 80 

70 74 

81 88 

40 46 

2)" 18 

56 65 

8 1 

47 

25 
14 

33 

72 

61 

80 

74 
88 

46 

18 

65 

1 

47 
25 
21 

42 

72 

68 

89 

79 

94 

53 

11 

74 

11 

47 47 
25 25 
21 22 

42 44 

72,,71 

68 69 

89 90 

79 80 

94 94 

53 54 

11 9 

74 75 

11 12 

47 26 26 

25 14 14 

22 42' ~2 

44 63 63 

71 41 41 

69 69 69 

90 90~ 90 

80 -66 66 

94 81 81 

54 60 60 

9 24 24 

75 81 81 

12 45 45 

Table .A.titi Interior Column Shear Foree (kN) fol' Vaneouver K=O.'1 Buijding 

Load CombinatioD 

1 1250 

2 1.5L 

3 1.5W 
o 

4 1.5Q 

5 1.250 + 1.5L 

6 1.25'D + 1.5W 

7 1.250 + 1.59 

) 

8 1.25D + 1.05L + 1.05W 

9 1.25D + 1.05L + 1.05Q 

10 0.850 + 1.5W 

11 0.850 - 1.5W 

12 0.'85D + 1.5Q 

,13 ... 0.85D - 1.5Q 

1 2 

top bot top bot 

38 38 ~ 27 27 

9 41 26 26 

38 38 24 24 

38 38 64 ~ 64 

Storeys 

tOJ> bot 

27 . 27 

26 26 

40 40 
89 89 

4 5 6 

top bot top bot top bot 

27 27 27 27 16 1? 

26 26 26 26 15 \ 15 
55 55 73 73 79 79 

\ 47 79 53 53 
Ir 53 53 

107 107 125 125 117 117 

53 53 53" 53 SO 30 

76 76 51 51 67 67 82 82 100 100 94 94 

116 116 134 134 152 152 132 132 76 7& 91 91 

71- '-'94 

71 94 

62 62 73 73 84 84 96 96 81 81 

107 107 120 120 132 132 107 107 ( 90 90 

64 64 43 

120 12 6 

64 64 83 

12 12 46 

43 58 58 73 73' 92 92 89 89 

6 ~ ~ ~ ~ U U ~ ~ 

83 107 107 125 125 143 143' 127 127 

46 70 70 88 88 106 106
0 

106 106 
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Table Â..4.5 Lateral deBeetion en~elope under spec:ified 
earthquake and wind load , mm, Montreal Duildings 

Floor K=O.7 K=1.3 

ROO!\_ 12.0 23.0 

110 21.0 

5 10.0 190 

4 80 150 

3 6.0 11.0 

2 4.0 60 

1 

Table Â..i5 Lateral deBeetion envelope under spetified 
earthquake and wind load , mm, Vancouver, Buildings 

Floor K=O.7 K=1.3 

Roof 250 43.0 

6 23.0 40.0 

&; 5 20.0 350 

4 16.0 29.0 

3 120 21.0 

2 7,0 12.0 

1 9 
ù 

" 
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