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LT ABSTRACT o

Three buildings in Montreal and three puildi;gs in Vancouver were desigm_a_@ for
different level of “ciuctility” according to the i985 National Building Code of Canada
and the 1984 Canadian Concrete Code. ) - '

Three full scale reinforced concrete specunens representlng an exterior beam- ¥
column-slab subassemblage of the Montreal structure were tested in order to defermine
the behaviour of these components. The role of the spa.ndrel bea.m in limiting the eﬂ'ec—
tive slab width and its role in transferring shear to the joint region were investigated.

Analytical procedures were developed in order to predict the responses of main

_structural components to the combined loading effects of axial load, moment and

» shear? In addition a hysteretic behavioural model was developed in order to account

rs
e

for strength and stiffness degradation as well as pinching of the hysteretic response.
’j'.‘hg analytical procedures were then used to model the responses of the components
of these buildings. Non-linear dynamic' analyses were carried out on each building for
a series of artificially generated accelerograms. The results of the tests as well as-the
results of the non-linear dynamic analyses enabled an assessment of the performance

of different building designs and.an assessment of current code requirements.
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Trois batiments sifués & Moxgtréal et trois bitiments situés/z‘i Vancouver ont &té di-
, -

’

mensionnés avec des facteurs de ductilité diﬁ'eren%s selon le Code National du Batiment
édition 198502313 le Code Canadien du Béton édition 1984.

Trois spé,cim-ens grandeur réelle représentant un ensemble colonne extérieure, pou-

tre et plancher des batbiments de Montréal ont été testés dans le but de déterminer leur

) comportement sous charges renversées. Le role de la poutre de rive dans la partidpat.i;m

. d’une largeur “éfficace” de la dalle dans la résistance de la poutre principale a été ¢tudié,

de ménfe que la transmission des contraintes de cisaillement de la poutre de rive au

. L4 !

Joint. Voai
Des méthodes analytiques ont été dévelopées permettant de prédire les déforma-

*
tions des éléments principaux d’une structure sous une combinaison de charge axiale,

flexion et cisaillement. De plus un modéle permettant de décrire la réponse d’un élément

2

en béton-armé sous ‘charge cyclique a été développé. Ce modéle tient compte de la perte
- derigidité, de la perte de résistance ainsi que du rétrécissement de la courbe de réponse:

Ces méthodes furent uti\lisées dans la modélisation de la réponse des composantes
des bitiment mentionnés plus haut. Des analyses dynamiques non-linéaires de ces

e )

batiments ont été éffectuées avec comme chargement dynamique un ensemble de trem-
bﬁ,lements de terre générés artificiellement.

Les résultats des essais ainsi que les résultats des analyses dynamiques non-linéaires
ont permis une évaluation de la performance des di‘ﬁ'érents' genres de batiments et une

évaluation des réeglements des codes du batiment en vigueur.
Y . ‘
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CHAPTER 1

- -

. INTRODUGTION ;
~q

E;rthquake resistant design provides, a great challenge for structural enginecrs.

As Newmark and Rosenblueth [1] point out “Earthquake effects on structurés sys-

tematically bring out the mistakes made in design and cons%ct.ion, even the mih-

utest mistakes.” Lessons learned from past earthquakes such as

Long Beach (1933), El Centro (1940\), Alaska (1964), Caracas (i967) and Managua

(1972) have had a profound effect on North American codes. The recent 1985 Mexican
earthquake further highlighted deficiencies in building coﬁ‘é’é and re‘s,ulted in emergency
changes to the Mex‘ican building codes. )
Experimental research on the reversed cyclic loading response of buNilding compge
nents together with the recent development of non-linear dynamic analysis programs
have provided basic tools for prt_adicting the complete response of structures to strong
ground motion. Although experiences from actual earthquakes provide the real test
of building codes, the advent of these new analytical tools provide a means of eval-
uai;ing design practice. The 1985 National Building Code of Canada [2] introducéd
new seismic zoning maps based on two parameters, the horizontal acceleration and
the horizontal velocity. The 1984 Canadian Concrete Code (3] introduced new seismic
design and detailing requirements for reinforced concr;ate structures. The design pro-
visions for ductile moment Tresisting frame members were revised and new provisions
were presented for members with “nominal ductility”. Figure 1.1 summarizes some of

the detailing requirements for the beams and columns corresponding to the level of

“ductility” chosen in the design._ The factor, K, reflects the type of construction, the

\’agree of ductility and the energy dissipating capacity. In the light of these recent code

changes there is a need for research in order to proviae fhe following: a) experimental

1
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Fig.1.1 Summary of detailing requirements for beams and columns

response’ data on large scale specimens designed and detailed according to the 1984

. Canadian Concrete Code. b) non-linear response predictions of structures designed in

different Canadian seismic zones with different levels of ductility. *

1.1 PREVIOUS RESEARCH Y.

-

In the field of earthquake engineerixig thousands of papers have been written.on

" various subjects and research is still underway in many countries. The brief summary

of previous research presented in this section will be restricted to research programmes
which have had a direct influence on North American codes as.well as on this research

programme.

.
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.1.1.1 Seismic Risk Analysis apd Seismic Zoning

The times of occurrence, the sizes and the locaé'ions of future earthquakes are un-
certain_ and therefore should be described in pr iligtic terms. The seismic z‘oning
map introduced in the 1953 edition of the National Building Code [4] was only qualita-
tive and based only on historical considerations.* The first probabilistic seismic zoning
map was introduced in the 1970 edition of the code [5]. This map developed from the

wark of Milne and Davenport (6], was based on the extreme value method and only

N - . N R . . -
* the recurrence time was treated as a random variable. The seismic zoning maps, baséd

on the Cornell method (7], given in the 1985 edition of National Building Code [2]
represent a major departure from the previous code. Different maps are pr‘gsented for
peak horizontal ground acceleration and peak-horizontal velocity, having a probability
of exc;aedance of 10% in 50 years. The provision of two ;;arameters (i.e., acceleration
and velocity) for each location in Canada provides a more refined regional distinction
and also~providels a means of distinguishing between short and long period structural

responses. More details on seismic risk analysis are given in Chapter 2.
L 4

1.1.2 Reversed Cyclic Loading Tests of Reinforced Concrete Cofgpanents

Quasi-static reversed cyclic loading tests have been used'to study the general
responses of members under earthquake loading. "Mahin and Bertero [8] have shown
that the strain rate does not sxgmﬁcantly affect the stiffness, the strength, the ductility
nor the overall energy dlSSlpatmg ability of reinforced concrete members. Hence quasi-

static reve[sed cyclic loading tests are used to study the seismic résponses of building

components
Ea.\\rb tests on beam-column connections were carried out by the Portland Cement
Association and the University of Illinois in 1960 [9]. These experiments clearly demon-
strated the benefits of confinement on the hysteretic response of beams. These tests
however failed to simulate the complex behaviour of the beam-column joint region.
Ma, Bertero and Popov [10,11] reporfed the results of a deries of tests carried out

at the University of California at Berkeley on beam-column sub-assemblages. Some

'ﬁ' ‘3
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of the test specimens included part of the slabs. Failure of the test specimens were

either due to buckling of the bottom longitudinal bars and subsequent loss of load
carrying capacity or due to loss of shear transfer across full depth'open cracks in the
beam. They concluded that the effect of the presence of the slab was to increase the
nega‘tive moment capacity, which led to greater energy dissipation per cycle than was
achieved in specimens without slabs. Increased compressive and shear forces due to the
presence of the slabs were found to promote early buckling of the bottom longitudinal
hars as well as to aggravate shear degradation. Supplementary ties in the beams to
support cor.npressed longituainal bars increased the energy dissipatio}x capacity. It
was also found by the authors that the amount of bottom longitudinal steel had a
z;igniﬁcant effect on the energy dissipation capacity of the segtions. They suggested
that to improve the energy dissipation capacity of frames the ratio of compressive
reinforcement to tensile reinforcement shaﬁﬁ not be less than 0.75. The advantage of
designing beams in frames with larger positive moment capacity has also been pointed
out by Paulay [12]. Ma, Bertero and Popov also presented a detailed discussion of the
effects of high shear in critical flexural regions. The pinching effect induced by high
shear on t}:e load-displuacement relationship was clearly highfighted by the authors. A
reduction in the energy dissipation capacity of more than 66% and a reduction in the
plastic hinge rotation capacity of 30% occurred due to the presence of high shear. ‘

Park [13] suggested that each beam bar in compression regions should be sup-
ported laterally by a corner of a tie. He recommended that the spacing of stirrup tiES"
surrouixding compression steel bars should not exceed six times the #iameter of the }
longitudinal bar in order to prevent buckling of the longitudinal bars in plastic hinge,_
zones. v

Kent and Park [14] studied the influence of size and spacing of transverse ties

in columns on the confinement of the concrete core of the column. They proposed an

. equation to modify the post peak stress-strain relationship of the concrete as a function

of tie reinforcement ratio. Sheikh and Uzumeri [15] conducted a series of tests in

which both the transverse reinforcentent layout as well as the longitudinal reinforcement

o -

- were varied. They found that both of these variables have a significant effect onethe

*
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confinement which could result in an increase in strength as well as ductility.

Uzumeri (16] at the University of Toronto and Uzumeri and Seckin {17 have pei--
formed a series of tests on beam-column connections to study the effect of the joint
behaviour on the response 'of the sub-assemblages. The authors concluded from the
results of tests on nine full-scale specimens that: 1) the energy dissipation capacity
of beam-column sub-assemblages is dependent on the anchorage and confinement pro-
vided by the joint ties which therefore should be fully anchored in the core, 2) the
a}ssumptiono of rigid beam-column connections can lead to erroneous results in inelastic
dynamic analysis of reinforced concrete frame structures, 3) the ductility achieved by
the test specimens is affected by the strain in the joint ties, 4) the yielding of the jomt
steel should be prevented, and 5) the 45° truss analogy for the design of joint shear
reinforcement'a dqes not predict the behaviour of the joint well.

Park and Paulay [13,18] give an éxcellent summary of the behavioural aspects
of beam-column joints. Paulay, Park and Priestley [19] discussed the contribution of
joint shear reinforcement a,nCd inclined concrete compressive struts on the joint shew
resistance. Due to the yield penetration into the joint under cyclic loadin:z, it was
suggested that the contribution of the concrete to the shear resistance of the joint
sho/yﬁge neglected. It was also suggested that, in order to limit bond slip, the diameter
of the beam longitudinal bars passing through the joint should be limi!vd to 1/25 of
the column depth.

Zhu and Jirsa [20] studied the bond deterioration in beam-column joints and rec-
ommended that the beam bar diameter not exceed about 1/20 of the column width
and that the column bar diameter not exceed 1/22 of the beam depth.

There are still some uncertainties ¥n determining the effective width of the floor

slabs and in particular the amount of slab reinfércement participating in the develop-

. ment of the flexural capacity of beams. Large differences in the measured and predicted

responses of a seven-storey, one-fifth scale reinforced concrete frame-wall model tested
under the U.S.-Japan Cooperative Research Program at the University of California
at Berkeley [21] were attributed to the participation of the slab in the resistance of

the model. In the past few years some studies have been undertaken to investigate the
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behaviour of beam-column sub-assemblages with slabs and transyverse beams. Ehsani

and Wight (22,23,24] observed that thg improved confinement provided by transverse
beams prevented the pullout of the beam longitudinal bars. The authors noted that
the ratio of columnfexural strength to beam flexural strength may be over estimated
by neglecting the contribution of the slab reinforcement in negative bending. It was
suggestf;d that the effective width of the slab in tension be taken at least equal to the
width of the beam on each side of the column and that the ratio of the column flexural
strength to beam flexural strength be no less than 1.4. N ~

Hawkins and Lin [25] studied the reversed cyclic loading bond characteristics of
reinforcing bars anchored in joints. They concluded that the deformations in joints
must be considered and that the bond slip can be modelled by a rigid bedy rotation
of the beam at the column face. They concluded that the bond-slip characteristics

for bars are as important as their stress-strain-characteristics in modelling member

response.

1.1.3 Non-Linear Dynamic Analyses of Reinforced Concrete Structures

<

Non-linear dynamic analysis frame programs have been used to study the response
of structures to earthquake loadings. These programs {se beam elements with concen-
“trated non-linear springs locgtéd at their ends. Th;ase springs are usually assigned some
empirically derived hysteretic behaviofr in the form of load-response rules. These load-
response rules were typically determined from experiments. A few of the hysteretic
models for reinforced concrete members are ciescribea below:

.a) Bi-linear model — In the early stage of development elastic-perfectly plastic
models which were successfully.used to model steel members had also been gpplied
to reinforced concrete structures. The impr(csyement of this model by assigning a finite
slope to the post yielding stiffness resulted in the bi-linear model as shown in Fig. 1.2 a.
This model does not represent the degradation of the loading and unloading stiffnesses
after yielding and therefore overestimates the energy dissipating capacity of reinforced
concrete members. This model can be fully described by three load-response rules as

shown in the ﬁ_gure. -

/



(c) Takeda model -
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- Fig. 1.2 Moment-Rotation hysteresis mode}s © ~ | (\

Veletsos and Newmark [26] have used the elasto-plastic model in the analysis of a
single degree of freedom system. They found that the maximum displacement of this
simple inelastic system was practically the same as that of an elastic system.

Mahin and Bertero {27] have used the bi-linear model in tha,analyses of the re- -
sponse of the following structures: 1) the Charaima building in Caracas, an cleven-
storey moment resisting frame which partially-collapsed during the 1967 Venezuelan
earthquake, 2) the Olive Viewaébsvital Main Building, a mixed structural system that

suffered extensive damage during the 1971 San Fernando earthquake, and 3) the Banco
de America building in Managua, an eighteen-storey building which had four shear
wall cores as the principal lateral force resisting system and which sustained moderate

damage to the core tie girders during the 1972 Nicaragua earthquake. The authors

have tried to reconcile the analytical findings with the actual didrnage observed in the

¢4

buildings after these earthquakes. They concluded that dynamic analyses can provide
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) additional information regarding the seismic response (e.g., displacements; interstorey .
‘ . drifts, maximum and residual inelastic deformations) not obtainable with conventional

methods such as static analysis (linear or non-linear) or dynamic elastic analysis. They
obtained better predictions of the performance of the buildings studied from the inelas-

tic dynamic analyses than™rom the elastic analyses. The authors concluded however

<

that in this type of analyses considerable engineering judgement was required in the
> . .
following three areas: 1) modeling member mechanical characteristics, 2) estimating

3 the energy dissipation capacity of the critical regions, and 3) selecting critical ground

-
¥

“motions. -

& Clough, Benuska and Wilson {28,29] have used the bi-linear model in their study .
of the non-linear dynamic behaviour of a twenty-storey reinforced concrete structure
in which the relatiye strengths of the beams and the columns were varied. The struc-
ture was subjected to the accelerogram for the North-South component of the 1940 El
Centro earthquake. Some of the design corxtﬁggns from this séudy are: 1) A “weak
‘ girder - strong column” philosophy is preferred in order to arrive at reasonable duc-,
(, tility demands. The formation of plastic hinges in the beams does not seriously affect
the vertical load carrying capacity of the structure. The formation of plastic hinges
in the columns could lead to collapse of the structure. '2) Avoid localized zones of
weakness in the structure because all of the inelastic action could take place in these
locations, with the remainder of the structure remaining essentially elastic. A more
appropriate structure, capable of absorbing more energy, would have a more uniform
distribution of strength and stiffness such that yielding is more uniformly distributed
over the structure. The same conclusions were arrived at by~Park and Paulay [18]
from their static coilapse analyses of reinforced concrete frame structures. Paulay [30]
reported the inelastic dynamic respons'es of three prototype frames designed accor&ing
to New-Zealand capacity design procedures in order to evaluate theé adequacy of these
procedures. Load- response relationships were represented by zlastic-perfectly plastic

hysteresis loops without allowance for stiffness degradation. '

_ b) Clough’s degrading stiffness model ~ The eﬂa.l:ly PCA concrete frame tests [9]

‘ demonstrated that reinforced ;oncfete members have a completely different form of post

N
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yielding response than the bi-linear model. Based on these tests, Clough and Johnston
[31] proposed a model which could be completely described by six load-response rules.
The first three rules are essentially the same as the elasto-plastic system, however
after yielding the reloading stiffness is assumed to pass through the previous maximum
response point. The energy dissipating capacity of this model is rcduced' signiﬁcgntly
as can be seen by comparing Fig. 1.2a and 1.2b. A post yielding Knite slope can be
easily added to this model. _

Clough and Johnston concluded from their study that: 1) The ductility require-
ments of systems modelled with degrading stiffness are not different from those obtained
from the elasto-plastic models except for structures having a period of vibration less
than 0.5 sec. 2) Systems modelled with degrading stiffness, representative of reinforced
concrete frame members, have significantly different earthquake response charaeter-
istics from systems with elasto-plastic models. 3) The principal effect of the loss of
stiffness resulting from yield deformations is an increase in period of vibration, modi-
fying the response behaviour for long period structures and increasing the amplitude‘
of displacements for short period structures.

Clough [32] compared the response of a large scal\e, two—s‘torey reinforced concrete
frame structure to the response Qredicted by both the bi-linear and the Clough degrad-
ing stiffness models. The structure was tested on a shaking table and was subjected to
the Taft 1952 earthquake motion {33]. He concluded that the degrading stiffness models
gave a better representation of the response but noted that although good agreement
was ohtained further significant improvements could'be made. ‘

. ¢) Takeda’s degrading stiffness model — A more refined hysteresis model was devel-
o;)ed by fokeda, Sozen and Nielsen [34] on-the basis of experimental observations con-
ducted at the University of Illinois. This improved model introduced stiffness change
at flexural cracking and yielding, strain hardening past flexural yielding and an un-
loadin% stiffness which reduced as an exponential function of the previous maximum
deformation. The set of 16 rules presented by the authors included detailed rules for
load reversals (see Fig. 1.2¢).

Otani and Sozen [35] simplified .the ‘Takeda model 1'by removing the chzxnge of

9 .




(b) Vanabie reloading stiffness

Fi%. 1.3 Modified Takeda model, Litton [36]

<

°

stiffness at cracking of the concrete. Litton [36] and 'Powell [37] modified the Takeda
model by also removing the change in stiffness at cracking and in addition ‘ntroduced a
reduction of the unloading stiffness by an amount which ciepends on the largest previous
hinge rotation and a variable reloading stiffness which is larger than that of the Takeda

model and which depends on the past loading history (see Fig. 1.3).

Qtani and Sozen [35] compared ‘the response of small scale three-storey one bay

reinforced concrete frames that were tested on the University of Illinois earthquake

simulator with their predictions using the Takeda model. They approximated member-
end Totation due to bar slip with a concentrated hinge at the member end with load-
deformation following a simplified bi-linear Takeda model without pinching. They
found that the analytical model simulated the large amplitude oscillations well but
failed to simulate the medium to low amplitude oscillations. They concluded that
pinching of the hysteresis response curve due to bar slip and shear distortion needs to

be incorporated in the analytical models.

Litton [36] compared responses of the two-storey, one bay reinforced concrete frame

10
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" that had been investigated by Clough [32,33] with the predictions usihg their modified

Takeda model a.n-_d the basic Takeda model. It was found that the maximum ampli-
tude prediction was within 4% but the response predictions, althoug}i‘fg'ood at large
a:mp]itude oscillations, were poor at low-amplitude oscillations using the basic Takeda
model. The predictions using the modified Takeda model were less accurate than with
the basic Takeda model. The author concluded that further research was required
before recommendations could be made on the use of either model.

. A large number of interesting hysteresis models have been proposed in addition to
the ones describ;ed above, particularly in Japan. Umemura and Takizawa [38] and Otani
[39] have presented a very detailed and informative survey on the subject. One of the
most interesting one is due to Takayanagi and Schnobrich [40]. They incorporated the
effect of axial load variation in the Takeda model as well as pinching of the curve and
a strength degradation foeature. Takayanagi arfd Schnobrich compared the responses of
ten-storey coupled shear walls that were te#ed on the University of [llinois carthquake
simulator [41] with their predictions using their modified Takeda model. The Takeda-

Takayanagi model with changing axial force was used for the wall element and the
beam eleme:nts were modeleq with the pinched model with a finite strength decay. The
authors found+that the predictions compared very well with the observed responses.
Recent analyses of frame-wall structures were carried out by Corley and Saatcioglu
[42]. They used the Takeda-Takayanagi model with varying yield levels depending on
the axial load acting on the walls. They studied the effects of axial load on the walls,
pinching of the hysteretic resi)onse and shear yielding level.
*  Although non-linear dynamic Qnalysis is mainly an analysis tool, guidance for its
use in design is given by Fintel and Gosh [43]. This explicit inelastic design pro;edllre -
attempts to investigate both the serviceability under the “design” earthquake and safety

under the “hypothetical maximum credible” earthquake. Examples of applications of

this procedure are given in References [44] and [45).
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1.2

OBJECTIVES .

The objective of this research program is to evaluate the seismic performance of

reinforced concrete frame structures in two different regions of Canada. In-particula.r

the influence of design and detailing approaches is investigated. In order to meet this

objective the following steps are taken:

1)

2)

7)

A series of acceleration-time histories are generated for the Montreal and Vancou-
ver regions.

A series of six-storey reinforced concrete frame structures are designed with differ-
ent levels of ductility (K=0.7, K=1.3, K=2.0) for Montreal and Vancouvef. The
designs are carried out according to the 1985 National Building Code of Canada
and the 1984 CSA Concrete Code.

Full scale sub-assemblages representing the exterior second storey beam-columr
connection with the three levels of ductility are tesﬁed.) These sub-assemblages
include part of the spandrel beams and the floor slab. Thﬁpurpose of these tests
is to study the reversed cyclic loading response of building components designed
and detailed accordi?g to the latest code.

Analytical tools are developed to predict the test results. These analytical tools
are then used to predict the responses of the building members.

In order to appropriately model the strength and stiffness degradation , as well as
the pinching of the hystereéis résponse, a hysteresis model is developed and incor-
porated in the general purpose non-linear dynamic analysis program — DRAIN-2D
37).

Each of the six structures is analyzed for a series of acceleration-time histories
using DRAIN-2D [377] Four separate acceleration time history are scaled to three
different levels of peak ground acceleration corresponding to “s.ervice”’, “design”
and “ultimate” levels.

The results from the 72 time °flistory analyses are evaluated in order to assess the
structural damage, the ductility demand on the members and to provide a means

of assessing the code design and detailing requirements.

- . 12 -



The study is limjited to symmetric frame structures founded on stiff soil. The struc-

¢4

tures are analyzed as two-dimensional frames with infinitely rigid floor diaphragms. ’i‘he
effects of all non-structural components are neglected in the analyses. Plastic hinges
-are assumed to form only at member ends.
The response predictions include the effects of:
1) bond-slip of reinforcing bars, anchored in the joint t.egion,
2) joint shga; distortion,

3) shear de!rma.tions of beams,

5) effects of confinemeént on the stress-strain relationship of concrete,

6) participation of the slab reinforcement in the response,

©

)
)
‘ )
| 4) strain hardening of steel reinforcement, o
)
)
)

7) strength degradation, stiffness degradation and pinching effects in the non-linear

a,nal(yses.

o

)

¢

e
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'CHAPTER_ 2

CANADIAN SEISMICITY )
AND GENERATION OF ACCELEROGRAMS

£

\
2.1 SEISMIC RISK ANALYSIS

LY

Brief summaries of two well-known seismic risk analysis me&hods used to develop
‘ - ‘ s
the seismic zoning maps in Canada are presented below.

2.1.1 Extreme Value Method - Milne and Davenport

The seismic zoning map used in the 1970 National Building Code of Canada [5]
was based on the work of Milne and Davenport [6] and Witham, Milne and Smith [46],
who u;ed the extreme value method. The procedure followed in the derivation of this
map is as follows:

a) Based on historical data the probability‘ of future ground motion occurrence at a
given location is assumed equal to the average frequency in the Qast.
b) A suitable attenuation law is assumed (e.g., Peak ground acceleration as a function
of both magnitude and hypocentral distance).
c) A relationship between acceleration versus probability of exceedance in any given
year is assumed.
‘d) Peak ground accelerations having a probability of exceedanée of 0.01 per annum
(corresponding to 40% probability of exceedance in 50 years) were computed for
_ a large number of locations throughout Canada. —

P

e) The resulting contours were used to produce foungeismic risk zones (see Fig. 2.1). -
p
S\\‘ )
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Fig.2.1 1970 Seismic zoning map of Canada

Although the recurrence time is treated probabilistically in this method the random
nature of the location and the size is not accounted for. One deficiency of maps derived
with this method is that any change in either size or location can significantly alter the

risk estimates.

23 g
~ > -
o *

2.1.2 Point Source Model - Cornell Method

The seismic zoning maps of the 1985 National Building Code of Canada [2] were
derived based on the point source model Heveloped by Cornell [7]. In essence the Cornell
method combines information about times of occurrence of earthquakes, areal seismic
activity suppleme;lted by geological evidence and attenuatjon of motion intensity with

13
+ distance, to give in probabilistic terms the seismic risk at a site. A complete analysis

~ 15 A
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includes the following four steps:

a)

b)

i

Point, iine or areal seismic sources are identified, based on seismic history as well
as on geological evidence. ) ‘

A recurrence relationship is obtained or developed for each potential source. The
relationship could be linear, bi-linear or truncated or non-linear.

Forecasting future events is made by using a Poisson model. The Poisson model
implies independence of arrival of the events, which have been found to be gppli-
cable on a worldwide basis.but not on a regional one.

A suitable attenuation relationship linking a p'égk motion parameter (i.e., earth-
quake intensity, peak acceleration, velocity or displacement) is used to obtain the

probable motion parameter at a site. The scatter of the peak motion parameters

t -

however is very large.

Such an analysis for a site would give for example a plot of peak motion char-

acteristic (i.e., magnitude, acceleration, velocity or displacement) versus mean return

period. Fig 2.2 presents the process followed to derive seismic zoning maps. Combin-

ing the results from a number of site risli analyses one can develop seismic probability

maps or seismic zoning maps. The maps developed . with the method have the following

advantages:

a)

b)
. C)

They account for randomness of times of occurrence, sizes and locations ba.sed%n !

frequency of occurrence of various levels of seismic events.
They include ‘all available seismological data for potential sources. ’
The probabilistic statement of the seismic parameters (i.e., magnitude, peak hor-

izontal acceieration, peak horizontal velocity) at a site gives the engineer an esti-

mate of the risk associated with it. °
Probable peak horizontal iccelera.tion and velocity can be estimated corresponding
to the economic life of a structure.

An additional advantage of the meth-od is the pqssibility to conduct sensitivity
studies by varying the basic parameters used in the analysis [47,48] (see referencé®

[49] for such an application in Canada). ‘Cornell added the possibility of restricting -
the risk analysis tmes presenting only damage threat at a site. s

3
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Up to the present time the duration i_)f motion has not been included in the list
of peak motion parameters. Another important motion parameter, the ground dis-
placement, has not been used due t® considerable scatter in the current attenuation
relationships. This is unfortunate since both duration and displacement are of consid-

/

crable importance in assessing structural performance. -

2.2 THE 1985 SEISMIC ZONING MAP QOF CANADA

Q

To develop the new seismic zoning maps the country was divided into a grid

of points. In addition the Eountry and adj‘acent‘regions were divided into zones of

" earthquake occurrence. Wherevg; possible the boundaries of these zones were defined
on the basis of. geological and tectonic features. Figure 2.3 illustrates the zones of

carthquake occurrence for the seismically active regions of Eastern Canada. In the

absence of clearly defined active fault systems the zones were based on the distribution

of-historical seismicity. On the west coast there are clearly defined major fault systems

as shown in Fig. 2.4. In the derivation of the-maps different attenuation laws were used

. for Eastern and Western Canada to account for the much greater attenuation in Western

Canada. Upper limits of magnitude were set deterministiclly for each zone. The
resulting contours of peak horizontal a‘ccelerations and velocity, having a probability
»0f exceedance of 10% in 50 years, were used to divide the country into seven seismic
zones (see Fig. 2.5). The peak horizontal acceleration, ¢, and the peak horizontal
velocity, v, give us information on both the distance from the anticipated earthquake
sources and the frequency content of the motions. High frequency components of the
mpl:ion (acceleration) attenuate more rapidly than lower ones (velocity, displacement).
Therefore. knowing the ratio of velocity to acceleration gives us an idea._aboutc the
distances from the source. That is, the higher the v/a ratio, the greater the distance
from the source. Since longer period structures are more affected by velocity, the higher
the v/a ratio, the greater the influence on t?,llerAstructures. Figure 2.6 illustrates the
effects of gelocity and acceleration ratios of different siteswon the response spectra. A‘)

large v/a ratio indicates that the region is influeniced by large earthquakes at great

-
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3

distances (e.g., Prince Rupert with v/a = 2). A Jow v/a ratio (e.g., Montreal with

¢

v/a = 0.5) indicates that the region is influenced by moderate earthquakes close-by.

2.3 GENERATION OF ACCELEROGRAMS

u

Non-linear dynamic analysis of structures is typically carried out with a number

of different accelerograms. It has been demonstrated by Powell and Row [50] and by
Biggs, Hansen and Holley [51] that the computed inelastic response of multi-degree of
freedom systems vary greatly for different acceleration time-histories, even though the

- time histories have similar characteristics. It i generally agreed that the use of seyeral

accelerograms is necessary in order to adequately assess the non-linear dynamic perfor-
mance of structures. For example Tso and Guru [52| have-suggested that a minimum
of eight records would provide a good estimate of the mean maximum response. The

o

Applied Technology Council [53] suggests that four or five time histories be used. In

e

their proposed “Explicit Inelastic Design Procedure”, Fintel and Ghosh [43] suggest

19
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that one or more earthquake accelerograms be selected from a number of records which.
“have frequencies with a potential to eritically excite the structure”. They further point
out that the accelerogram that produces the rr;a.ximum displacement is not necessarily
the one which causes the largest forces in the members.

Newmark and Hall [54] stressed that, in the past, too much emphasis was placed

on the peak horizontal ground acceleration. They have shown that high frequency”

4 20




e .
a) Acceleration related zones, Z,, and contours of peak horizontal ground accelera-

tion, in units of g, having a probability of exceedance of 10 per cent in 50 years

-
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b) Velbcity related zones, Z,, and contours of peak horizontal ground velocities, in
g m/s, having a probability of exceedance of 10 per cent in 50 years -
Fig. 2.5 1984 Seismic zoning maps of Canada (2] v
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Fig. 2.6 Representative variation of response spectra for four different locations

in Canada

spikes of acceleration do not significantly influence the response-of structures and that

' strong energy content (related to velocity) is one of the most important parameters

inflpencing the amount of damage. The use of both acceleration z;n& velociFy by code
writing bodies (2,53] recognizes the important effects of velocity on the response.

r*I‘t must be emphasized that no strong i';mtion records are available for any region of
Canada or the Eastern United States. It is therefore necessary to artificially generate
a number of different acceleration time-histories. The computer program SIMQKE
[55,56,57] is used to generate a series of spectrum compatible accelerograms. The
generation is based on the concept that the motion consists of a summation of a large
number, n, of random oscillatory functions of time. While the amplitude, A;, of each
oscillatory function is dependent on the target response spectrum, the ph;ase angle,

¢,, is chosen randomly over the interval 0 to 27. The basic equation describing the
' -

summation is given by: o

a(t) = I(t) }i A; sin(2rw,t + ;) (2.1) -

=1 s
where T (t) is a deterministic envelope intensity function which describes the overall
character of the earthquake motion.

* The intensity function defines such parameters as the rising time, T},,., the strong

motion duration, T,y,tasned, and the decaying time, Ty,.qy, as shown in Fig. 2.7. Also

22
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shown in Fig. 2.8 are the shape functions used in this study to describe the rising

and decaying portions of the intensity function. The most important intensity functfon
para.méter is the duration of the sustained motion.

Housner (58] has proposed a relationship between earthquake magnitude, maxi-
mum acceleration and duration of sustained motion. For example, for maximum ac-
celerations of .15g and .22¢ he suggests strong motion durations of 6 and 12 seconds
respectively. Based on observations of records ofsvarious sites and sewsmic risk analy-
ses Cornell and Merz [59] inferred that “the strong motion duration will be relatively
short, about 5 sec., perhaps” for the Iéoston region. For Eastern Canada where oue
expects moderate earthquakes near-by it is assumed that the strong motion duration
will be 5 seconds as shown in Fig. 2.8. For Western Canada where one expects larger
earthquakes at greater distances it is assumed that the strong motion duration will-be
9 seconds, with rise time and decay time as shown in Fig. 2.8. These values correspond
to those used‘ by Mahin and Bertero [27| for the San Fernando region in Caljfornia. The
strong motion durations assumed rfor Montreal and Vancoyver are also about equal to
those suggested by Housner [58].

Using the rgsponse spectra gi)ven in the 1980 Commentary to the National Building
Code of Canada [60] as target spectra with velocity bound adjusted by multiplying by
the v/a ratio corresponding to Montreal and Vancouver twelve different motions were
generated for both locations. SIMQKE incorporates an iterative feature to improve
the matching of the target spectrum. However when this feature was used, it was
found that the ground displacements were strongly biased in one direction resulting in

large/./esidual displacements. Luyties, Anagnostopoulos and Biggs [61] decided not to

.use this additional iterative procedure in an attempt to obtain a more natural motion.

Q
Therefore in all subsequent generations of motions in this study this additional iterative

procedure was not employed.

From the sets of twelve artificially generated motions, three motions were chosen
for Montreal (see Eig. 2.9, 2.10 and 2.11) and for Vancouver (see Fig. 2.12, 2.13 and

2.14). The response spectra for the three motions are shown in Fig. 2.15 for Montreal

o 23
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and in Fig. 2.16 for Vancouver. The factors which influenced the choice of the motions

are explained below:

4

a) reasonably close matching of the target spectrum in the expected period range of

the structures (see Fig. 2.15 and 2.16),

" b) small residual velocities and displacements at the end of the motion were preferred

(see Fig. 2.9'to 2.14),

c) although there was reasonably good matching of the target spectrum on the av-
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erage, a concious effort was made to choose motions having responses above and
» below the target spectrum for the period range of interest.

_In addition to the artificially generated motions the El Centro 1940 North-South
earthquake motion was also included in the study in order to include a real earthquake
motion. \

All of the motions were scaled to desired maximum peak ground accelerations in

order to produce “service”’, “design” and “ultimate” motions for both Montreal and
p )

Vancouver as shown in Table 2.1.

.

= Table 2.1 Peak Ground Accelerations

Peak Ground Acceleration, g

Region Service Design Ultimate
Montreal 0.078 0.180 0.270
Vancouver 0.089 0.210 0315

A]

The design maximum acceleration corresponds to the peak horizontal accelera-
tion having a probability of exceedance of 10% in 50 years. The service earthquakes
were assumed to have a maximum acceleration having & probability of exceedance of
about 40% in 50 years. This service earthquake is used to study the response of the

structures under small earthquakes having large probabilities of occurrence in the life
¥

_ of the structure. The ultimate maximum accelerations were assumed to be 1.5 times

the desig1_1 maximum acceleration. It was felt that these maximum acceleration level

would produce significant non-linear actions in the structures and would represent a

.large earthquake having a low probability of occurrence in the life of the structure. It

is noted that it is impossible to estimate the probability of occurrence of such large

events in Canada due to the lack of data.
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1, CHAPTER 3

MOMENT RESISTING FRAME STRUCTURES DESIGNED
FOR MONTREAL AND VANCOUVER

31 GEOMETRY OF STRUCTURES

a

Two six-storey reinforced concrete moment resisting frame buildings located in
Montreal and Vancouver were designed with K=1.3 and K=0.7 according to the 1985
National Building C;de of Canada [2] and the 1984 Canadian Concrete Code, CSA
CAN3-A23.3-M84 [3]. In addition, to enable an evaluation of oider concrete buildings,
a third building was designed”with force levels corresponding to K=1.3 and reinforcing
details according to earlier concrete codes (e.g. the 1977 Canadian Concrete Code, CSA
CAN3-A23.3-MT77 [62]). It should be pointed out ot:ha.t this last building also enables the
evaluation of K=2.0 buildings as defined in the 1984 Canadian Concrete Code, since the
detailing requirements for K=2.0 are similar to older K=1.3 code requirements. The
overall building dimensions were chosen to be the same for Montreal and Vancouver
and are typical of office buildings built in Canada. Figure 3.1 shows the plan and
-elevation view of the buildings. -

The six-storey reinforced concrete office buildings have 7-6 m bays in th? longitu-
dinal (N-S) directidon and 3 bays in the transverse direg;tion (E-Wj, consistingof 2-9m
c.‘zternal office bays with 1.5m cantilevers and a central 6 m corridor bay. The storey
height is 4.85 m for the ground floor and 3.65 m for all the other floors. It is assumed

~

that the central roof bay supports machinery.

)
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Bhe dead loads and live loads conform to the 1985 National Building Code of--

Dead loads

Floor live loads :

Roof live loads :

Wind loading :

b

Seismic loadings :

32 DESIGN PARAMETERS

Canada [2] and are summarized below:

Density of congrete
Partitions on all floors

Mechanical services and

Suspended ceilings '

Office floor loading
Corridor bay loading

Mechanical services loading
on 6m wide (N-S) interior bay
Snow load - Montreal

- Vancouver

Montreal top 4 storeys
— bottom 2 storeys
Vancouver top 4 storeys

bottom 2 storeys

24 kN, m?
1.00 kN/m?

0.50 kN/m?

2.40 kN/m?
4.80 kN/m?

1.60 kN/m?
2.20 kN/m?
1.50 kN/m?

1.03 kN/m?
0.95 kN/m?
1.53 kN/m?
1.42 kN/m?

Montreal K = 1.3, base shear, V = 0.037TW '
K = 0.7, base shear, V = 0.020W
Vancouver K = 1.3, base shear, V' = 0.074W
K = 0.7, base shear, V = 0.040W

where W is total weight (dead + 25% of smow load) of the building.

Tables of wind and earthquake loading are presented in Appendix A. For seismic

w

.
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analysis, the partitions on all floor and the mechanical services were considered as

permanent loads and thus were included in the calculation of the weight of the building.
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Fig.3.1 Elevation and plan view of prototype structure .
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3.3 ANALYSIS ASSUMPTIONS AND IDEALIZATION

The structural system of each building consists of eight identical frames , and since
the floor diaphragms were assumed to be rigid, the analysis was reduced to the study
of a single frame subjected to one-eighth of the lateral loading. To account for the
reduction of stiffness after cracking of the concrete, member stiffnesses were assumed
to be 0.5 of-the g;'oss ET for all beams and 0.8 of the gross EI for all columns. A
micro computer plane frame analysis program, CMPT Frame 2D [63]|, was used to
determine member forces. Finite size of beam column joints were accounted for by
the “node-offset” feature of the program. This feature allowed all beam forces to he
obtained at the face of the columns and all column forces to be obtained at the faces
of the beams (see Figure 3.2). All ground floor columns were assumed to be rigidly
fixed at their bases. Gravity load analysis was made for each floor level by assuming
the far ends of the columns to be fixed at the floor levels above and below the level

under consideration. Pattern loading was used to find maximum forces.
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-—  Fig.3.2 Mathematical model for CMPT FRAME-2D program

37




Lo
3.4 LOAD COMBINATION AND LOAD EFFECTS

Member end forces were calculated for four basic loading cases, that is dead, live,
wind and earthquake loads. A computer program was written to read directly the
binary file containing the member forces created by the frame program and to perfgrm
load combinations as prescribed by the 1985 National Building Code of Canada [2].

A total of thirteen load cases were considered for each member.” The loading cases

_considered were:

1) 1.25D

2) 1.50 L

3) 1.50 W

4) 1.50 Q

5) 1.25D + 1.50 L

6) 1.25D + 150 W

7) 1.25 D +1.50 Q

8) 1.25 D + 0.70(1.50 L + 1.50 W)

9) 1.25 D + 0.70(1.50 L + 1.50 Q) -
10) 0.85 D + 1.50 W

A

11) 0.85 D - 1.50 W rd
12) 0.85D + 1.50 Q
13) 0.85 D - 1.50 Q )

The load combination program also included an option to redistribute the bending
moments of continuous beams as allowed by the 1984 Canadian Concrete Code [3].
Although it is possible to redistribute bending moments resulting from earthquake
loading, in the design of these buildings study only bending moments from vertical
loads were redistributed.

In Appendix A tables A.5 to A.44 present summaries of the load combinations
for the buildings in Montreal and V_ancouver.o For the Montreal buildings (K=1.3 old,
K=1.3 and K'=0.7) the beam design was céntrolled by load combination 9, (1.25 D +
0.70(1.50 L + 1.507Q)), which gave the maximum member forces at all floor levels but
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the roof. Load combination 5, (1.25 D + 1.50 L), gave the maximum member forces at

the roof level. The load combination 7, (1.25 D + 1.5 Q) ga® the maximum interior
column moments and shear forces. For the exterior columns the maximum member
forces were given by load combination 7 for the first two storeys and by load combination
9 elsewhere. The controlling ioad combinations for K=0.7 buildings in Vancouver \\;orv
the same as those that controlled the design of the Montreal buildings. However due
to the large increase in earthquake loading for K=1.3 buildings in Vancouver load
combination 7 gave maximum column and beam forces in nearly all floor levels and
storey levels.

Lateral deflections at specified load levels (i.e. unfactored loads) for earthquake
and wind loading were well below the suggested code limit of 1/500th of the height (séc¢
tables A.45 and A.46 in Appendix A). .

In order to calculate the dynamic properties of the buildings a micro computer
program was written to calculate the periods of vibration of the structure and the cor-
responding mode shapes. This program was linked to the frame program and therefore
used the same mathematical _model. The calculations of the eigenvalues are based on
the Jacobi method. All vertical degree of freedom were eliminated in the vibration
analysis. Figures 3.3 and 3.4 presents the first three mode shapes for the Montreal
and Vancouver buildings. It can be seen that the calculated periods differ largely from
the computed code period (0.6 sec.). This difference should be expected, since the
analysis was based on a bare frame. The calculated periods are not unrealistic however
for buildings with light curtain glass walls. The periods are essentially the same for

buildings with K=1.3 and K=0.7.

3.5 DESIGN SUMMARY AND COMPARISONS

In all analyses the beam moments of inertia were calculated with slab flanges
included in the cross section. This resulted in higher bending moments in the beams
than would have been predicted by conventional analysis with rectangu]aar cross sections

assumed. Although cracked section properties were used in the specified-load analyses
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Tig. 3.3 Mode shapes and natural periods of vibration for Montreal buildings

including modal p?rticipation factors (mpf)

¢+ the lateral deﬁectiJns were not a controlling factor in the design of the buiidings.
For the old' K=1.3 étructures imperial sized bars were used. Although there is not
much difference in| the flexural design of members containing either SI bar sizes or
comparable imperial bar sizes, there is a significant effect on the amount of shear and
tie reinforcement due to the sizeable difference between a #3 imperial bar and a No. 10

SI bar. For design purposes it was assumed that the specified yield stress for all steel

was 400 MPa

Figures 3.5 jand 3.6 present summaries of the designs for the buildings in Montreal
and Vancouver
loads _(up to af'!maximum of 20% as allowed by the code) ’e;n almost constant design
resistance was A'a.chieved at all beam jo‘ints. For the beam design the longitudinal bars
within four slab thicknesses from the face of the beam were assumed to contribute to the
beam strength for the K=1.3 and K=0.7 buildings. For the old K=1.3 building the slab
bars were neglected in the flexural design as was the design practice for older buildings.
The beam reinforcement was kept constant for three floor levels. This resulted in some

overde-sign at the roof level and slight underdesign at the first floor level. All first floor

d the concrete strength was 30 MPa.
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beams were slightly underdesigned (5% maximum) in order to haveé'flexural capacities

as close as possible to the required capacities.The details of the reinforcement for the
beams given in Fig. 3.5 and 3.6 are for the regions of the beams close to the ¢olumns.
Note that for the case of K=0.7, four legged No.10 hoops at a spacing of d/4 were
used for the transverse reinforcement in the beams. Although the K=1.3 structure
required the same spacing, the transverse reinforcement consisted of only two legged
No. 10 stirrups. In contrast the transverse reinforcement in the old K=1.3 structure
consisted of two legged #3 stirrups at a spacing of d/2. N

Column sizes were kept constant over the hei%ht of the building. For these six-
storey buildings the column size was chosen such that close to minimum amounts of
longitudinal steel governed the design for most of the columns except for those at the
first floor level. In all the buildings the longitudinal reinforcement ratio was kept under
3%. For the K=0.7 structures the transverse reinforcement in the columns consisted
of hoops which satisfied the confinement requirements of the code in potential plastic
hinge regions. All first storey columns of the K=0.7 buildings containedbconﬁnement
reinforcement over their entire clear height. The columns in the K=1.3 structures con-
tained ties and cross ties as their transverse reinforcement. For these structures, since
the columns were stronger than the beams, no. additional conﬁnemgnt reinforcement
was required near the end of the columns. The old K=1.3 structure contained #3 ties
and cross ties as required by previous codes. ’

The transverse reinforcement in the joint for the K=0.7 structures consisted of 6
sets of No.10 hoops as shown in Fig. 3.5 and 3.6. Confinement requirements of the
code control the choice of this transverse reinforcement. Allthough specific requirements
for joint transverse reinforcement are not given in Clause 21.9 of the CSA code [3] it
was decided to provide three sets of No. 10 ties as shown in Fig. 3.6 and 3.6. This
afount of transverse reinforcement was chosen such that the shear stren of the
joint was sufficient to develop the beam bars framing directly into the column. The
joint reinforcement for the old K=1.3 structures consisted of three sets of #3 ties which
were chosen to satisfy minimum shear reinforcement requirements.-It is noted that in

many of these old K=1.3 structures joint reinforcement might not have been provided.
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Column details Joint details Slab details
Structure f Beam details N: of bor'- wilhin
Exterior Interior Exterior Interior f,::bb::.:h"&::
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Structure - Beam details
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CHAPTER 4

REVERSED CYCLIC LOADING TESTS OF FULL SCALE
CONCRETE FRAME SUBASSEMBLAGES

This chapter presents details of three full scale specimens tested in the Jamieson
Structures f;aboratory of the Department of Civil Engineering and Applied Mechan-
ics.at McGill University as part of this research project. Additional information on

specimens with K=1.3 and K=0.7 can be found in Referexce [64].

4.1 DESIGN OF TEST SPECIMENS

The 1984 Canadian Concrete Code (CSA CAN3-A23.3-M84) [3] conthins specific
clauses for the design and detaifing of building components for different 1
tility”. The changes that occurred in this code represent a major dep
Canadian codes. While the new design and detailing requirements of the CSA Code
were influenced by the 1983 ACI [65] and the 1982 New-Zealand [66] codes, the require-
ments for “nominally ductile” (K=1.3) building members are completely new. Two full

ks%cale test specimens designed and detailed according to the 1984 (o)anadian Concrete

Code with ductiiity factors, K, of 1.3 and 0.7 were constructed and subjected to reversed

cyclic loading until failure. In addition a third specimen with details corresponding to

an older structure having a K=1.3-(Specimen Old K1.3) was also built and tested. The

purpose of these tests was to evaluate the behaviour under reversed cyclic loading of
realistic building components in order to assess the adequacy of these new code provi-

sions and to assess the performance of older structures. This study would also provide

>
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key behavioural parameters necessary in modelling the non-linear dynamic response of

structures.

The three full scale test specimens represent second storey external bea.m-sla.b-‘
column connections of t:I;e six storey moment resisting frame\ structures described in
Chapter 3 (see Fig. 4.1). The overall test specimen dimensions and the test set up
shown in Fig. 4.2 were designed to simulate the points of contraflexure in the beams
and the columns. The 1500 mm exterior cantilever slab and beam were not included in

the test subassemblages in order to study the response of the subassemblages without

the beneficial effects of tghesé cantilevers on the exterior joint behaviour.’

In order to study the effects of the slab and its reinforcement on the response it was
necessary to include as large a portion of the slab as possible. Although the code dogs
not give specific effective slab widths when the slab is acting in tension, the effects of
slab reinforcement within a distance three times the slab thickness measured from the
beam faces must be included in determining the nominal resistances oﬂf beams. Park and
Pwaulay [18] suggest that reinforcement within 4 times the slab thickness from the beam "
faces is effective in tension. The effective ﬁange width in compression calculated fromy

the Canadian Code varies from 1500 mm to 2000mm for the 6000mm and 9000 mm

- 3
spans respectively. The chosen 1900 mm slab width was the largest width that could
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jg. 4.2 Test specimen dimensions and test set-up

be accommodated in the testing apparatus.

It is noted that the design was performed for

7

the prototype structure assuming a

specified yxeld stress in all reinforcemeiit of 400 MPa and a concrefe strengtl"of 30MPa. ¢

4.2 DETAILS OF TEST SPECIMENS
4.21 Test Set-Up-

Each test specimen consisted of a 450x450

3000mm. A constant compressive axial load of 1

t

mm column with a total height of

076 kN corresponding to 90% of the

dead load acting on the prototype structures was applied at the top of the column
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by a universal testing machine. The load was transmitted by a 76 mm diameter roller

bearing against two load distribution plates. Two 6 mm thick steel plates were welded
to the reinforcing bars at the ends of the columnsg The ends of t};e columns were
heavily reinforced in the transverse direction to control vertical splitting. To simulate
points of contraflexure and to provide lateral restraints, two flexible 6 mm thick plates
were bolted to the end plates of the columns and to the reaction frame (see Fig. 4.2).

The 400x 600 mm main beam extended a distance of 2000mm from the face of the
column as shown in Fig. 4.2. The 110 mm:-thick slab had a width of 1900mm. Two
400x600 mm spandrel beams framed into the sides of the columns and extended over
the full slab width.

The lateral loztding was simulated by applying a vertical force near the tip of the
beam at a location of 1775 mm from the face of the column. A downward load, resulting
in negative bending moment in the beam, was produced by pulling down on two tie
rods ;-eacting against a distribution beam as shown in Fig. 4.2. Care was taken to‘
ensure thatythe vertical load was transferred totally to the main beam by means of a
400 mm wide bearing plate (see Fig. 4.2). An upward load, producing positive bending
moment in the beam, was applied directly to the bottom face of the beam by two

hydraulic rams as shown in Fig. 4.2. Figure -3 shows a general view of test specimen

Old K1.3 before testing.

4.2.2 Details of Reinforcement
. p .

Figure 4.4 shows the reinforcement details of all three specimens, Old K1.3, K1.3
and KO.7 (this specimen designation indicates the K factor used in the design). In
all specimens the slab was rei;lforced with No. 10 top and bottom transverse bars at a
spacing of 300mm. A 20 mm concrete cover was provided for the slab bars and a clear
concrete cover of 40mm was provided for beam and column steel. Extra transverse
bars and beam hoops were provided at the free end of the slab and beam near the
point of application of the loads. A discussion of the details of the three specimens

follow.
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Fig. 4.3 Photograph of test set-up for specimen Old K1.3
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4.22.1 Specimen Old K1.3

Figure 4.5 shows two views of the reinforcing cage near the joint for specimen
Old K1.3. This specimen was design;ed without incorporating special seismic design
and detailing requirements. The design resulted in 8-No. 20 longitudinal bars in the
column. Transve;rse reinforcement consisted of No. 10 square peripheral ties and single
leg ties as shown in Fig. 4.4, and spaced at 190mm (i.e., a spacing equal to half the
effective depth of the column, d/2). The peripheral ties had 135° bend anchorages with
straight bar end extensions of 6d,. The crosssties were anchored with 135" bends at
one end and 90° bends at the other end witlrfree end extensions of 6d,. The end with
the 90° bend was alternated with the end with the 135° bend along the column height
(see Fig. 4.5).

The longitudinal reinforcement in the main beam consisted of 8-No. 15 bars placed
in two rows at the top and 4-No. 15 bars in one row at the bottom.- The beam shear
reinforcement consisted of #3 (9.5 mm diameter) open U-stirrups spaced at 260mm
(i-e., a spacing equal to half the effective depth of the beam, d/2).

The longitudinal bars in the spandrel beam consisted of 4-No. 15 bars top and
bottom. Closed #3 (9.5 mm diameter) stirrups spaced at 200 mm were provided in the
spandrel beam due to the presence of torsiop.

The minimum shear reinforcement was provided in the joint according to Clause
:7.7.3 [3] which resulted in three sets of peripheral ties dnd single leg ties wi\;rhin the

joint region. ¢

4.2.2.2 Specimen K1.3

Figure 4.6 shows two views of the reinforcing cage near the joint for specimen
K1.3. This specimen was designed according to the “nominal ductility” requirements
' of Clause 21.9 of the 1984 Concrete Code [3]). The column design was similar to the
Old K1.3 specimen. In the main beam 8-No. 15 top bars placed in two rows and 4-
No. 15 bottom bars were provided. This amount of bottorg reinforcement was chosen

to satisfy Clause 21.9.2.1.1, which requires that the positive moment resistance of the

v
-
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inforcing cage for specimen Old K1.3

Fig. 4.5 Photograph of re
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beam at the joint be at least one third of the negative moment resistance. To satisfy
Clause 21.9.2.1.2, open U-stirrups space(i at 130mm (i.e., d/4) were provided over a
length equal to twice the effective depth of the beam. Stirrups spacing was increased
to 260 mm (i.e., d/2) in the remainder of the beam.

The longitudinal bars in the spandrel beam consisted of 4-No. 15 bars at both top
and bottom. Closed stirrups spaced at 125 mm (i.e., d[4) were used in the spandrel
beam to satisfy the requirements for “nominal ductility”.

After investigation of the column and beam resistange, including the effects of
the slab reinforcement within a distance of four slab thickness, it was found that the
factored resistances of the columns exceeded 1.1 times the nominal resistance of the

beam and therefore the more stringent column tie spacing, required by Clause 21.9.3.1

[3], was not necessary.
4.2.2.3 Specimen K0.7

Figure 4.7 shows two views of the reinforcing cage near t}g joint for specimen
K1.3. This specimen was designed according to the “ductile” moment-resisting frame
requirements of Clause 21 of the 1984 CSA Code [3]. The column contained 8-No. 20
longitudinal bars. Transverse column reinforcement consisted of closed square hoops

.together with supplementary diamond-shaped hoops $paced at 80 mm (sce F ig. 1.4)

... As required by the Code [3] the hoops had 135° bend anchorages with straight bar

“extensions of 10 times the bar diameter. These closely spaced hoops were provided over
a distance equal to one sbf‘th of the clear height of the column, i.e., 508 mm. The hoops
were spaced at 190 mm, i.e., half the effective depth, d, of the column outside of the
region with closely spaced hoops. Due to the concentration of transverse reinforcement,

- the factored shear resistance of the column far exceeds the shear corresponding to the
development of the probable moment resistance, M,,, in the beam.

The beam longitudinal reinforcement consisted of 4-No. 20 bars at both top and
bottom in addition to the slab reinforcement. This amount of bottom reinforcement
was necessary to satisfy the requirement of the Code (3| that the positive moment

resistance at the joint be at least equal to one-half of the negative moment resistance

-

.
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Fig.4.8 Photograph of reinforcing cage for specimen K1.3
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(Clause 21.3.2.2). ' ’ ’

The main beam transverse reinforcement consisted of peripheral rectangular closed

hoops together with supplementary U-shaped stirrups spaced at 130 mm over a distance
equal to twice the effective depth,2d, from the co:llimn face. The resulting four stirrup
legs are intended to prevent lateral buckling of the longitudinal bars in the beam.
The first set of transverse reinforcement was placed at 50mm from the face of the
column. The spacing of these transverse reinforcement was limited to d/4 as required
by Clause 21.3.3.3. The transverse reinforcement also satisfied the requirement that
the beam be capable of resisting the shear due to the development of the probable
moment resistance, Mp,, at the column face. For the remainder of the beam the closed
hoops were replaced by U-shaped stirrups at a spacing of 130 mm as required for shear

strength.

4.2.3 Material Pyopms° .

F

4.2.3.1 Steel

In accordance with Clau;e 21.2.5.1. of the 1984 Canadian concrete code (3], rein-
forcing bars conforming to CSA Standard G30.16-M 1977 [67] were used in specimen
K1.3 and K0.7. In the case of specimen Old K1.3 reinforcing bars conforming to the
requirements of CSA standard G30.12-M 1977 {68] were used. Tension tests were per-
formed on 300 mm long specimens cut from each bar size. The strains were determined
from an extensometer, having a gauge length of 50 mm, clamped to each test })a.r The

resulting average values of stresses and strains obtained from three test samples for

each bar size are given in Table 4.1.

. 4.2.3.2 \Councrete

Two batches of concrete were used in the fabrication of each specimen; the first
batch was used to cast the lower column, the beams and the slab, while the second
batch was cast one day later for the upper column. High early strength ready mix

concrete with a minimum spegified strength of 30 MPa was ordered. The maximum
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Table 4.1 Reinforcing Steel Properties

. L
x Bar Area fyy MPa €eh " fu, MPa €u '
#3 71 480t i 855 0.030 o
No. 10 :t 100 492 0.0120 622 0.200
No. 10 100 480 0.0125 622 0.220 '
No.15 § 200 400 0.0135 « 578 B 0.280
‘ R No. 15 200 471 0.0120 774 0.200
| No. 20 300 478 0.0100 763 0.160
‘ t value taken at 2% offset; rounded stress-strain curve ) N 3

1 specimen Old K1.3 only

aggregate size was 20mm and the specified slump was 100 mm. At Jeast 6 - 150x300 mm

and 6 - 100x200 mm cylinders-were prepared fron; each concrete batch. Compression
tests and splitting tests were performed to determine the compressive strength f! and
the tensile strength f; of the concrete respectively. The testing of specimen Old K1.3
was performed 15days after casting, specimen K1.3 was tested 30 days after casting
and specimen KO0.7 was tested 37 days'after casting. Table 4.2 presents the average
-~ compressive and the average tensile strengths of the concrete batches for each specimen.
- The average compressive and tensile strenéths were obtained from 3 -.150x300 mm
specimens. ’ @ *
Table 4.2 Concrete properties ) .
Specimen Batch ! MPa  f;, MPa
Old K1.3 1 39.8 2.8 )
2 31.1 . 2.1
K1.3 1 39.5 2.8
2 40.0 2.8
. Ko.7 1 10.4 2.6
> 2 36.2 2.6
- 4.2.4 Instrumentation and Experimental Procedure S
Deflection at the loading point was obtained from two Linear VoltaNeren—
tial Transformers (LVDT’s) which were arranged to measure vertical displacements of
% +150mm from the unloaded position. The LVDT’s were attached to a special frame
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which was fixed at the base of the top column (see Fig.—4.8). The use of this outrigger
frame removes the contriBution of the column rotation to the tip deﬂecti:n of the beam.
Readings were continuously recorded by the OPTILOG data acquisition system linked
to an IBM PC. >

]

-~

[} N -
/targets on slab steel

—t~ surface targets

oo .
/ ]
°  Plan v
[
. 0
frame —
- suppaorting " = LUDT = to optilog

LVDT's dial guage

-

'l

T B~

column |
largels\ L / stran rosettes
surface targets

Elavation

Fig.4.8 Specimen instrumentation

3

Two load cells were used to record the force in the tie rods for downward loading

and two other lpad cells were used to record the force transmitted by the hydraulic

jacks used for upward loading.

Slab bar strains were obtained by means of mechanical extensometers measuring

the displacement between sets of two brass targets glued directly to the steel reinforcing
: »
bars 140mm apart and accessible through small.holes formed in the concrete cover of

c the slab (see Fig. 4.8). o
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Longitudinal strains in the main beam were obtained at several locations along

the(gea.m by measuring with mechanical extensomg:ters the displacement between sets

of two targe)ts glued directly to the concrete surface. These targets were located at the
level of thg bottom longitudinal steel ir-} the beam and at the top concrete surface (see
Fig. 4.8) and had gauge lengths of 200 rnm

Shear strains as well as prir;cipal strains along the beam were determined by 45°
strain rosettes formed by targets glued to the surface of the web of the beam as shown
in Fig. 4.8. The rosettes were centred at mid-depth of the beam and consisted of
individual readings with gauge lengths of 200 mm.

* Column strains were measured with targets glued to the 'mterior and exterior
‘faces of the column, both above and below the Jo&\t region, in order to monitor strain
distributions in the column. % X ‘

A dial gauge was clamped to the ct;lumn, 60 mm above the top surface of t._he slab.
This horizontal gauge measured the movement of a point on the slab 90 mm away from
the column face (see Fig. 4.8). This measurement enabled the contribution of the bond
slip and joint shear distribution to the tip deflection to be estimated. '

’ ’i‘he load deflection responses were plotted during the experiment. Figure 4.9 shows

¢

an example loading and deflection history. Full measurements were taken systematically

for each half cycle at zero load, at the maximum load reached in the previous cycle,

at the new maximum load, at half the, maximum load upon unloading and at-zero
load again (see Fig. 4.9). In addition more fre'quent readings of loads and deflections
were taken in order to obtain a complete load history response. Downwards loads and

deflections at the tip of the beam are taken as positive values.

In the first cycle, loading was applied to a peak load such that the full service
moment level (about 20% larger than the cracking moment) was reached in the beam at
the column face. The load was increased in the next loading cycle until strain readings
confirmed th?t first yielding of the flexural reinforcement in the beam was achieved.
General yleldmg of the flexural reinforcement was used to determmi the next peak

load. Genera.l yielding was détermined when a significant chqnge in the load deflection

response was observed. The deflections corresponding to general yielding (A,, and A

O"“
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for downwards and upwards deflections respectively) were noted. The-peak loading in-
subsequent cycles was controlled by deflection, with maximum deflection levels taken to

be multiples of A, and Ap,. This procedure was continued until failure was reached.

The instrumentation enabled the different tip deflection components to be esti-
mated at each load stage. The flexural tip deflection component was calculated from
the mﬁza.sured longitudinal strains at the top and bottoms of the bea;n at different
locations along the beam length. After general yielding a piastic hinge length was
gstima_ted from an examination of the longitudinal strain distributions in the heam.
Knowing this plastic hinge length together with the calculated curvatures at a number
of points enabled the curvature distributions to be estimated. The shear strains were
calculated from the measured rosette strains at the mid-height of the beam at different
locations along the beam length. T?l% resulting shear strain distributions were inte-

grated to estimate the contribution of the shear to the tip deflection. The horizontal

dial gauge readings measuring movement of the slab relative to the column enabled an
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estimate of the combined contribution of both bond-slip and joint shear distortion to

the tip deflection. The measured movement over the gauge length was first corrected
to remove the component from flexural strains in the beam and then converted into
a concentrated rotation at the column face. Thus the tip deflection component was

computed as the product of this concentrated rotation and the beam length.

Ky

4.3 EXPERIMENTAL RESULTS AND OBSERVATIONS
4.;3.1 Specimen Old K1.3

The hysteretic load-tip d({e\ﬁectign response for specimen dld K1.3 is shown in l"igz,..
4.10. First yielding o‘f\' the top steel occurred at a load of 198 kN and a corrcsp()ndiluu,
deflectidn of 8mm. First yielding (also “general yielding”) in the negative direction
occurred at a load of 110 kN and a deflection of 6 mm. General yielding occurred at o
load of 322 kN and a deflection of 21 mm in the positive direction. The hysteresis loops
remained stable up to a displacement duc'tility of 3 at a load of 345kN and a deflection
of 58mm. At this stage a significant shear crack. crossing four sets of stirrups, had
developed with a crack opening of 3mm causing yielding of these stirrups. As can
be seen from Fig. 4.11b significant fanning of the diagonal compression had occurred
which started to cause spalling of the concrete near the bottom of the beam in the
flexural compression zone. After this stage one can observe a significant decrease (about
50%) in load carrytng capacity as well as large stiffness reduction and severe pinching
of the response curve and therefore reduction of the energy dissipating capacity of the
beam. This was due to both the shear distress and severe buckling of the bottom

longitudinal bars between the widely spaced stirrups (see Fig. 4.12). The peak positive

. load was 340kN corresponding to a moment at the face of the column of 634kN-m

(including dead load effects) and a tip deflection of 60 mm. The peak negative load
was 129kN corrlasponding to a moment at the column face of 229kN-m and to a tip
dehection of 30 mm. The maximum positive deflection achieved was 100 mm, however
the load, as can be seen from Fig. 4.10, was only 165 kN, or 51% of the load at general

yielding. The maximum negative deflection achieved was 40 mm corresponding to a
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A plastic hinge length of 180mm was estimated from the longitudinal strain readings

Oid K1.3 ® first yielding
- general yielding

C buckling of bars
and shear yielding

400

T

300}

200F

100} ~

load (kN)

-100

T

—200

-300 : 1 1 ! 1
-100 - -50 -0 50 100 150 200

tip deflection (mm)

-

Fig.4.10 Hysteretic load-tip deflection response for Specimen Old K1.3

load of 129 kN.
¥

From the measurements of the steel slab strains it was determined that the full slab

width (i.e., all 8 bars) was effective in carrying the load as can be seen from Fig. 4.13.

»

There was signiﬁczmt torsion in the spandrel beam with spalling of the concrete
cover and severe torsional cracking. In addition the cover concrete spalled in the column
near the joint and cracking extended into the column.

Figure 4.14 shows the load versus measured tip deflection response togethér with
components of the tip deﬁection correspondiqg to flexural curvatures, Ay, shear dis-
tributions in the beam, A,, a.nd the deflection component, A;, associated with shear

distortion of the joint together with bond slip of the flexural bars anchored in the joint.

A ' 6 2 ) ‘ 0,
/



c) Near end of test, P = 240kN

“ o . Fig.4.11 Specimen Old K1.3 at different load siagcs
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Fig.4.12 Buckling of longitudinal reinforcement in main beam of Specimen Old ’

K13 :
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Fig.4.13 Strain distribution in slab longitudinal reinforcement for ‘all three spec-

imens
for the computation of A; after general yielding. .As can be seen {rom Fig. 4.14 the
shear component of the d"eﬁecti(gn was very significant at general yielding due to the
large shear cracking that had developed. After general yielding, both the large curva-
tu.re due to buckling of the compression bars and the extremely severe shear,cracking
and yielding of the stirrups controlled the response. As can be seen from Fig. 4.14 the
contribution of A, to the tip deflection was limited because the buckling of the bottom

beam bars and shear yielding of the beam limited the total shear force transferred to”

the joint.

4.3‘2 Specimen K1.3

’

The hysteretxc load-tip deflection response for spec1men Kl@ is shown in Fig. 4.15.
First yielding of the top steel occurred in the second cycle at a load of 231kN and a
corresponding tip deflection of 14 mm. First yielding occurred in the negative direction
at a load of 90 I:N and a corresponding tip deflection of 3 mm. dGeneral yielding occurred

at a load of 327kN and a deflection of 28 mm in the positive direction and at a load of

a
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Fig.4.14 Beam tip deflection cc;mponents for Specimen Old K1.3

137kN and a deflection of 8 mm in the ngga:tive direction as can be seen from Fig. 4.15.
The hysteresis loops remained stable for the duration of the test. After a displacement
ductility of 3 a slight lt;ss in the load carrying capacity of the specimen in the positive
direction is noticeable. This was due to the spalling of the concrete cover which began in
the 8th cycle. The loss of concrete cover in the b?ottom of the beam extended ah;ng the
beam a distance of 180 mm from the column face. At the ‘end of the test (see Fig. 416
c) the region of spalling was still small and buckling of the 4 No. 15 bottom longitudinal

bars was observed. Shear cracking was well controlled by the closely spaced stirrups

and the hysteresis loops do not show /Ay, sign of pinching. Thé peak ptﬁsitive/load was
fie fage of the column of 640 kN-m including the
dead load effects and to a tip deflectfon of 81 mm. The peak negative load was 144 kN
af the column face of 233kN-m and to a tip deflection of

348 kN corresponding to a \inomen 2

corrgsponding to a mome

" 30 mmv The maximum positive deflection achieved was 140 mm, however the load, as

can be seen from Fig 4.15, was 314kN or 96% of the load at general yielding. The

maximum negative deflection achieved was 41 mm corresponding to a load of 132kN.

The measurements of the steel strains in the slab reinforcing bars indicated that
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Fig.4.15 Hysteretic load-tip deflection response for Specimen K1.3

at general yielding the slab bars within a.distance of 4 times the slab thigfmess from
the "beam face have yielded. At the maximum load level, all of the bars acraoss the
entire slab vx;idth experienced strains excegding the yield strain. Fig. 4.13 shows the
measured strain distribution of the slab bars at a load level of 341.5 kN reached during
the 6th cycle (displacement ductility of 2). :

Figure 4.17 shows the external face of the column and the spandrel beam at the
end of the test. The column cover concrete in the joint region had spalled o!ﬁ:zmpletely
and one can notice from the photograph that the 90° hooks of the No. 15 longitudinal
bars were tending to straighten out causing the free end extension to protrude from
the reinforcingjcage. At this stage torsional spalling extended over a region of about
100 mm from the column face. The spalling of the back concrete cover started at the

peak downwards deflection in the seventh cycle (disp{,:jent ductility of 3). The
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' ) Nea}ﬁd of test, P = 314kN

‘ Fig.4.16 Specimen K1.3 at different load stages
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diagonal torsional cracks in the spandrel beam extended into the joint core. It is clear
from the large crack width and severe spalling (Fig. 4.17) that the spandrel-beam had
yielded in torsion.

Figurddd.18 shows the load versus measured tip deflection together with compo-
nents of the tip deflection corresponding to flexural curvatures, Ay, shear diétributions
ir the beam, A,, and the deflection component, A,, associated with shear distortion of
the joint together with bond slip of the flexural bars anchored in the joint. After gen-
eral yielding a plastic hinge length of #80 mm was estimated and used in determining
A;. As can be seen from Fig 4.18 the sum of the calculated tip deflection components
agrees remarkably well with the measured tip deflection. The horizontal dial gauge
-connected to the column above the slab indicated that at ? {oad level of 338.9kN,
a cycle after general yielding , the joint tip deflection component jumped to 24 mm
(double the previous value). At the maximum load level of 348kN this component,
had increased to 53 mm. These large increases in deflection indicate significant joint
distress. In addition to the joint distress it was noticed that t;1e curvature of the top
column increased dramatically after general yielding. Testing had to be discontinued

because of concern over the stability of the subassemblage due to the large rotations in

the joint and high local column rotations ir%nedi;tely above the joint (see Fig. 4.16 ¢).

4.3.3 Specimen K0.7

a

Figure 4.19 shows the hysteretic response for specimen KO0.7. First yielding of the

2
.

top steel occurred at a load of 219kN and a corresponding deflection of 11 mm. First
yielding in the negative direction occurred at a load of 142kN and a corresponding
deflection of 7mm. General yielding in the positive direction occurred at a load of
273kN and a deflection of 15mm. In the negative di‘féc-tion general yielding occurred
at a load of 177kN and a deflection of 11 mm. The hysteresis loops remainéd stable
throughout the duration of the test. In addition the specimen maintained its load
carrying capacity for the duration of the test with peak loads in either direction for
each cycle exceeding the loads at general yielding. Slight pinching of the hysteresis loops
is noticeable during unloading after the fourth cycler The peai( positive load was 360 kN
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Fig.4.17 Exterior face of specimen K1.3 at end of test
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Fig.4.18 Beam tip deflection components for specimen K1.3

in the eight cycle corresponding to a moment at the face of the column of 662kNem
inclhding dead load effects. The peak negative load was 244kN corresponding to a
moment at the column face ‘o‘f 433kN-m . The maximum positive deflection achieved
was 177mm or a displacement ductility of 8. The corresponding load was 328kN or
122% of the load at general yielding. The maximum negative deflection was 77 mm

(displacement ductility of 8) corresponding to a load of 245 kN.

The measurements of the slab steel strains indicate , as in t~h-e case of specimens
Old K1.3 and K1.3, that the first two rows of slab-bars on either side of the longitudinal
beam had yielded, as assumed in the design, at general yielding (at a load of 273 kN)
Fig. 4.13 shows the distribution of the measured strains in the slab steel across the
width of the slab at a load of 360 kN along with the yield strain of the No. 10 slab bars.
It can be seen that the strain distribution is highly non- lmear thh the highest strains
closer to the column and main beam beam. One can notxce that at a load of 360kN
all the slab bars had yielded.

Figure 4.21 shows the external face of the column and the spandrel beam. As can

be seen from this figure, due to the significant torsion in the spandrel beam, loss of

-
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Fig.4.19 Hysteretic load-tip deflection response for Specimen KO0.7 % .

[

?
concrete cover in the beam over a length of 150 mm on the east side had occurred at a

displacement ductility of 7. There was also onset of spalling of the concrete cover on
the west side. These large crack widths and extensive spalling in the spandrel beams
indicated that torsional yieldin'/gAOf the spandrel beams had occurred.

Figure 4.22 shows the load versus measured tip deflection response aloné with
components of the tip deflection corresponding to flexural curvatures, Ay, shear de-
formations in the heam, A,, and the deflection component, A, associated with shear
distortion of the joint together with bond-slip of the flexural bars anchored in the joint.
As can be seen the contribution of the shear strains in the beam are relatively small
during the complete response due to the large amount of transverse reinforcement in
the beam. After general yielding the combined contribution of joint distortion and

bond-slip becomes more significant (about 50% of the total). Once again, the sum of

5
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Fig.4.21 Exterior face of specimen KO0.7
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the calculated tip components agrees remarkably well with the measured tip deflection -

(see F ig.'tf.22). No significant joint distortions were observed during the test.
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Fig.4.22 Beam tip deflection components for specimen KO.(

L
t

Figure 4.23 shows the conditien of the beam at the peakv;p.d;}ti_‘ve deflection in j
the eleventh cyclé. As can be seen fromthis figure slight buckling of the longitudinal
bars between the closely spaced stirrups occurred at this peak deflection. Comparing )
the state of these bars to similar ones m specimen Old K1.3 it can be. concluded that
the—addxtxonal stirrups are effective in controlhng the buckling of the iongltudmal bars.
From the measured curvatures in paost, yielding cycles, it was foundthat the length of
the plastic hinge reached 400 mm. | -

- Testing was stopped at a positive deflection of 177 mm due to lack of further travel

L4

of the loa#tng jacks. ' .

~

44 COMPARISON OF EXPERIMENTAL RESULTS

Table 4. 3 compares the overall behaviour of the three spec1mens tested. As can be
v seen th‘"“ﬁ‘“ctxlxty factor”, K influences the fa.xlu.re maodes, a.nd hence the “ductility”,

t ’ ‘ -
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Fig.4.23 Specimen KO.7 close to failure
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the ability to malntam load after genera.l yielding a,nd the overall response stiffnesses.
‘ The reported ductxhtxes in Table 4.3 were ca.lculated’ f:om the ratio of the rha.xunum dis-
‘ placement, A,, reached while stxll maintaining load I‘evels greater than general yielding .
\' to ‘the displacementt, A, at general yielding. As a measure of the ability to maintain
load after general yielding the ratio of the load corresnondma to A, to the load a.t‘ gen-
eral yleldmk(x e., P,/P,)is presented The ratio of the overa.ll response stlffness\to the - -
" . stiffness at general yieldlng (ie., K,/K,) was determined for the “ultimate” and the
“yield” cycles from the slope of the line joining the negative and positive Peak values. -
The “ductility” achieved was 2.8, 5 and over 8 for, specimens Old Kl.é, K1.3 and I§0.7
\ ; respectiveLy Specimen K0.7 demonstrated the ability to maintain the lofd ca.rrying
capacxty much better than specimens Old K1.3 and K1.3. As can be seen from Table

)

4.3.as the ductxhty is increased a significant drop in the. stlffness at ult\ﬂate occurs.

Table 4.3 Comparison gf Failure Mode and Key Response Parameters

Specimen Failure mode Ductility P, /P, Ky/K,
L Old K13  Beam shear failure - 2.8 1.07 Lot
( - . " Longitudinal bar buckling
K1.3  Joint yielding 5 108 022 )
, Column hinging T
- . Ko.7 #Beam flexural yielding st 1.22 0.18

1 testing was stopped due to lack of travel in loading rams _

>,

] - h

6 Figure 4.24 comparee the hysteretic responses of the three specimens along with
photographs of each specimen at failure. As can be seen Specimen Old K1.3 displayed )
a pinched- hysteretic response with a sigr_liﬁcant drop in the load carrying capacity after
) - "~ a displacement ductility of about 3. This behaviour is a result of the buckling of the -
bottox{n longitudinaf _bars between the stirrups as well as se:rere shear distress in the
main beam. Specimen K1.3 displayed much improved response with an absence of
pinching and ability, to maintain the load up to a displacement ductility of about 5. .,
Although the longitidinal bars in the beam did not bl;ckle and the beam did not suffer

significant shear distress the test was stopped due to severe shear distortion in the

t ' . A h
- ( joint and commencement of column hinging (see Fig. 4.24b). The stable hysteresis

N '
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loops and the excellent ability to m; ntam the 18ad level up to a dlsplacement ductility -

greater than 8 for specimen KO.7 is evident from Flg 4.24¢. As can be seen from’ Flg
4.24 c inelastic action was concentrated in the main beam with the design and detm!mg -
preventing a) buckling of the longitudinal bars, b) ):ielding of the shear reinforcement
in the beam, ¢) yielding Pf the joint reinforcement and d) hinging in the column.l

Figure 4.25 compares the load—deﬁlection response envelopes of the three speci-
mens. As can be seen from this figure the overall response is improved as the ductility
increases. Specimen Old K1.3 has l6w energy dissipating capacity due to the low leve] ¢ (
ductility and the relatively small area enclosed by the response envelope. There is ;%.g"—-"

mﬁca.nt impfovement in the overall response of specimen K1.3 which was designed and

detailed according to the “nominal ductility” requirements of the 1984 CSA Concrete

" Code [3]. It is important to realize that the apparent ductility displayed by specimen'

K1.3 might not be attainable in a structure because of the joint rotations and column

hinging. These effects’ will be investigated in the non-linear dynamic analysig reported

‘in Chapter 7. The 1mproved response of spec1men KO0.7 in both the positive and neg-

ative loading direction is evident i in Fig. 4.25. The much 1mproved negatlve loading

" response is ‘dye mainly to the requirement that the.positive moment resistance of the

beam at the column face be at least 50% of the negative moement capacity.

-
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'CHAPTEA\S

#
i .
' PREDICTIONS OF MEMEER BEHAVIOUR
AND COMPARISONS WITH TEST RESULTS

)

" 5.1 PREDICTING FLEXURE AND AXIAL{ LOAD RESPONSE

_ The complete moment-curvature response of a section of a member provides useful
information necessary to understand the flexural response. Therefore an analytical
préceduré had to be developed To~predict the moment-curvature relationship while
accounting for the following effects: - ‘

1) the complete stress-strain relationship of the steel including strain hardening,
2) the non-linear stress-strain relati;nshii) for the concrete including confinement ef-
' fects in compression and tension stiffening effects in tension,
3) changes in the geom;atry of the section due to progressive spalling of the concrete
cover at higher si:g'ains,‘ ’ o
4) non-linear strain distribution in flanged sections. )
‘A computer program , called MNPHI, havihg the above capabilities was developed
on a micro-computer (IBM PC/XT/AT) to predict the moment-curvature responses.
The analysis is based on idealized stress-strain relatiénships for the materials (see ,

-3

Fig. 5.1) and ensures compatibility of strains and equilibrium of forces.

, - \
« In order té predict the respénse the cross section of the member is divided into a

number of concrete strips parallel to the neutral axis of the section as shown in Fig.
5.1 b. For each concrete strip it is necessary to give the total width and the width of the
confined portion. If the strip is i!\l compression this enables the modelling of progressive

£

spalling of-the concretgﬁcover and also enables the modelling of the beneficial effects of
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) - Fig.5.1 Predicting flexural-respons

o

confinement in the confined region of each strip. ,The strain at which the urrconﬁnch
concrete cover is assumed to 'spall (i-e.- carrie's no stress) can be set independently
but is given a'default strain value of -0.004. This spalling strain coerrespor}ds fo that
assumed by Park and Paulay [16]. As can be seen from Fig. 5.1f the co"mpressivch
stress-strain relationship of tﬁe concrete aepénda‘ on the degree of confinement. The

manner in which the amount of conﬁnement_grovided by rectangular hoops affects the

! . . . - P . i
stress-strain relationship, as developed by Kent and Park [14], is illustrated in Fig. 5.2. .
- > o
tané, 'Ec"z'h -
' ,: s
. (= " unconfined concrata
’ - : €son
! tand BN 8
[ 25
3 Ol’S"’ - confinad
& ) concrete .
0.2 i - 1 ¥
b o :
' 0 €&, Coy €00 E200 €
{ A

Q

)

Fig.‘5.2 Siress-strain relationship for concrete confined by.rectangular hoops,

‘Kent and Park [14] 5 \ . ‘
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The concrete stress can be foux;d from: . IS S

e 9

2 . ’ -
2 €
fd ec - (_'c—) 3 fOI' Gm S ec S 0.0 ' 3
ECO ECO .

fc'[]' - Z(G; - fco)]; for €200 S ecézs €co
0.2f!, ?

fe= (5'1)

"
for ¢ < €0 ‘ N

L W N
where

0.5
€50u + €508 — €co
- 3+ Ecaf:
. €50u = ?,‘_—1'666 A -
3 b : ' -

€goh = TP\ —
4 Sk

It is noted that in the above expressions all compressive strains and stresses are

taken as negative quant\ities. ’ .

3
1

. a \d I3 - A \
The maximum strain, €.,,,,, at which the confined concrete is assumed to “crush”

{i.e. carries no stress) can also be set independently. Guidance to calculate this maxi-
i

mum strain was given by Corley [69] and simplified by Mattock [70] as: \ ’

| (52)

1
3

~ Ecmls

. b

-= -0.003 - 0.002; —0.2p,

where b is the width of the beam, z is the distance from the critical section 3l:o the
4

pomt of contra-flexure, and p, is the ratio of.the volume of confining steel (mclhdmg

compressxon steel) to the volume of the concrete core. -~

T~ The steel is modelled as concentrated areas located at the appropriate positions in

the cxioss section. The stress-strain relationship including strain hardening is assumed

to be that given by Park and Paulay [18] (see Fig 5.3).

The steel stress can be found from: . -

\ 6By, >~ for 0.0<¢ <¢
R AN L se s 63) .
ms+2 s(60—m) -
< g <
fo [60s+2 2@or ¥ )7 F erSE&Se
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Fig. 5.3 Idealization for the stress-strain rela.tlonshlp for steel in tension or com-

pression, Park and Paulay (18] ]
N - i e P - - d%“"
. ' /. .
where -~ ' . i .
‘ ) » . - ‘ . [ .
r= Eu. = €k = .
.fé 8 - e' _ E h ‘3.\. ‘ -
' , = _ Wu/fy)(30r +1)* —60r=1 ’
1572 .

- ~

J The effegt of (ension 5tfffening in the concrete after cracking is accounted for in'sp'eciﬁed

The average tensile stress in the concrete after cracking as given by

-

concrete
- Vecchio and Collms (71, 72] is shown in Fig 5 4.

¢

-

€

~

Fig. 5.4 Averagestress-strain relatlonshxp for cracked:concrete in tenmon, Vecchio
and Collins [71] ’ s
»

7 - .
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The average tensile stress in the concrete can be found from:
— i f’
ce . 2—-6,,., for 0.0<¢€. <¢.,

a . fc '= eco , N { (5-4)
N fcr '

P 1 + 4/200€, ’

- : ]
In addition MNPHI incorpgrates stress-stra,in relationships which include bi-linear

for e, > ¢,

1)

elasto-plastic, tri-linear as well as inverse Ramberg—Osgood [73] relationship for mod—

elling of highly curved stress-strain relationships (e g. small diameter bars and pre-

-

stressing steel). I} , .
fe

The a.nalys—i_s procedure with réference to Fig. 5.1is as follows:

M1. Assume a top fibre strain, ¢, . :
M2’ Assume the jalue of the depth to the neutral axis, c.
Ms3. Compute allstress resultants inthe concrete and-the steel for the assumed“
strain distribution and accounting for spalling of the cover concrete.
M4. Iterate on ¢ until equilibrium is satisfied to aspecified accuracy. i
| M5. Calculate the resultant moment; axial load and curvature.
Mase. I;m;ement the top fibre strain and reéeat steps M2 through MS5. ll-.

The above procedure is carried out including the effect of average tensile stresses

in. the concrete. Another"sepa.ra.tg analysis is.carried out with no tension stiffening

effects in order to limit the maximum moment that can be carried atf crack location:

The complete response assumed follow§ the analysis with tension stiffening up to the

maximum moment that the sect?on cap carry at a crack location.

For flanged sections MNPHI permits the usexéo specify z;.varlatxon of strain across
the width of the flange as shown in Fig. 5.5a. This is carried out in the layered analysis
shown in Fig. 3.1 by separating each ﬂange layer into different horizontal parts, eath
part having a specified strain participation factor. 1}_1’1 example of the use of this
participation factor is g?ven in Fig. 5.5 b.’ .

"For détermining the axial load-moment interaction curve the same procedure given

above is followed for a number of different levels of axial 10@.{. In determining the axial

\

! gindicates end of algorithm )
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load-moment strength interaction curve two options a§re available : i) assume that the
* capacity occurs when a fixed value of maximum compressivé strain is reached (the

) o, » . . . e - . A ) (d
traditional assumption is €,.., = —0.003), ii) for a range of maximum compregsive

_-concrete strains find the maximum moment. In both cases tensile steel }ielding is

traced allowing an evaluation of available ductility. ‘ .
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TFigure 5.6 shows the predicted moment-curvature responses of the main beam of

specimen KO0.7 subjected to negative bending moment. The lower curve is the predic-
tion of the response assuming the non-linear strain distribution across the ﬂange as

shown and the the uﬁe_r/c:lrve is the prediction assuming a uniform strain dxsmbu-

tion across the full width of the flange. The non-linear strain distribution results in
a more “rounded” response due to progressive yielding of the top reinforcement. It
should be noted that the curves are essentially the same after yielding of all bars. In
the curves first yielding of the tensile and compressive reinforcement, onset of spalling
and crushing of the concrete are reported. The effect of jche steelvstrain hardening after

a curvature of about 25 x 1073 rad/m can also be seen\. .

800
700 —
e e e el
600 |-
Ly
E. ’ s ’
< 500) o constant strain
g :
!
ot 1 —_
c 400 il steel yieldin V'L’L_\_:
Y ® lensile steel yie 0 Z:L J ) . variable stran
E m onset of spalling it i
g 300 . compressio‘r:/si el yielding 4 00-20;
4 concrete cru§hing S 1 q
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100 of slab
4 no.20
0 i 1 I . (] [} 1 1 1 ‘
0 10 20 30 40 50 60 70 80 90 100 x 1073

curvature (rad/m)

Fig.5.6 Influence on moment-curvature response of non-linear strain distribution
in flange of T beam B

Figure 5.7 presents the predicted axial load-moment interaction diagram for the
column section used in specimen K0.7 together with the predicted axial load-curvature

response. Since the ultimate axial load-moment interagtion diagram was obtained by

873&

?
v
. ~ ¢




(%)

searching for the maximum possible moment obtainable for different axial load levels
the corresponding extreme fibre compressive strain will not be constant at ultimaie. As *
can be seen the resulting extrere compressive fibre strains are within the limiting strain
of —0.01 as calculated from Eq. 5.2. Fig. 5.7 shows the variation in strain distribution
for different levels of g.xial loads. The dashed lines in Fig. 5.7 represent values at first
B &ielding of the tensile reinforcement. The ratio ¢u'/¢; represents the curvature dugtilit.y
of the cross section. It can be seen that at :.n axial load of —2200kN the moment at
first yielding equals the ultimate moment, and therefore the balanced cond‘ition exists. —
At this balanced condition the curvature ductility ¢, /¢, is equal tb 1.0. For lowor/

levels_of axial compression the curvature ductility increases.

') t
. * a
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x £
Np? I
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.. moment (kN-m) curvature (rad/m)

Fig.5.7 Predicted axial load-moment interaction and axial load-curvature re-
sponse ‘

s

Figure 5.8 shows the influence of axial load on the moment curvature responsé
for the section shown in Fig. 5.7 (specimen KO0.7). It can be seen that the strength
increases with increasing levels of cdmpressive akial load but the dugtility decreasgs.
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Fig. 5.8 Influence of axial load on the moment curvature response of a column
section . .

Figure 5.9 shows the predicted axial load-moment and predicted axial load-curva-
ture interaction diagrams for the column section of specimen KO0.7 in its unspalled
and fully spalled conditions. The unspalled predictions were obtained by hmltmg the
maxuhum compressive strain to —0.004 (i.e. the strain at which the unconfined concrete
is assumed to.spall). The fully spalled predictions were obtained by neglecting the
unconfined concrete cover on all sides of the section and by limiting the maximum

compressive strz_tin‘s to —0.01.

¥

5.2 PREDICTING MOMENT-AXIAL LOAD-SHEFAR RESPONSE

<
.~ When shear is present with moment and axial load it is no longer possible to

determine directly the longitudinal stresses in the concrete from a flexural sectional

~ analysis as described in Section 5.1. The compression field theory [74,75,76] provides-

a rational way of predicting the response of reinforced concrete sections subjected to
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Fig.5.9 Influence of spalling on the response of a column section

¢

combined flexure, shear and axial load. -In its most general form the analysis' can

account for both a non uniform shear stress distribution as well as changes in directign

)

* of principal compressive stresses in the concrete over the depth of the section (see Fig.

5.10). In this study however a more direct approach proposed by Collins and Mitchell
[77,78] will be used. In this procedure (see Fig. 5.11) the shear stresses are ‘assumed
to be uniformly distributed over the effectivehshear area, b, wide and d, de’ep,« and the
;iirection of the principal compressive stresses (defined by the angle ) is-assumed to

remain constant over the depth d,.’

-
4

' \
The combination of shear, flexure and axial load results in a longitudinal strain

distribution as shown in Fig. 5.11. The longitudinal strain, ¢,,,,, at mid-height of the
web due to the combined loading effects is used as an indicator of how severely strained

the web is due to these effects.

The procedure adopted follows that described by Collins and Mitchell {77,78} and

involves. an incremental analysis using the Madified Compression Field Theory which

90
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(a) cross section divided (b) shear  (c) longitudinal (d) principal compressive
Into horizontal strips stressas strains stress trajectories

oy

Fig.5.10 Detailed analysis using the compression field tiaeory

(a) cross section (b) shear (c) longitudinal  (d) assumed coMpressive
stresses strains stress angle of

( ) inchnation, 8

'Fig. 5.11 Simplified analysis using the compression field theory
- Al

* considers equilibrium, strdin compatibility and utilizes the non-linear stress-strain chg;c-
acteristics of both the concrete and the steel. o ' .
Figure 5.12 iustrates the manner in which thf; full response of a beam can be de-
. termined using plane section analysis linked to the modified compressjon field theory.
The incremental analysis is performed by first choosing the principal tensile strain, ¢,
o at mid-height of the web (See Fig. *5.13) and estimating the angle of igclination of
: principal compression, . The strains (including ¢, , ), the stresses in the steel and the
w concrete, and the corresponding shear V together with the equivalent axial tension, N,,

are then determined. A flexiral sectional analysis (MNPHI) is. then performed by im-

posing a mid-height longitudinal strain, ¢,,,,, determined from the shear analysis. For

this mid—‘height longitudinal strain, ¢,, ,, and for the applied moment M the ne,ceésa.ry
curvature is determined. For the strain -distribution corresponding to. this. curvature
” ( the axial load is then determined. It this axial load, NNy, equals the a.pphed axial load

L
2]

-
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plus the equivalent axial tensile load, N,, due to shear then the estimated value of 0 is
correct and theaq c;)rresponding strain distribution is found. If longitudinal equilibrium
is not achieved a new estimite of § is made Jand the process repeated. The complete
response is obtained by performing the above procedure for a range of principal tensile

strain ¢; . .

(a) Cross section (b) 1deahzation

by v/tang .
. Al
— M .
= , == e
E o v l_Nv e €1mig ) Np l ) N
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o ) m : | \
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Fig.5.12 Pz:edicting axial load-moment-shear response

-

This procedure is described with reference to Fig. 5.12 in the following steps.’
V1. Choose a value of principal tensile strain, ¢;, at which to perfegm the . .

_calculations L=




V2. Estimate angle of inclination, 8, of principal compressive stress..

V3. Calculate average crack width, w
»

W= 3S8me€1 . - . (5.5)
where ' ¢
-
R 1 - o
Sme = sind  cosd
Smi Smy -

in which s,,; and égw are crack spacings indicative of the reinforcement

details in the longitudinal and ti*%ii;sverse directions respecti{'ely (see Fig.

5.13).
.
R ]
'
s}knpspaciru&
prncipal compressive . transverse
stram, €, \ strain, €,\
e ] DS ¢ 1
stirrup,—1 i 'E/ v :
area=h, |1 Y VA A 34
- P ) -
«, ~ Spacing=g | | v AR KA AN

=9
principal tensile \
strain, €,

crack spacing, sm 1ongituﬁinal stran
at mid depth, €5,

{a) Cross section (b) Strains in beam

Fig.5.13 Spacing of inclined cracks

[

V4. Es;timate average stress in the transverse miI;fo'rcement, fo- .
V'5. Calculate average principal tensile stress in the concrete, f.;, from Eq.
- 584, These\ relations account for the reduction in average tensile stress
that occurs between cracks after cracking.
However° the value of f;; is limited by the ability of the steel and the .
cracked concrete to transmit stresses across the cracks._This limii; given

by Collins and Mitchell is: \

\




- .
« 3 a

RS b V71(0.18°+ 0.3K?) tand 4, ,

. fCI S < . w + "'_(fuy“- fu) - (5.6)
;. v 0.31 4 At o bys
where ' ' .
o1 .
, = —— >
K tanf - 1.64 ~—
#

In which a is1the maximum aggregate size, f' is the concrete strength,
and f,, is the yield stress of transverse steel.

V6. Calculate the shear, V, corresponding to the estimated average stress
in the transverse reinforcement, f,, in step V4 and estimated principal
compressive stress angle of inclination, ,~in step V2. The e'quilib:‘imn
condition is described in Fig. 5.14 and is described below:

-«

V = Aufu dv + fclbudu

5.7
) s tanf tanf (5.7)
) ) H ’ } ;‘!:}’:f;‘;
/é-\‘é&argg ga:esa ..,A' .
. ‘ ’ ’ Avly
g ioytez
L
i = ]
., s
|
|
* Fig.5.14 Equilibrium considerations for beam in shear
1
. VT. Calculate the principal compressive stress, f,, (see Fig. 5.14) from the
@ following relationship:
N \
\ ¢ - *




‘ A variation of tensile S \
) stresg in concrete \ comprassive stress, f2

' ) ' —1 \ F==— 0.5Ny
| . }// ' f/u
’ 5 Ve | for
L ' e Q
| -~z 9 = 0.5N,

average tensile stress, foq

(b) Average stress-stramn relationship for cracked
concrete in tension
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(c) Average stress-sirain relationship for cracked
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Fig.5.15 Stress-strain relationship for diagonally cracked concrete

y " f¢z=f¢1—v(tan9+gi—9—> -

V8. Calculate the maximum s:trength of “the concrete (see Fig. 5.15) which is
. diagonally cracked and subjected to a principal tensile strain,e; froni’x the
following expression [71,76]: |

fe
0.8 ~0.34—1.

¢ | |
- 4

05 .

fc2...., =
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N
»
s

V9. If |fiz| > | fezn..|» Teturn to step V2 and choose a larger yalue of 9 -
V10. .Calculate -principal compressive strain, €3, corresponding to principal

/7
compressive stress, f,;, from:
' \

® fczma:

€2 = €eo (1— 1= e ' (5.10)

,
V11. Calculate the transverse strain, €;, from compatibility of strain’

’ & + € tan® @
° et = —-—7
1 + tan- @ Y

V12. Calculate the stress in transverse reinforcemment; f,, corresponding to
» A" S0

(5.11)

the calculated str;iin, €y, and from the stressg-strain re]ationship for the
transverse reinforcement.
V13. If f, calculated in step V12 does not agfee with the estimated—, in step
V4, return to step 4 with the new calculated value \)f fo.
V14. Calculate the Iongitudiné.l‘strain, € “

€ =€ + e +€ - 5-%2)

V15. Call MNPHI (flexural sectional analysjs program) ‘with the strain at mid-
depth, €, ,, equal to the calculated value of ¢ in step V14. Find the
strain distribution corresponding to dess'ired the moment, M, and then - -
determine the-corresponding axial loa.d,h’N,,, as éhow\n'in Fig: 5.12h.
The desired moment may be specified by the user or may be calculated .
internally by the progra.;n from a sioeciﬁed M /.V ratio. . ‘

V1ie. Calculate the equivalent axial tensile load, N,, due to shear (see Fig.
5.12¢)

e »

. v
— ., 5
Ny = fabed, - 5— ’ (5.13)

V17. Calculate the equivalent axial load on the section, N

N=N, +N, (5.14)

96 . 4




C

3

V18.. dheck if the calculated value of N agrees with the axial load} acting on
the_ section. If these values do not agree, make a new estimate of 0 and
) réturn to step V2 (increasing f increases N).

‘V19. Return to step V1, increment ¢;. [
. Fxgure 5.16 shows the influence of different levels of axial loa.d on the shear response
for the column sectxon used in specimen KO0.7 under a constant bending moment of
180kN-m . These different axial load levels correspond to the column axial loads for
the dxfferent storeys in the six storey frame structure unde&‘ study Itdcan be seen
that the capacity increases with increasing axial compression. For high axial load the

capacity is governed by the yielding of the flexural steel. For lower levels of axial load

-

1t is governed by yielding of the shear reinforcement. ) ,
1000 -
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Fig.5.16 Influence of axial load on shear response .
Figure 5.17 illustrates the use of the option available in the program of specifying
'a moment to shear ratio, M/V. The curves represent the predicted shéa.r vs, stirrup
P L 3 o
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strains for different sections of the cantilever beam from specimen KO0.7. It can be seen
that due to the smal.\ stirrup spacing at sectibn 1 and due to the large moment to
shear ratio the stirrups did nqt yield and fa.xh;re is predxcted to be caused by-diagonal
crushing of the concrete after the ﬁexural remforcement is well beyond yield. The
influence of moment can be seen by comparing the respénse 9f section 2; 3 and 4 which
experience flexural yielding before stirrup yielding. Since section 5 has a smaller amount
of reinforcement and also .a smaller moment to shear ratio, it experiences yielding of

the shear reinforcement. ‘ sl

- . P
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Fig.5.17 Influence of moment to shear ratio on the response

N

5.3. ACCOUNTING FOR BOND-SLIP EFFECTS —

+

o

In accounting for bond-slip it is assumed that a crack forms right at the face of
the column and that a concentrated rotation takes place at that location as shown in
Fig. 5.18. This approximation is similar to that suggested by Park and Paulay [18].
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column

Fig.5.18 Effect of bond-slip on deformation - .

_ -
The moment-rotation relationship due to bond-slip for monoténic loading can' be

desprfbed by a tri-linear curve with critical points defined by cr.acking (M., ), yielding
(M, 0,) and ultimate (M, 8,) conditions. In this research a bi-linear idealization wiil

be assumed as shown in Fig 5.194

-

¢« ’ .

actual curve

|
E
i
[}
8 -

s - . Mef - idealized curve
/
_ r
by \ ‘@&
Aol , totation

Fig.5.19 Actual and ideglized moment-rotation due to bond-slip

g,

In this research project a simplified model, for determining the bond-slip of the
: e
- - beam bars anchored in the joint, was used. This model assumes a uniform bond stress

distribution along the development length of the reinforcement (see Fig. 5.20). Al-

x

though more complex, empirically derived, bond-slip relationships have been proposed

‘ (e.g., Ref. 25) the simplified approach illustrated in Fig. 5.20 and Fig. 5.21 were found

¢ L d
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" 5.20). Thus at yielding:

-
o

to be sufficiently accurate for predicting the bond-slip r;spc'inse of the specimens tested.
-. Fig. 5.20 shows the as‘sdﬂed bond stress distribution at yieid'mg of a bar. The bar
tension, T Is tra;nszilitted to the concrete by thesbond étress, u, over the development

length, /3. Assuming the average bond stress to be uniformly distributed along ;, the

steél strain varies linearly up to the yield strain at the critica),l section. The development

[ ¥

length, l4, from equilibrium is: | P
o ~ ’ A
\ ) _ , 4,
. Iy = fu (5.15)
, 7rd¢,u -
-
- . ?
l + h -
oL . 4
s ) critical . \
! R ‘i section :
! - u
S T TeAply
=== g
A 4[ . .;‘

" (a) Bond stress

. * . bond stress,
i " . ] -
T ARG (

stoel sfrain *

- ' SR

- ld

{c) ‘Resulting stesl straing : o
‘ ) ' o

‘Fig. 5.20 Determining bond-slip from assumed bond-stress distribution

/-

. If we assume that the steel elo.ngaltion contributes to the crack opening at the face
of the <::.olumn, then the oi)ening of the crack ‘it the level of the steel is given by the

integration of the steel strain distribution over the development length, /; (seé Fig.

- } .- e

-

4 (B - E &
° - o
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1 1.5,
== - = 5.16

Combining Eqs. 5.15 and 5.16 we obtain the following expression for the crack

[
>
+

opening

1d
= o= 21, - (5.17)

El

The concentrated rotation of the beam at the column face due to bond-slip is given .

by:

. 6l
0= —— (5.18)

a

If we assume the following linear relationship between steel stress and moment:

5 M

X =2 5.19
- v Mv ( )

Then the additional rotation of the beam at a moment M is given by

o 1d (f,\ 1
=% ) MP—r -(5.20
g 2 . 8E,u (Mv ) d—c (5:20)
and at the yielding moment ~
N 3 o I'd
1 dy f?

8, = = L 5.21
¢ Vo 8E,ud-c (5.21)

“The development length increases when the reinforcexpent stress exceeds the yield

stress. It can be calculated from equilibrium knowing the ste@kstress. At the ultimate

Y

stress the development length is given by o

_ Afeu - o (5.22)

l4u
4 wdyu

o - &
_The steel elongation can bé calculated knowing the stress strain relationship. As-

»

suxhing a tri-linear stress-strain relationship with a yield plateau and constant strain

o
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Fig.5.21 Approximating bond-slip from assumed bond-stress distribution

lédjening we have at ultimate the stress and strain distribution along the development
2
length ly, illustrated in Fig. 5.21.

The assumption of a constant, uniform bond stress gives: ~

- .

fou
gy = 221 - 5.23
.ol fu ¢ .. (5.23)

" The total elongation of the reinforcement is equal to the area under the strain

curve and is given by

' r 51? = lld {(f:" - 1) (e,.; +€sn) + fv] - (5.24)

Jv

[

The concentrated rotation of the beam due to bond-slip at ultimate is given by:

~

f
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K% ~ 1) '(E;u +€n) + 5v] ‘ | (5.25)

The 1984 Canadian Concrete Gode [3] expressions for development length for bar

_1 L
T 2d—¢°

0.

sizes up to a No. 20 bar imply a bond stress value of 4.3 MPa for concrete compressive

strengths over 20MPa. This value of bond stress was used in Fqgs. 5.15 and 5.22 to
% . v )

" determine I and lqy.

g : :
5.4 RESPONSE OF SUBASSEMBLAGE
{ . . -
5.4.1 Role of Spandrel Beam

. Figure 5.22 illustrates the flow of the forces from the main beam and the.slab i;xto
the spandrel beam and into the joint region. The tensions in the slab bars create torsion
in the spandrel beams on each side of the column. The spandrel beam transmits both’
direct shear and torsional shear flow to the side faces of the joint as shown in Fig. 5.22.
The total tension in the slab bars will therefore be limited by the tprgic;nal capacity of
the spandrel beams.

For example the torsional capacity of the span&'el beam in specimen K1.3 is about
99000 kN-m and sincéhé slab bars are located 245 mm above the centre~of the beam
the maximum tensile force that will cz;use torsional yielding is 99000 /0.245 =404 kN on
each side of the column. The yield force of a No. 10 slab bar is 100 mm? x 480 MPa =
48kN. Hence the yielding of 404/48 = 8.4 bars is required to cause torsional yielding of
the spandrel beam. From the strain measurements on the slab reinforcement all 6 slab

bars on each side of the column yielded a;\t failure as shown in Fig. 4.13. It is evident

N\
. from this figure that some of the slab bars reached strain hardening. Due to the large

torsional cracks observed in the spandrel beams of all three specimens it is clear that
they all yielded in torsion (e.g. see Fig. 4.17, 4.21).
Further examination of Fig. 5.22 reveals that the top reinforcing bars in the main

beams transfer horizontal shear directly into the joint.. The spandrel beam transfers

~.

- -4 o
horizontal,shear from the tensio}iin the slab bars as well as torsional shear flow

A
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‘ to the side faces of the joint. Due to the vertical shear from the main beam the axial .

o

-~

i ( ) N " compression in the joint increases from a minimum at the top of the joint to a maximum
» at the bottom of the joint. If it is assumed that the critical section is at th"e top of the
joint then the axial load acting on the joint equals the axial load acting in the column
.above the joint and the resultant shear force is equal to the sum of the forces in the

. , top beam bars, minus the column shear, plus the shear d1;e to torsional shear flow, g,

in the spandrel beam (i.é. q X by, where by is the length of the shear flow-path on the

side face).

These three specimens illustrate clearly how the effective flange™width i§ limited

.t by the torsional yielding of the spanarel beam. In addition theJ spandrel beam also o

affects the flow of the shear into the joint region.

°

5.4.2 Beam Responses

Figures 5.23, 5.24 and 5.25 compare the predicted moment-curvature responses }

. with the moment-curvature responses determined from the longitudinal strain readings i
C taken at the top and bottom of the beam near the column face. The predictions
shown in this figures are for a) a rectangular beam with only the beam reinforcement
considered, b) a T beam with an effective flange width equal to three times slab
thickness, ¢c) a T beam with an effective flange width equal to four times the slab
“thickness, d) a variable strain distribution acting on the total slab width of the specimen
(see Fig. 5.5 and 5.6), and e) a constant strain distribution across the total slab width.
As-can be seen from these figures it is unrealistic to ignore thq contribution of the
reinforcement in the slab. As illustrated in Section 5.4.1 the spandrel beam épntrols

the effective width of the slab. For these specimens t’he effective width is greater than )
4 times the slab thickness as shown in Section 5.4.1. Although the strengths of the
specimens are predicted well by using a constant strain distribution across the full slab

width, the best predli,ctions of the entire responses are with aVariable strain distribution

across the full slab width (case d above). \

PR -
/ N ¢

( o " Figures 5.26, 5.27 and 5.28 give the predicte‘& curvature distributions ;.nd tK/ ’

<
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Fig.5.23° Comparisons of moment-curvature predictions with experimental re-
sults for specimen Old K1.3

predicted sh‘;aa.r strain distributions along the length of the three test specimens. Also
show;l are the curvatures obtained from the longitudinal strain measurements at the
top and bottom of the beams together with the shear str;xin\s obtained from the strain
rosette rea.din'g& located on the sides of the beams. The predicted and -experimentally
determined deformations given in these three figures are for load levels clos’z.e to the
ultimate strengths of the beams. As expected there is considerable scatter in the
test values due to the discrete nature of the cracking. The predictions of curvatures
and shear strains were made neglgcting tension stiffening in the concrete in order to
approximate the influence of cyclic loading. Also shown in Fig..5.26, 5.27 and 5.28
gre the predicted: tip deflections obtained by integrating the curvatures and the shear

strains. The experimental values of the shear strains for specimen Old K1.3 are not

shown since the major shear cracks did not pass through the strain rosettes. As expected
¥
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Fig.5.24 Comparisons of moment-curvature predictions with experimental re-
sults for specimen K1.3 - :
as the amount of transverse reinforcement is increased the contribution of the shear
strains to the tip deflection decreases. These analyses were carried out for the three
specimens in order to determine the flexure and shear response of the beams. The

results will be discussed in more detail in Section 5.4.4.

£

""5.4.3 Column and Joint Responses ’

-~
&~

Usiﬂg the analysis procedure 'described in Section 5.1 the axial load moment in-
teraction diagrams together with the corresponding moment curvature responses were
predi'cted for all three specimens'(é.g.;’ see Fig. 5.7 to 5.9). In all three cases the -
columns were predicted to be stronger than the-beams. It is noted that for specimen
K1.3 the sp:zlled strength of the column above the joint is close to the strength demand

s
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Fig.5.25 Comparisons of moment-curvature predictions with experimental re-
sults for specimen KO0.7 ‘

L)
resulting from the bearmn hinging.

Using the procedure described in Section 5.2 it is possible to prédict the axial load-

moment-shear response of the joint region. In these predictions it is assumed that the

\

shear is resisted by a field of comp:ressive stresses in the concrete. In order to predict
the response of a joint region it js necessary to account for the cross sectional properties
of the joint region, the amount of transverse reinforcement in the joint, the amount and
distribution of the column longi@ydinal steel passing through the ’joint, and th? shear
to moment ratio—in the joint. In the analysis of the joint it is assumed that the critical
section is close to the top of the joint region where the axial load is the lowest.

In order to demonstrate the capabilitieg of the analytical procedure, it was used to
predict the joint shear versus the stirrup strain response of a beam-column joint tested

by Uzumeri and Seckin [17] shown in Fig. 5.29_. This exteridr beam-column joint did
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SPECIMEN OLDK1.3 _
P=322 kN

-

S—tesl

CURVATURES
. Qyp=112mm

Fig.5.26 Comparisons of predicted curvatures and shear strains with experimen-
tal results for specimen Old K1.3

not have any transyerse beams-nor any slab framing into the joint and hence provides

an excellent test of the analysis, sjnce no assumptions need to be made concerning the

the response were made: one with tension stiffening (f.; > 0) and one with no tension

“stiffening (f.; = 0). Due to the cyclic loading the response approaches the case with

no tension stiffening.

Figure 5.30 compares the predictions of the joint shear versus stirruup strain with

the experimental results obtained by Ehsani and Wight (22, 23, 24]. This exterior beam

; column joint c;ntained transverse beams and a slab ‘and thus provides a useful test of
both the analytical predictions o{ the joint shear response and the assumed role of the

spandrel beamn (see section 5.4.1). It is noted that yielding of the longitudinal column

/ . ) ' L

-
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- flow of the forces into the joint r;gion. As can be seen from Fig. 5.29 two predictions of

bars in the joint region is ?}'edicted to occur before yielding of the tie reinforcement.
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FEEE |
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Qyjp=38mm ,

Fig.5.27 Comparisons of predicted curvature: and shear strains with experimen-
tal results for specimen K1.3

The procedures described above were used to predict the M—momenbshear
response of the joinf'f’gegions“of the three specimens tested. In the case of spetimen 6!(1
K1.3 shear failure of the beam was predicted to occur before any significant distress in
the joint. However yielding of the longitudinal column bars, followed closely by yielding
of the tie reinforcement, is predicted to occur before beam hinging in specimen K1.3.
Due to the confinement reinforcement prpvided in the joint region of gpecimen KO0.7
.o Jjoint yielding is predicted before full beam hinogin 7. The tip deflection components

corresponding to joint shear strain were predicted throughout the full loading responses

of all three specimens and are discussed in the following section.

5.4.4 Total Responges

-
’
[y

" The flexura) components, Ay, and the shear components, 4,, of the beam tip

_ deflection were calculated from the i‘ntt\agration of the curvature and shear strain dis-

2 ¢

-
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SPECIMEN KO0.7
P=339 kN

CURVATURES
Do =19.4 mm

-

SHEAR STRAINS S
2 .
Oy =4.7 mm

Fig.5.28 Comparisons of predicted curvatures and shear strains w1th experimen-

tal results for specimen K0.7
/

tributions. The contribution to the tip deflection due to a concentrated rotation at -
the column face, A,, were determined from the predicted bond slips and joint shear
strains.  * ' . |
Figure 5.31 compares the measured contributions of the components (i.e., Ay, A,,
and Aj) to the beam tip deflection with those predicted. As can be seen the predicted
components and the overall responses are in good ag;’eement.‘ It is apparent that
particularly after general yielding bond- slip and joint distortign contribute significantly
(about 50%) to the total deformation. The improved performance of specimen KO0.7 is

again evident from these plots. ° o
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Fig.5.29 Cbmparison of predicted joint shear vs joint tie strain responses with
experimental values for specimen<@7 tested by Uzumeri and Seckin [17] .-
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Fig.5.30 Compa.risc;n of predicted joint shear vs joint tie_strain responses with
experimenta[ Valuesifor specimen 7°tested by Ehsani and Wight [22, 23, 24]
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CHAPTER 6 ‘-
- \) -
PREDICTING NON-LINEAR DYNAMIC RESPONSE
OF CONCRETE STRYCTURES '

™ %

o

This chapter briefly summarizes some of the, impc;;;a.nt aspec.ts of non-linear dy-
namic analysis used in this study. The analysis techniques used in the computer pro-
gram DRAIN-2D [37] are discussed and a refined hysteretic model capable of predicting
the response of poorly detailed reinforced concrete components is described. Different
means of assessing damage of structures from the prcfdicted non-linear responses are

also described.

<

b

6.1 NON-LINEAR DYNAMIC ANALYSIS USING DRAIN-2D -

6.1.1 Equations of Motion

For a structuralosystem responcl;ing non-linearly, the dynamic incremental e&ua—

tions of equiliblrium for earthquake motions can be written for a finite time step At

<
as: o~

W

/

o
e

MAF + CrAF + Ky Ar = -MA7, * (6.1)

in which AF, Ar and Ar are finite increments of acceleration, velocity and displacement
¥ v

relative to the ground and A¥, is the finite increment of ground acceleration; M is the
- wp o o

constant mass matrix; and Cr and Kp are the tangent values of the damping and

stiffness matrix for the structure in its current state.
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The computer program DRAIN-2D uses the Newmark “constant average acceler-
ation method” over a time step, At, chosen by the user. This method has been found
to be unstable for systems responding non-linearly when relatively large time steps are
used [80]. In order to avoid this problem a maximum time step size equal to about
1/10 of the smallest natural period of the structure was chosen. A number of addi-
tional analyses were carried out with smaller time increments in order to verify that

the response did not change appreciably.

6.1.2 Solution Procedure

The DRAHV—Zb_program uses a solution scheme based on the evaluation of the
tangent stiffness matrix for a given time step and on the corresponding load vector
whidh is corrected for the out-of-balance loads resulting from any change in the tangent
stiffness matrix [37]. "

Because DRAIN-2D was designed to accept additions to the library of existing

~ non-linear elements it is helpful to briefly discuss the general solutién technique used in

7 o«

the program. In order to implement a new element it must conform to the requirements
3

of the solution technique which is briefly described below.

The element tangent stiffness matrix, kr, is defined by the following relationship.

L

\ 1

dS =kp dr | (6.2)
In which dS is the increment of external forges acting on the nodes of the element, and
dr is the corresponding increment of nodal disp_lacementg; | _

All the elements in the DRAIN-2D program must have a multi-linear force vs
displacement representation (see Fig. 6.1 a) which results in’ sudden changes in stiffness
at every change in state, referred to as event (see Fig 6.1). The structure stiffness
matrix, Kz, is theq formed by addition of the element tangent stiffness according to
direct stiffness matrix procedures. n

The incremental state determination, i.e., the new state of force and deformation

»

in each element, is detefmﬁd in the following way (see Fig. 6.2):
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a) Multi-linear load vs displacement

(-~

k4 0 ) l

r

C o -

g b) Multi-linear stiffness vs displacement

Fig.6.1 Multi-linear force-displacement relationship

'3

-

1) Given the calculated increment in'the element nodal displacements,. Ar, calculate
the ix;cfement of internal element deformations. ’
2) From the non-linear (piece-wise linear) fc:rce-deformation relationship calculate the
| ' internal element force. )
3) From the new internal element force calcuiated, the unbalanced force is determined

from:

" ASy = AS; — ASyy (6.3)

where ASy is the external nodal loads required to safisfy element equilibrium, AS is
the'linear element force increment bastd on the state of the element at the beginning

( ,of the step, and ASy is the non-linear element force increment which accounts for
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- b) Computation of non-linear force increments

,

Fig.6.2 Computation of force increment (37]

changes in the ?lement tangent stiffness ky within the step. The linear force increment,

ASy, is given by:

ASy = kpoAr - (6.4)

where k1o is the element tangent stiffness at the beginning of the step and which was

used to calculate Ar.
. =

The non-linear force increment,ASy |, is dependent on the number of changes in
state v»;i‘thin a given time step. If there are n changes in state then the fion-linear force

increment can be calculated as:

¥

ASyyp =kroAr; + kry (Ary — Ary) + -+ + kr, (Ar — Ar,) (6.5)

52
kol

DRAIN-2D apprqximates ASy 1 in equation 6.5 as: ,
- w7y |
N 118 ) . .
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g \
(' ) . ASNL =[L1Asl +ﬂzASz + "'+AS,‘& (66)

in which the proportion, u;, of element force increment which is required to produce

the nez(t “event” is given by (see Fig. §.2):

S, — S

S . (67)

,‘(,‘-“:

where S,, is element force at yield, S; is element force at beginning of sul-increment 7,

and AS; is the computed sub-increment of element force.

t

) 6.1.3 Mass Matrix

Although the mass of a building system is distributed.throughout the structure
‘it is_customary in dynamic analysis of buildings to assume the gntire mass to be con-
l_:nerr{ra.ted at floor slabs and to neglect rotational inertia. Since only ldteral effects of

earthquake are considered in this study and since all the nodes in a floor are assumed to

( have identical lateral displacement, the mass matrix reduces to the following diagonal
matrix:
oy
my 0 0
0 mg ... 0 . :
M=|. . . . (6.8)

0' 0 ... m,

where m; is the mass corresponding to storey ¢ and n is the number of storeyg.

("/ N -~
6.1.4 TadPent Stiffness Matrix ‘

The program lumps the plasticity in zero-length plastic hinges concentrated at

B}

the ends of the element. The multi-lfn’ea;r force-deformation relationship enables very
complex responses to be modelled.
With this representation non-linear hysteretic behaviour can be formulated, in

!

which the force depends on the past history of deformation as well as on the cur-

‘ rent state of deformation. The essential requirement is that the formulation must be

>

a
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complete, i.e., the tangent étiﬁ'ness kr can always be defined depeh\ding on the past
history and the present state of deformation. To achieve completeness a set bf force-
displacement rules must be defined sucj};,that for any state in the response (e.g., point
r on line 2 in Fig. 6.3) the lower and the upper limits must be known (points ! and u),
the adjacent lines (lines 1 and 3) must also be known as well as the line deﬁninéAthe

unloading state (line 4)

S A A
line 3
current 3
state
i 3 )
line 2 i
v :
! [ |
! ] unloading -
H {1 hne 4 -
g L
A
N
! Pline 14 | .
T, rory f ¥

o ’ -

Fig.6.3 Non-linear hysteretic behaviour
To perform the analyses of the building structures two elements of the ‘genex‘al
purpose computer program DRAIN-2D are used. They fall into the parallel element
£nd the physical hinge element formulation. A brief description of the formulation of

these elemqnts follows in the next two sections.

v

y
6.1.4.1 Dual Component Element — Beam-Column Model

\_ This element possesses both flexural and axial stiffness. Shear deformation can be
:.:counted for and finite rigid links can be used at the°ends of the members. The use
of rigid links forces the inelastic deformaj;ion to take place at the face of the adjoining
elements. _ .

The element is idealized as an elastic member acting in parallel with an elasto-
perfectly plastic element (see Fig. 6.4). This two-component parallel element has

been developed by qlo'ugh and Wilson'[28]. Yielding can occur only at the ends of
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the element. The four gossible states of flexural yielding of the inelastic element are

. filustrated in Fig. 6.5.

SK both components - ?
elasto-plastic component
i "-—-"_____-
© '__-,.-—-""-——/ - elastic component / '>
-
- N
- 4

~ Fig.6.4 Two-component element used to model befm-columns [28]

»
ylelding state of
inelastic slement stiffness matrix, ky
| }
L ke]=26L 12 1
(i) L |1 2
\ | j
. S ——. | Kky]=SEL ;O 1
[er]= 22 0 o
. | ] 1 ‘ ? ‘9
. Y. [kT]= SRR
, L oo
’ i | 00
Kyl=
DOm0} R
u [T] [0_ 0]

Fig. 6:5 Yielding states and stiffness h\fClela.stic component of parallel element.

To determine if yielding occurs in a column an axial load-moment interaction

diagram of the form shown in Fig. 6.6 is used. During ylelding, internal forces are
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constrained to remain on the interaction curve as illustrated by the loading excursions
shown in Fig. 6.7. Wh}ile the flexural stiffness is affected by yielding and the axial
load level, the axial stiffness is assumed invariant. This can lead to inconsistencies such
as resulting in an axial load in excess of the axial load capacity of a column.‘ This
condition has been checked in all the columns because its occurrence is definitely a sign
of severe column distress. Because of the formulation of the element, the hysteretic

7

response assumed for the columns does not account for stiffness degradation.
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Fig. 6.6 Use of axial load-moment interaction curve to determine yield point,
adapted from Reference [27] ; o
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Fig.6.7 Sample loading excursion with corresponding moment rotation response,
adapted from Reference [27]



6.1.4.2 Single Component Element — Physical Hinge Beam Mzdel

The beam element possesses flexural and axial stiffness. Shear distortion can be
accounted for as well as finite rigid zone at the ends of the member. \

The beam element consists of an elastic line element-in series with two inelastic
springs at the ends. The degrees of freedom for the springs are condensed at the element

level so that the resulting degrees of freedom are a rotation at each end and an axial

deformation (see Fig. 6.8).

Fig.6.8 Zlement degrees of freedom

The complete element- tangent stiffness matrix is formed by first inverting the
rotation stiffness matrix of the elastic line element into its flexibility form, then the

current"ﬁq%cibilities of the rotational springs are added. The flexibility matrix, £, takes

the following form:

1 5
fii + P fij
f= o\ ! 1 : (69)
fii fis + 7
]

-

where T"), fiiy fiiy fr5 are ﬂeJEibility influence coefficients, and &.*, k;? are stiffnesses
of the non-linear flexural springs.

Tfle resulting element flexibility is finally inverted to the current element tangent
stiffness matrix, k. Initially the inelastic springs are infinitely rigid and do not affect
the element stiffness matrix before yielding.

As for the dual component model, yielding can only take place at the ends of the

element but no interaction between axial load and moment is considered in determining
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yielding. All plastic deformations are introduced by means of the moment-rotation

relationships for the inelastic rotational springs.

6.1.4.3 P-A Effects - Geometric Stiffness

P-A is accounted for by subtracting the geometric stiffness from the element stiff-

ness as follows [19]:

kr =kr — kg (6.10)

The following linear approximation of the geometric stiffness, exact f;,/truss ele-

ments however, is used for all elements in the DRAIN-2D.

-

°

N[ 1 2 ,
ke = 7 [_1 ) (6.11)

where N is the axial-force component acting in the element and L is the element length.
In Equation 6.1l only the nzjyego shear terms are presented. The matrix is expanded
to a 6 X 6 matrix by additiorof Yows and columns of zero terms before addition to the

element stiffness matrix.

6.1.5 Damping Matrix .

1
Damping is modelled in two different forms. Hysteretic damping forces that are

in phase with the velocity but proportional to the “displacements are accounted for
directly at the element level whex; inelastic actions take plz;,ce._ Viscous damping is
assumed to model damping from non-structural components, friction and any other
sources . Because the basic energy-loss mechanisms in real structures are not yet fully
understood one relies on experimental methods to determine the damping in most
structural systems. Newmark and Hall [54] suggest a value of 7 to 10% of critical
damping for concrete structures at or just below yielding and 3 to 5%.at service load
levels. The NBC supplement [2] suggests a value of 5% of critical damping for concrete

A

structures.
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It is assumed in the solution process that the structure’s damping matrix is of the
Rayleigh type, i.e., can be represented by a linear combination. of the mass and the

stiffness matrices of the form ,

C=aM+a;Kr _ o‘. (6.12)

where ag and a; are scalar multipliers. ’ , -
The damping ratio as a percentage of critical damping for the nf» mode can be

expressed in terms of the scalar multipliers and the modal frequency w, as:

a | aw,
¢, = + . 6.13)
s " 2w, 2 (

If the damping ratios &,, and &, corresponding to modal frequencies w,, and w,

are known, one can calculate the proportionality factors with the following formula:

_ 2wy, wp, (wn Em — W fn)
= oy (6.14)
_ 47"(Tm ém —Tn fn)
== o {6.15)
- =2, sm. +2wn €, i
T s (6.16)
o . ‘— Tm Tn (Tm fn - Tn fm) (6 17)

=(Th - T3)
In all the analyses it was assumed that the modal damping ratios were equal for
the 1** and the n** mode of vibration, where n is the number of storeys. This damping

ratio was calculated by an iterative procedure to find a damping ratio close to 5% of

‘P critical damping at the code specified period, but was not allowed to be greater than

8.5% of critical damping.
. \

6.2 REFINED HYSTERETIC MODEL

o

A refined hysteretic model was developed in order to more accurately model the

response of reinforced concrete members. ’R@ﬁs was necessary due to the significant

Fs
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strength dégra.da.tion, stif;fness degradation and pinching of the response relationship
observed in experimental responses of beam-column connections. In particular in this
study specimen Old K1.3 exhibited a drop in capacity of about 50% and severe pinching
of the response curves due to shear distress, fyond—slip of the longitudinal beam bars as
well as buckling of the bottom flexural bars in the beam.’ '

The multi-linear hysteresis model which was developed to account for the above
effects is described below by a series of 19 response Rules (see F'ig. 6.9):

R1. [Elastic stage.] Loading - if M (p) < M(Y1/Y2), go to step R1; otherwise

8o to step R2. Unloading and load reversal - go to step RI1..
R2. |[Loading on the primary curve after yielding.] Loading - If rotation
greater than specified maximum rotation then calculate drop in strength

. from specified strength degradation slope (as a per cent of post yield

slope) and go to step R2. Unloading - save point U; /U; and go to step

R3

R3. [Unloading from point U, /U; on the primary cuwe} tLoading —if M (p) <

M(U,/U;), go to step R3; otherwise go to step R2. Unloading - go to

step R3. Load reversal — save reversal point R; and go to step R4.

R4. [Loading from reversal point R, .after rule R3.] Loading - if M(p) <
M(Uy), go to step R4; otherwise go to step RS. Unloadsng - save uln-
loading point Ug and go to step R16. -

R5. [Loading toward point U; /U, on the primary curve.] Loading -if M (p) <
M(U,/U,), go to step R5; otherwise go to step R2. Unloading — Save
unloading point Us and go to step R6.

R6. [Unloading from point Us after rule R5.] Loading - if M(p) < M(Us),
go to step R6; otherwise go to step R5. Unloading — go to step R6. Load ’
revcr%al ~ Save reversal point R, and go to step R7.

R7. [Loading from reversal point R, after rule R6.] Loading - if M(p) <
M(Uq), go to step R7; otherwise go to step R8. Unloading - save un-
loading point Ug and go to step R17.

R8. [Loading toward point U;/U; (opposite rule R4/R5).] Loading - if

AN
=

s
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Fig.8.9 \Reﬁned hysteret}i;: model for reinforced concrete members

M(p) < M(Uy/U;), go to step R8; oi;her';vise go to step R2. Unload-
ing — save unloadirlg point U, ;a.nd go to step R9.
* R9. [Unloading from point U, after rule R8. Loadirig - if M(p) < M(U,),
‘ ‘ k go to step RY; otherwise go to step R8. Urloading — go to step R9. Load

4

¢
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reversal — save reversal point Rs and go to step R10.

R10. [Loading from reversal point Ry after rule R9.| Loading - if M(p) <

M (Us), go to step R10; otherwise go to step R11. lfnloadz'ng - save

unloading point Uy and go to step R18. .
R11. [Loading toward point Us.] Loading —if M(p) < M(Us), go to step R11;
7 otherwise go to step R5. Unloading — save uploading point. Us and go to
step R12. '
R12. [Unloading from point Us after rule R11.] Loading ~ if M(p) < M(Us),
go to step R12; otherwise go to step R11. Unloading - go to step R12.

Load reversal - save reversal point R, and go to step R13.

R13. [Loading from reversal point R, after rule R12.,| Loading - if M(p) <

- M(Ur), go to step R13; otherwise go to step R14. Unloading - savé

unloading point? Uy and go to step R19.

R14. [Loading toward point U4.]' Loading —if M(p) < M(Us), go to step R14;

otherwise go to step RS. Unloadmg - save unloading point Ua and go to
step R15

R15. [Unloading from point U; after rule R14.] Loading — if M(p) < M(Us),
go to step R15; otherwise go to ste:p R14. Unlogding - go to step R15.
Load reversal - save reversal point Rg and go }:\o step- R10.

R186. [Unloading fro;n point Us after rule R4.] Loading - if M(p) < M(Us),
go to step R16 otherwise go to step R4. Unloading — go to step R16.
Load reversal — save :eversa.l point Rg and go to'step RS.

R17. [Unloading from point Us afterrule R7.] Loading — if M(p) < M(Us),
go to step R17; otherwise go to step R7. Unloading — gé to step R17.
Load reversal — save reversal point E; and go to step R11.

R18. [Unloading from point Uj after rule R10.| Loading,~ if M(p) < M(Us),

*go to step R18; otherwise go to step R10. Unloading - go to step R18.

Load reversal — save reversal point RBg and go to step R14.

R19. [Unloading from point U after rule R13.] Loading - if M(p) < M(Us),
go to step R19; otherwise go to sf;ep R13. Undoading - go to step R19.
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Load reversal — save reversal poirit Ry and go to step R11. 1

o

-

6.3 ESTIMATING DAMAGE B
s i

6.3.1: Member Damage

~

In order to estimate member damage both “rotational ductility” and “curvature
ductility” will be used in this study. These two approaches are discussed below. -

a) ‘Rotétional ductility demand — Rotational ductility demand, g, is defined as
the ratio of maximum fotation reached in a member, 8,,., to the yield rotation 4,

sce Fig. 6.10. That is: . ;

. o a 0maz .
g = (6.13)
g, .
h:3
momoqt_l‘ - )
. s 2
* \ op ] ’
1
My - s E Mmax :!
' : ;
| |
.. 0 | !
Po =2 i i
y : & :
i 3 i o
9, amtx Oy

rotation

Fig.6.10 Definition of rotational ductility demand

(-

3 -

: . - 1$i ! .
The assumption of anti-symmetric bending of the element (seekF‘ig. 6.11) permits
- Q

.;n estimate of the yield rotation, 6, as follows:
M,L.
6ET -

o
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Fig.8.11 Definition of yield rotation

where M, is the yielding moment corre;sponding to 6,5 L is the length of the
4] B
member and ET is the flexural stiffness prior to yielding . Hence the rotational ductili/

can, be written as:

L

@

) SRR S S
Hoe = 7%, 5 " M,L/6EI

where 0, is the plastic hinge rotation (see Fig. 6.10). Equation 6.19 is convenifnt since

(6.19)

DRAIN-2D determines the plastic-hinge rotation in every element that is yiélding at
each time step.
The assumption of a constant 8. due to anti-symmetric bending is valid when

only lateral load is acting. When gravity load is also acting 8§, will vary with time.

This definition of ductility is not appropriate for columns where the value of M, is
not consta.;1t but- varies with the level of axial load. In spite of these limitations the
rotationa¥ ductility gives some indication of the relative amount of inelastic action
displayed by different members.
a) Curvature ductility demand — Since curvature ductility demand depends on the
sectional response only it can be dp{ermiqéd for a given applied moment, M,, ,., if the
®

. o

moment-curvature response is known. It is defined as the ratio of maximum curvature

to yield curvature as shown in Fig. 6.12. Hence - »
[‘¢ = ¢maz (6.20)
by

In the “elastic” range , i.e., prior to yielding, where M,,.. < M, the curvature

t

¢ [N

ductility demand is less than l.O%nd can be expressed as:

-
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o Fig.6.12 Definition of curvature ductility demand
¥ .
@’
. Mmaz y
By = - (6.21)
M, .

o

~== In the inelastic range where My, ,, > M, the curvature ductility demand is defined

as the ratio of the moment that would exist if the member had remained elastic, M.,,

c to the yield moment, M, and can be writtep:
€ Mel Mmaz - My
e =_ =] ————— 6.22
V3 o3, (6.22)

where p is the ratio of the post yield stiffness to the initial elastic stiffness. This metpod ‘

is expected to give good estimates of curvature ductility. -
6.3.2 Structural and Non-Structural Damage

The estimation of structural and non-structural damage of a building subjected to

a numbeér of different acceleration-time histories is a difficult task. Da.pzage depends
on the‘type of structure, the s:peciﬁc details of the structural components, the type
of non structural components (partitions, wiﬂndc;‘;w?s etc.), the quality of construction

° and maintenance, history of previous events and the duration of motion. The 1971
San-Fernando earthquake provided a larée amount of data on t}}e seisxqic performance
Péf buildings in the Los Angeles area. Th;studies,done by Hasselman and Wiggins

( [§0] are particularly useful in estimating the correlation between interstorey drift and

4 i
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expected structural and non-structural damage. The methods suggested by Hasselman
and Wiggins are used in this stﬁdy and are summarized below.

This approach uses Bayesian statistics to combine actual earthquake damage data
with estimates of structural damage. The actual earthquake damage for a number of
structures following the 1971 San Fernando earthquake was transformed into damage
ratios. The damage ratio, DR, is defined as the repair cost divided by the replace-
ment cost. The authors categorized the types of buildings into three groups, i.c., steel
fra.mell;uildings, reinforced concrete frame buildings and reinforced concrete shear-wall
buildings. Each category was further subdivided into three different sub-categorios
_(good, average and poor) accor(iing to the quality and year of construction. In order to
develop a relationship between damage ratio and interstorey drift, regression analyses
were first carried out on the available damage data (mostly low damage states) and was
corrected by prior estimates c_lone by experts for higher damage states. The resulting
damage ratio vs interstorey drift relationship which is assumed to be linear on a log—lo'g

.

plot is given as:

log DR, — log DR,
log A, —log A,

) (log A —log &) r(6.23)

log DR =log DR, + (

In the above relatibnship DR is the damage ratio, A is the interstorey drift to
storey héight ratio, DR, is the damage threshold of 0.5%, DR, is the damage threshold
of 50%, A, is the interstorey drift to si;orey height ratio corresponding to DR, and
A, is the interstorey drift to storey height ratio c.orre‘ponding to DR,. Hasselman
and Wiggins reported good correlation between their pfedicted damage ratios and the
actual observations of damage in a number of structures after the 1971 Sar; Fernando
earthquake.

The term A, was taken as 0.00085 as recommended by Hasselman and Wiggins(80].
In this study the quality of construction for the reinforced concrete frame structures was
judged to be“good” for K=0.7, “average” for K=1.3 and “poor” for Old K=1.3. These
qualitative categories were arrived at by comparing the overall structixral responses

of the specimens tested and by comparing the Canadian Code requirements with the

-
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corresponding requirements used in California. The term A. which depends on the
[ 3

quality of construction and the ‘duration of motion were determined for the Montreal
and Vancouver struétures for the different levels of peak ground acceleration. These
values are based on the relationships given by Hasselman and Wiggins [80] for assumed

values of earthquake magnitudes and are given in Table 6.1.

Table 6¢. :A, Used to Estimate Damage

“ Location K Peak horizontal ground A,, mm/mm
acceletation, ¢
Montreal *0.7 0.27 ~  0.0934
’ 0.18 0.1540
. 0.078 0.2540
, L3 0.27 0.0323
' 0.18 0.0532
fe \ 0.078 . 0:0878
Ol 1.3 0.27 0.0081
v’ ’ 0.18 0.0133
‘ 0.078 T 0.0219
Vancouver 0.7 0.27 ( 0.0567
/ 0.18 | 0.0934
0.078 0.1540
§ 1.3 0.27 0.0196
- 0.18 0.0323
0.078 . 0.0532
. Old 1.3 0.27 - 0.0049
0.18 0.0081 °
0.078 0.0133

In assessing the predicted damage ratios it is helpful to realize that a damage
ratio of 50% represents significant damage and would likely result in the building being
replaced.

An additional consideration in assessing the damage to structures is the resulting

da.mage to windows. The equation for the wifidow damage ratio DR,, as given below

was derived from a log-log plot from reference [81].

log DR, = 2.35log A + 6.3 B (6.23)
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'in which A is the interstorey drift. Ualike the structural damage ratio the \*inndow

damage ratio as given by Hasselman, Eguchi and Wiggins [81] is a function of the drift

index only. -
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"CHAPTER 7

EVALUATION OF PREDICTED RESPONSES

. i

© l This chapter presents a summary of theresponses of the three Montreal and the

q three Vancouver buildings. Each of these six-storey buildings was subjected to three

different levels of peak ground accelerations. For each level of acceleration there were

three artificially generated accelerograms as well as the 1940 Nortl&-South El-Centro
accelerogram scaled appropriately.

Table 7.1 presents the peak horizontal ground accelerations used to scale the dif-

ferent accelerograms to obtain the “service”, the “design”, and the“ultimate” motions®

Table 7.1 Peak Ground Accelerations

Peak Ground Acceleration, g

Region Service Design Ultimate
Montreal 0.078 0.180 0.270
Vancouver 0.089 0.2)1/0; 0.315
Ed

In the non-linear analysis the éﬁ'ects of the dead load and the live load were first
dettrmined. The live load was taken as the full unfactored live loading reduced by the
live load reduction factors of the National Building Code of Canada [2]. ﬂ

Due to the large number of figures required to summarize the response predictions:,

these figures are presented at the end of the chapter for all 6 structures analyzed.

-

7.1 ROOF DISPLACEMENT TIME HISTORIES

: A
Figures 7.1 to 7.6 present t?e roof displacement time histories for the three Mon-

treal structures and the three Vancouver structures for the three different levels of peak
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I ) horizontal ground acceleration. Tables 7.2 and 7.3 summarize the results in the form of
the maximum predlcted roof displacements and a.pproxxmate structural periods. It is

| xnterestmg to note that even with significant inelastic action occurring for the highest

level of ground acceleration the resulting displacements' for the different acceleration

// . time histories are approximately proportional to the levels of acceler.ation. As can be
seen from Table 7.2 and Table 7.3 there was no significant chznge in the period for dif-

ferent levels of acceleration. The slightly higher periods for the K1.3 and the Old K1.3

structures reflect the influence of joint deformation, bond-slip and shear distortion.

7.2 LOCATIONS AND TYPES OF PLASTIC HINGES

- In the analyses the time histories of all member responses and the degree-(')f inelastic
action were saved at each time step. Figure 7.7 i‘llustra.tes the deformed sﬁapes and
.the corresponding locations and types of plastic hinges; at three different times for the
K=0.7 Montreal structure.

In order to summarize the Jarge amount of data concerning the locations and types

"

3

“t
oy
p.

of plastic hinges the aggregate of all inelastic actions for the most critical motion is
presented for each structure. ‘

As can be seen from Fig. 7:8a and 7.9a only flexural hinges formed in the beams
in the K=0.7 structures as expected. While there was no yielding of the columns in
3 the Montreal structure some yielding is predicted to o‘ccur at the base of the columns

for the Vancouver structure. i b ' °
Figures 7.8 b and 7.9b illustrate the locations of plastic hinges in the K=1.3 struc-
tures. As can be seen there are a large number of connections where yielding of the
joint reinforcement has taken place. These hinges formed mainly in the top storey due
. to the low level of axial lc))a.d in these columns. In addition a few flexural hinges devel-
oped in the beams and some yielding occurred’a.t the column bases in the Vancouver
structure. ] )

Figures 7.8c and 7.9c illustrate that a large number of joint yielding occm:red
in both the Montreal and Vancouver structures as weil a\'s,somq,ashear yielding in the
\@ interior bay beams in the Vancouver structure. This shear distress in the beams in
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( the interior bay is caused by the larger shear in this relatively short beam and by the

presgnce of only minimum shear reinforcement.

-

7.3 _ENVELOPES OF LATERAL DISPLACEMENTS

' - The‘ envelopes of lateral displacements for the six structures studied are presented
“ in Fig. 7.10 to 7.15. As can be seen from these envelopes the first mode dominated

except for some higher mode effects in the upper two storeys as expected. It is evident

that the maximum responé;e depends strongly on the motion since a wide range of en-
veiopes is predicted for each level of ground motion. Powell and Row [50] have made the
same observations concerning the importance of the ground motion characteristics on
the response. A summary of the predicted maximum roof displacements and predicted
pex-'iods'is presente;i in Tables 7.2 and 7.3. ‘

Table 7.2 Predicted Approximate Periods and Maximmum Roof Displacements for Montreal Buildings

K Peak horizontal ground Approximate period Maximum roof

- acceleration, g T, sec displacement, mm
( N 0.7 0.27 1.83 125
0.18 1.83 83
0.07& 1.83 36
13 0.27 210 *© 178
0.18 2.10 118
0.078 2.10 51
Old 1.3 0.27 2.13 178
0.18 2,13 . 118
0.078 2.13 51

° . ~

£
7.4 INTERSTOREY DRIFTS AND DAMAGE ESTIMATES

’

Figures 7.16 to 7.21 show the envelopes of the interstorey drift index (i.e., the ratio

~

of the interstorey drift to the storey height) for the six structures studied. Also shown
in these figures is the interstorey drift ratio, A/h,corresponding to the 1 /200 limit
recommended in the supplement to the 1985 National Building Code of Canada [2]. As

‘ expected there is considerable variation in the drifts depending on the characteristics of
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Table 7.3 Predicted Approximate Periods and Maximum Roof Displagements for Vancouver Buildings

) ¢ 3

K Peak horizontal ground Approximate period Maximum roof
acceleration, ¢ ) ' T, sec displacement, mm
0.7 0.27 1.81 212
0.18 1.81 141
0078  ~ 1.81 60 R
1.3 027 | 2.12 \ 231
0.18 2.12 154
0.078 2.12 65
Old 1.3 0.27 2.33 230
0.18 2.33 154
2.33 65

0.078

"the ground motions. The K=0.7 structures display essentially a flexural type response

with the interstorey drift increasing toward the base. The K=1.3 and the Old K=1.3

structures display larger drifts in the middle storeys probably due to the signiﬁzlt
"

contribution of joint shear distortions and bond-slip to the response. It is intcrestiug

% A

. to note that for the lower level earthquakes all of the structures displayed mgximum

interstorey drift ratios, A/h, less than about 0.003. At the design level of earthquake

the K=0.7 structure displays a maximum interstarey drift ratio of about 1/200 while

___the K=1.3 and Old K=1.3 structures have drift ratios considerably greater than 1/200.

The maximum and average structural and window damage ratios for the Montreal and

Vancouver structures aré presented in Tables 7.4 and 7.5,

Table 7.4 Damage Estimates for Montreal Structures

Peak horizontal ground

Structural damage, %

Window damage, %

K acceleration, g Aferage '  Maximum Average Maximum
0.7 0.27 13.0 14.5 12.5 19.4
0.18 . 9.9 10.9 4.8 7.4
0.078 6.6 7.3 0.7 1.0
1.3 €021 22.0 " 238 33.1 37.6
0.18 14.8 5.7 11.8° 14.7
- 0.078 8.7 © 9.2 1.6 2.0
Old 1.3 0.27 53.0 62.3 28.5 39.6
0.18 25.5 - 279 11.8 14.7
0.078 11.0 11.8 1.8 2.0
} “ 4 .
- . \
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Table 7.5 Damage Estimates for Vancouver Structures

Peak horizontal ground Structural damage, % Window damage, %

K acceleration, g Average Maximum Average Maximum
0.7 0.315 17.5 20.5 28.3 . 50.0
0.21 13.6 15.0 15.5 23.0
0.089 8.4 9.2 2.1 3.0
1.3 0.315 32.9 37.2 52.3 ' 73.5
0.21 19.9 22.1 20.7 - 20.6
0.089‘\ ’ 10.4 1.5 2.7 3.9
Old 1.3 0.315 97.5 100.0 53.5 76.4
0.21 - 46.8 55.1 20.8 29.3
o.oacﬁ 15.1 15.1 2.7 2.7

©

The variation of the damage ratios over the height of the structures is related to the
variation of the interstorey drift. As can be seen from Ta.blesj'ZA and 7.5 there is signif-
icantly higher structural and window damage as the “ductility” assumed in the design
decreases. The old K=1.3 structures for both Montreal and Vancouver are predicted to
be so severely damaged under the “ultimate earthquakes” that total reflacement of the
structure will likely be necessary. The K=1.3 si:.ructures in Montreal and Vancouver
are predicted to sustain average structural damage ratios of 22% and 33% respectively
for the “ultimate earthquakes”. The predicted window damage is considerably higher.
The K=0.7 structures are predicted to sustain relatively light structural damage for
the “ultimate earthquakes” with some significant window damage.

It is interesting to note that considerable structural and window damage is pre-
dicted to occur in the Old K=1.3 structures under the “design” earthquakes.

As expected, for the relatively low level earthquakes that may occur several times
during the life of the structure very little structural and window damage is predicted
and the damage is not strongly effected by the quality of construction and the choice
of K used in design. For earthquakes exhibiting higher peak ground accelerations
with a lower probability of occurrence during the life of the structure the quality of
construction and the choice of K used in design have significant effects on the predicted

damage levels.
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7.5 INELASTIC DEFORMATION AND FLEXURAL STRENGTH DEMANDS

Because very little inelastic cieformation occurs in Vthe columns (only at the column
bases of the Vancouver structures as shown in Fig. 7.8 and 7.9) we will describe in
some detail the predicted inelastic deformations in the beams. The predicted curvature
ductilities and plastic hinge rotations for the six dxfferent structures are lllustmted in
Fig. 7.22 to 7.27. The curvature ductility and rotatxonal ductility values are ca.lculnt;ed
using the expressiorns giyen: in Section 6.4. Due to the definitions of these terms they
both give the sﬁv%:’of “ductility” before yielding but give very different values

after yielding. The ma¥imum plastic hinge rotations and the cumulative plastic hinge

- %
rotations give the same values only if a single inelastic excursion has taken place. If

the cumulative plastic hinge rotation is significantly higher than the maximum plastic

rotation then this indicates that there have been a number of inelastic excursions.
1 ]

The predicted inelastic deformation demands on the beams for the K=0.7 struc--
tures-(see Fig. 7.22 and 7.27) indicate that significant yielding has taken place in the
beams of the bottom two storeys and that some beams in the upper storeys are close to
ﬂexura.l.yielding. It is important to note that specimen K0.7 displayed a hinge rotation
capacity of at least 0.090rad. Paulay [12] has determined that a well detailed beam can
sustain a minimum plastic hinge rotation of 0.035 rad. It is clear from these figures that
the K=0.7 structures are capable of providifig the necessary plastic hinge rotations. It
can be seen that the beams in the K=0.7 structures do not undergo flexural yielding
when subjected to lower level earthquakes. The beams are however close to flexural
yielding for the “designf’ earthquakes. .

In the analyses of the K=1.3 and Old K=1.3 structures the effect of the bond-slip
of the longitudinal bars anchored in the joint and the effect of shear deformation of
the bea.ms was included in the flexural hinge propertxes Therefore the hinge rotations
plotted for these cases include these two effects. This explains why there are predicted
}Ixinge rotations even though no flexural yielding‘ is predicted. In assessing t.he perfor-
mance of the beams it is therefore necessary to realize that the fexural con:;ponentaef

these rotations is about 50% of the total hinge rotation predicted. Test specimens K1.3
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and Old K1.3 displayed plastic hinge rotation capacities of 0.063rad and 0.018rad re- -

spectiv:ely. It is evident from the predicted h}ngeorotations in Fig. 7.23, 7.24, 7.26 and
7.27 that they are considerably les; than those required to cause failure. However it
must be emphasized that in the K=1.3 and Old K=1.3 structures significant s!;ructural
damage was predicted (see Tables 7.4 and 7.5). ’

If the responses for the three Montreal structures and the responses for the three
Vancouver structures are compared for the “ultimate” earthquake then it is evident
that the V?,ncouver structures require rotations that are about 4 times larger than
those predicted for the Montreal structures. It is interesting’ffo note that the maximum

hinge rotations are about the same for the Old K=1.3, the K=1.3 and the K=0.7
[

structures, i.e., about 0.002 rad for Montreal and“about 0.005 rad for Vancouver.

7.6 LATERAL FORCES AND SHEAR STRENGTH DEMANDS

Figures 7.28 to 7.33 illustrate the predicted column shears for the four differerit
earthquakes, the factored static design bcolumn shears and the predicted column shear
capacities. The figures compare the above values for exterior and interior columns
~ for three different levels (i.e., “ultimate”, “design” and “service”) of earthquakes. The
stati¢ design column shears given in these figures correspond to the factored earthquake
lateral loads (1.5Q) and do not include shears dueto live load and dead load. .

It is evident fror(;:lx Fig. 7.28 to 7.33 that the shear capacities of both the interioff
and exterior columns are significantly greater than the shem predicted at each storey
‘level for all the buildings. The shear capacities were det;ermined using the procedures
described in Chapter 5 and accounted for the combined effects of shear, axial load 1
and moment. As can be seen the shear ca;pa.citgies increase toward the bottom of each
structur¢ due to the increasing levels of compressive axial load. In the dete:.rmination of
the shepr capacities axial loads corresponding to 85% of the dead load were assumed.
It is goted that the first storey columns for the K=0.7 structufes have significantly
‘higher shear capacities than the columns in the upper storeys du; to the presence of

confinement reinforcement over the entire clear storey height of the first storey columns.

L2 . '1:11



The column shears predit:ted using non-linear dynamic analysis for the “seryice”
level earthquake (i.e., with a horizontal peak ground acceleration of about 40% of th;a
acceleration corresponding to a probability of exceedance of 10% in 50 years) are about
equal to the factored static design shears in the first storey columns. It is noted that
the non-linear dynamic analyses give column shears larger than the coxpputed factored
earthquake shears for the “design” and “ultimate” motions. As mentioned above the
shear capacities of the columns are much larger than the shear resulting from the non-
linear analysis. Tﬂe only columns that experienced flexural yielding were-those at the

base of the K=0.7 structure in Vancouver. One factor which increased the capacity of

the column in booth shear and flexure was the use/of propablesesjstances for the concrete
.and the steel. Another factor which influence the~ﬂex ral capa¥ity of the ¢olumns was
the need Yo provide minimum amount of longitudinal finforcement which governed
the choice of the longitudinal steel.

It is noted that it is possible with some K=1.3 and pld K=1.3 st;uctures that the
columns may yield before the beams /a.ﬁ_(ﬂ!lis may cause significant damaging storey

drifts possibly only in one storey. This could result in very little energy dissipation and

possible collapse for very severe earthquakes. _

1.7 -INFLUENCE OF COLUMN SIZE ON THE RESPONS

14
In order to investigate the influence of the size of the colummg on the response a
design was carried out on the Montreal structure designed with K=1.3 which resulted

in smaller columns. For this structure all the columns were chosen to be 450 x 450 mm

. instead of 500 X 500 mm. Due to the smaller dimensions of these columns the longitu-

'dinal reinforcement in the interior ground floor columns had to be increased to 2.4%.

In this desiggn the columns were stronger than the beams. The'results of the non-linear
dynamic ;ma.lyses [82] ‘are summarized in Fig. 7.34. It is interesting to note that the
reduction in column size for the interior columns has led to an increase in the number
of joint hinges from just fou at the top storey to a total of ten as shown in Fig. 7.34 a.
The. large amount of longitudinal reinforcement in t}}e first storey éolumns pre;'ented

joint hinges from forming at the firgt storey level. The reduction in column size led to
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arn increase of 16% in the top storey deflection (see Fig. 7.34b) and a 25% increase in
the interstorey drift of the first floor level (see Fig. 7.34c¢). This 25% increase in the
interstorey drift results in a significant increase in the structural and non-structural
damage estimates. In addition the shear in the interior column at the first storey level
doubled (see Fig. 7.34d). The results of this study emphasize the need to avoid yield-
ing of the joimts by choosing sufficiently large columns and by provi:iing sufficient joint
reinforcement. The sensitivity of the responses to joint yielding creates greater concern
about the adequacy of oldgg structures in rz;isth}g significant earthquakes.
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CHAPTER 8 "
¥

DESIGN RECOMMENDATIONS AND CONCLUSIONS\‘

The design recommendations and conclusions obtained from the test results and

the non-linear’'dynamic analyses are given below:

1) The tests clearly indicated that the reinforcement in the slab contributes signifi-

_ cantly to the response by increasing the beam strength and reducing the negative

moment ductility of the beam. If this effect is not accounted for in the design pro-
cesz\then the ratio of the column strength to the beam strer,lgth may be different
than that assumed. This may lead to “weak-columns” and “strong-beams” which
could alter the failure mode and significantly reduce the overall ductility of the
structure .

A ;imple method of determining the “effective width” of the slab, which accounts
for the role of the spandreal beam, is presented . The spva.ndrel beam transmits
eccefltric tensile forces from the slab reinforcing bars by torsion in the spandrel
beam to the column joint region . With increasing negative moment in tl}e main
beam, the torsions in the spandrel beams will also increase. Therefore when tor-
sional yielding occurs the torsional stiffnes drops, thus limiting the nurxibér ofslaB

bars that are effective. The gffective flange width predicted by this method agreed

reasonably well with the test results. The resulting effectix;e flange width can be

significantly greater than 3 times the slab thickness, as suggested in the 1984 CSA
Concrete Code [3]. ‘

A simple method of designing the shear reinforcement in the joint is proposed. This
method accounts for the flow of the forces from the beam and slab reinforcement

into the jointb region. The forces from thAbeam reinforcement are transmitted,
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in shear, directly into the joint while the forces from the slab reinforcement are

transmitted by torgional shear flow into. the side faces‘ of the joint region. This
method was verified by comparing fhe predictions with th_e test results of this
experimental programme and with the test results of other researchers.

The CSA‘Concrete Code {3] should be more specific in requiring that all joints
be designed to resist at least thg_f;itored shear. The test results indicate that
joint yielding can occur prematurely in structures designed with K=20, K 13
The large number of joint failures observed in the 1985 Mexican carthquahe [83]
strongly emphasizes the need to address this problem.

The test specimen which was designed and detailed fo: K=1.3 a(‘(‘()rdip'g to the
provisions of the 1977 [62] Canadian Concrete Code (i.e., corresponding to K 20
in the 1984 Code) displayed significant shear distress in the beam and severe
buckhng of the longitudinal beam’bars: This test specimen exhibited a puim
hysteretic response and a severe drop in load carrying capacity alter :u‘hu,v\l'ng @
displacement ductility of about 2.8.

The test specimen which was designed and detailed with K=1.3 had a column
which was stronger than the beam and contained shear reinforcement in the joint
which was capable of transfe‘rring the shear resulting from yicldingwof the beam

bars passing into the joint. It is-noted that this amount of shear reinforcement

was greater than that required in the current Canadian Concrete Code. The

" nominal detailing requirements of the Code resulted in excellent performance of

the beam but the specimen failed by yielding of the reinforcement in the joint at
a displacement ductility of 5. ‘

The test specimen which was designed and detailed with K=0.7 performed very
well and achieved a dxsplacernent ductxhty greater than 8. The additional hoops
provided in the plastic hinge reglon were effective in preventing buckling of the bot;
tom longitudinal ‘bearn bars and served to confiné the conérete in the compression
zone. The moments and shears in the columns were well below yielding.

The computer programs de\}eloped to analyze the response of reinforced concrete

members subjected to ixia;.l-load, moment and shear were capable of accounting
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» for the combined ﬂoading effects, the compilete stress-strain relationship for the

-1 o o ot
| N reinforcement, the non-linear stress-strain relationship for the concrete including
r

. \
confinement, non-linear strain distribution in flanged sections, and spalling of thes

| concrete cover. These,programs enabled the axial-load-moment interaction dia-

Iy

grams, as well as moment-curvature responses to be predicted . In addition these

programs enabled complete flexure-shear analysis of the beams in order to predict

the shear and flexure deformations. The predictions of the responses agbeed very

well with the experimental observations. . > .

9) As other researchers have found, the non-linear dynamic responses depend*largely

on the details of the ground motions, with ground motions having simir?n\general

| characteristics giving different responses. Because of the large variation in the

i - responses the results of the non-linear dynamic analyses are evaluated as a range
' of possible responses from the different earthquake motions.

| 10) As observed, by other researchers it was found that the maximum roof displace-

ments predicted for all six structures for the non-linear responses were approxi-

{ mately equal to the displacements predicted by the linear responses for the same

motion.

11) The Montreal anci Vancouver structures which were designed and detailed for

K=1.3 according to the provisi(;ns of the 1973 Canadian Concrete Code (i.e., cor-

responding to K=2.0 in the 198¢ Code) displayed large interstorey drifts. These

large drifts were due mainly to the significant shear distortions of the joint regions

R in the lower storeys, yielding of the joint regions in thg upper storeys and flexural

yielding in some beams in the first two storeys. In the Vancouver structure the

N shorter interior beams also yielded in shear and would have 2.150 displayed signif-

|
; icant buckling of the longitudinal beam bars. It is noted that the shear design
|

for these beams was governed by minimum shear reinforcement requirements. Al- -

though many of the older designs may not have included shear reinforcement in the
joints, the joints of these structures contained three sets of #3.ties (exther three
or four legs). The\Iarge predicted interstorey drifts together with the “poor” con-
( struction quality classification assigned to these b}lildings, resulted in very large
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L4 .
structural damage estimates for the most severe earthquakes investigated. It is

emphasized that considerably more damage or even collapse of these structures
would have been predicted if ties‘in the joints were not provided. )

The Montreal and Vancouver structures which were designed and detailéd for
K=1.3 according to the 1984 Canadian Concrete Code [3] had columns which were
stronger than the beams and contained joint reinforcement sufficient to permit
yielding of the beam reinforcement. The reinforcement provided in the beams
to achieve a level of “nominal ductility” as required by_the Code prevented any
shear problems in the beams. ’I{e responses of these structures were similar to

the responses of the older structures %scribed Above. The large interstofey drifts

were due mainly to large joint shear distortions and to flexural yielding of some

- beams in the first two storeys. Although the interstorey drifts were similar to those

13)

14)

predicted for the older structures-designed with K=1.3| the “average” construction
qualit:y' cfassification due to the “nominal ductity® details resulted in signilimixt.ly
less structural damage than that predicted for t;;}older structures.

The predicted responses of a Montreal structure designed with K=1.3 but with
slightly small Jeolumns resulted in a significant increase in the number of joint
hinges together with an increase in interstorey drifts . This study undcrlincs.t.he
need to properly, design the joints for shear and raises concern over the the ability
of older structures, with little or no shear reinforcement in the joints, to withstand
moderate or large earthquakes. '

The Montreal and Vancouver s;tructure;z which were designed and detailed for
K=0.7 accor"ding to the 1984 Canadian Concrete Co&de [3] satisfied the requirex%ents
co‘rresponding to ductile moment resisting frames. These structures displayed
smaller intel?;torey drifts than the K=1.3 structures due to the insignificant joint
shear distortions, the absence of any shear problems in the beams and the ability
to dissipate large amounts of energy. The small interstorey drifts together with the
“good” construction quality, assigned to these well detailed structures, resulted in

-

very light structural damage. ,

15) The test results and the non-linear dynamic analyses indicate the improved perfor-
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mance of the structures designed according to the 1984 Canadian Concrete Code

[3] Structures desxgned with K=1.3 performed significantly better tha.n structures

designed with K=1.3 from previous codes. Farther research is currently being car-

. ried out at McGill University to 'investigate the response of structures designed

16)

»
with K=1.3 having columns weaker than the beams and with only minimum'shear

reinforcement in the joints.

Further research is needed to study probIen:-ls associated with existing buildings

that do not satisfy the requirements of qurrent codes and to study practical solu- -

tions for upgrading older concrete structures. ° K

. -
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STATEMENT OF ORIGINALITY

4

The original contributions described in this thesis include:

Three fuil-scale beam-column-siab subassemblages representing an exterior con-
nection of the Montreal structuTes were built and tested under reversed c)_'clic
loading. It is noted that two of the spécimens were tested by S. Rattray as part

—

of this research programme.
A method was developed to determine the eff'ective width of the slab ac\txng with
the beam to resist flexure and to determine the shear reinforcement required in
beam-column joints. ; N

Computer programs were developed to predict the response of reinforced conerete
components subjected to axial load, moment and shear. These programs compared
well with the experimental results and were used to model the hysteretic responses
in tHe non-linear dynamic analyses. ,

A multi-linear, reversed cyclic loading, hysteretic model was developed in order
to include the effects of strength and stiffness degradation as well as pinching of
the hysteretic resppnse.; This modéi was incorporated in the computer ;)rogram )
DRAIN-2D for the non—lineir dynamic analyses. Y

A'total of twelve non-linear dynamic analyses were l;erformed for each of the six
structures. A study of these responses enabled the performance of these different
structures to be compared.

S’ﬁggestions are given for code improvements and the poor performance of older

structures is demonstrated.

189




APPENDIX A

ANALYSIS RESULTS USED FOR DESIGN

Al SNOW LOAD

The snow load on the ground is prescribed to be 2.7 kPa for Montreal and 1.9 kPa
for Vancouver. A 20% reduction as allowed by the Canadian Code [2], for a horizontal
roof unexposed to wind, wls used in calculating the snow load on the roof.

A2 DISTRIBUYTION OF WIND LOADING

Horizontal wind pressufe and suction was calculated according to the simplified
method of the National Building of Canada [2]. The specified external pressure and
suction due to wind were calculated from the following relationship: ¥

1

p=4qC.C,C, c (A.1)

in which p is the specified external pressure acting statically in a direction normal to
the surface, q is the reference velocity pressure, C, is the exposure factor, C,; is the
gust factor and C, is the external pressure coefficient. Equivalent static-lateral loads
were calculated at each floor by multiplying p by the corresponding wall area exposed
to wihd.

Y

A3 DISTRIBUTION OF EARTHQUAKE LOADING o

The recommended static lateral load method of the National Building Code of
Canada was used [2]. The lateral seismic force, V, was calculated from the following
formula: -

V=vSKIFW" : (A2)

o

in which v is the zonal velocity ratio, S is the seismic responsé factor, K is a constant
that reflects the material and type of construction as well as ductility, I is the impor-
tance factor, F is the foundation factor, and W is the dead load plus 25 per cent of the
snow load. In all the analyses I and F were taken as 1.0.

A4 ANALYSIS

The static analyses were carried out using the CMPT FRAME analySis package.
The results of the analyses are presented in the following pages in tabular form.
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Table A.1 Distribution of Wind Loading Over Height for Montreal Buildings

L
L v h F
Floor h, m p, kN/m? F., kNt —é’—, kN t
, Roof 23.10 1.03 ,79.0 99
6 19.45 103 157 9 197
5 15.80 1.03 1579 197
4 12.15 1.03 157 9 197 :
3 8.50 0.95 145 8 182
2 N 4.85 0.95 169.6 212
1 0.00 - - - .
t total force on building at floor level
1 force at floor level taken by imndividual frame -
Table A.2 Distribution of Wind Loading Over Height for' Vnnco*lver Buildings
) - 2 - Fx -
. Floor h,m P, kN/m F., kNt e kN 1
Roof 23.10 1.53 1173 147
6 19.45 1.53 ' 234.8 293
. 5 15.80 1.53 234.6 293
- - o 4 12.15 1.53 234.6 293
for 3 8.50 1.42 217.7 27.2
-
5 2 " 4.85 1.42 253 5 31.7
“ 1 0.00 - - - “

t total force on building at floor level
¥ force at floor level taken by individual frame
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Table A.3 Distribution of Earthquake Loading Over Height for Montreal Buildings

. K=0.7 K13
F, F,
Floor homo Wo kN F kNP =%, kN t  F, kNt — kN 1
Roof 23.10 7756.2 261.3 32.7 4853 - 60.7
6 19 45 7729.0 219.1 27.4 406.9 50.9
5 . 1580 7729.0 178.0 22.3 330.6 41.4 /
4 12.15 8062.7 142.9 17.9 265.4 33.2
3 8.50 8062.7 99.9 12.5 185.5 23.2
2 4.85 8224.3 58.2 7.3 108.1 13.6
1 000 - - - - -
1
Sum | 47563.9 959.4 120.1 1781.8 223.0

T total force on building at floor level

1 force at floor level taken by individual frame

Table A.4 Distribution of Earthquake Loading Over Height for Vancouver Buildings

K=0.7 K=1.3
F, F,
Floor h, m W,, kN F, kNt e kN F,, kNT” - kN §

Roof 23.10 7756.2 522.6 65.4 970.6 1214
6 19.45 7729.0 438.2 ° 54.8 813.8 101.8
. 5 15.80 7729.0 356.0 44.6 661.2 82.8
4 12.15 8062.7 285.8 35.8 530.8 66.4
3 8.50 8062.7 199.9 25.0 371.0 «46.4
2 4.85 8224.3 116.4 14.6 216.2 27.2
1 0.00 - 7 - - - -
Sum 47563.9 1918.8 240.2 3563.6 ,446.0

T'total force on building at floor level

I force at floor level taken by individual frame
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Table A.5 Beam Bending Moment (kN'm ) at Joint A(B) Line 2 for Montreal E=1.3 Byildings. Results

e based on 0% Redistribution of Bending Moment due to dead and live loads
- { Floors
No Load Combination Roof 6 5 4 3 2
1 1.25D 142 190 190 186 186 178
2 1.5L 81 103 103 101 101 08
. 3 1.5W 8 20 35 55 69 100
! 4 1.5Q 44 78 115 153 473 215
Y 5 125D + 1.5L 222 293 293 2?7 287 276
6 1.25D + 1.5W 150 210 225 240 255 278
7 1.25D + 1.5Q  * 186 268 305 339 359 393
8 1.25D + 1 050 + 1.08W 204 276 287 295 305 316.
9 1.25D + 1 05L + 1.05Q 229, ' 317 342 363 378 37
1 0.85D + 1.5W 104 149 . 164 181 196 221
11 0.85D — 1.5W 89 - 109 94 72 q’l' 22
12 0.85D + 1.5Q 141 207 244 279 209 336
13 0.85D — 1.5Q 52 51

¢

¢

14 27 46 t).‘?\ ]

" Table A.8 Beam Bending Moment (kN-m ) at Joint (A)B Line 2 for Montreal K=1.3 Buildings. Results
based on 20% Redistribution of Bending Moment due to dead and live loads

Floors e

No Load Combination Roof . 6 5 . 4 3 2
5 1 1.25D L 177 189 189 189 189 189
2 1.5L 104 108 108 109 109 110

3 1.5W ;T 18 31 48 62 83
T 4 1.5Q 36 70 103 135 155 181
5 1.25D + 1.5L 282 207 207 208 208 300
8 Y 1.25D + L5W 184 207 221 237 252 272
7 1.25D + 1.5Q 213 259 292 324 344 370
i 8 1.25D + 1.05L + 1.05W 255 277 287 209 309 325
9 1.25D + 1.05L + 1.05Q 275 314 338 359 374 393
o1 0.85D + 1L.5W 128 146 160 176 191 212

11 '0.85D — 1.5W 14 11 97 81 66 46
12 0.85D + 1.5Q 156 199 231 263 284 310

13 0.85D — 1.5Q 85 58 26 6 27 52

,%‘
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Table A.7" Beam Bending Moment (kN-m ) at Joint B(C) Line 2 for Montreal K=1.3 Buildings. Results

‘ . based on 0% Redistribution of Bending Moment due to dead and live loads
- e ) Floors -

. No Load Combination Roof 6 5 4 3 2
1 1.25D 155 137 137 139 139 143
5 ‘ 2 15L 106 122 122 123 123 125
3 1.5W b 20 . 40 60 84 102
| 4 1.5Q 31 88 181 172 209 225
; 5 1.25D + L.5L 261 259 259 262 262 268
; ({) 1.25D + 1.5W 160 157 176 199 223 245
| 7 1.25D + 1.5Q. 186 223 \_,267 311 347 368
| 8 1.25D + 1.05L + 1.05W - 233 236 250 268 284 302
| 9 1.25D + 1.05L + 1.05Q 251 283 314 345 371 388
| - 1 0.85D + 1.5W 111 113 133 185 179 199

~ 11 0.85D — L5W 100 73 53 34 10 5
) 12 0.85D + 1.5Q 136 179 224 266 303 322
13 0.85D — 1.5Q 75 7 38 77 114 128

Table A.8 Beam Shear Force (kN) at Joint A(B) Line 2 for Montreal K=1.8 Buildings. Results based

]

( on 0% Redistribution of Bending Moment due to dead and live loads
Floors
\\ No. Load Combination * Roof 6 5 4 3 2
1 1.25D 110 125 125 125 125 124
2 L5L 60 66 66 66 66 66
3 1.5W 2 4 8 12 15 21
) 1.5Q 9 17 26 B4 39 46
S 1.25D + 1.5L 170 192 192 191 191 190
- 6 1.25D + 1L.5W 112 130 133 137 140 146
7 1.25D + 1.5Q N 119 143 151 159 163 171
8 1.25D + 1.05L + 1.05W 153 175 177 180 182 185
9 1.25D + 1.05L + 1.05Q 158 184 190 195 198 203
1 0.85D\+ 1.5W 77 90 93 97 100 106
11 0.85D — 1.5W 73 81 78 73 70 63
Q 12 0.85D + 1.5Q 84 103 111 119 123 131
18 0.85D — 1.5Q 65 68 60 51 47 38
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Table A.9 Beam Shear Force (kN) at Joint

‘

e o

(A)B Line 2 for Montreal K=1.3 Buildings. Results based

on 20% Redistributien of Bending Momellt due to dead and live loads
) - Floors -
No ng.d Combination Roof 6 5 4 3 2
1 1.25D 120 127 127 127 127 128
2 1.5L 64 67 87 67 67’ 63 T
\ 3 1.5W 2 4 8 - 12 15 21
4 “1.5Q 9 17 26 34 39 46
5 1.25D + 1.5L 18¢ 194 194 195 194 196
8 1.25D + 1.5W 121 131 134 139 13 M9 g
7 1.25D + 1.5Q . 129 144 152 161 186 174 .
8. 1.25D + 1.05L + 1.O5W 166 177 179 183 1850 . 191 :
9 1.25D + 1.05L+ 1.05Q ¥ 171 186 101 198 201 208
1 0.85D + 1.5W 83 01 94 98 102 108
11 0.85D — 1.5W 80 82 78 74 71 66
12 0.85D + 1.5Q 91 104 112 120 125 133
13 0.85D — 1.5Q 72 69 61 53 7248 a1

i

on 0% Redistribution of Bending

" Table A.10 Beam Shear Force (ki\Td) at Joint B(C) Line 2 for Montreal K=1.3 Buijldings. Results based
oment due to dead and live loads

v

Floors -.

No. Load Combination Roof 6 5 4 3 2

1, 1.25D 104 a5 95 95 95 95

2. 1.5L 79 9% 96 96 96 97

3~ 15W < 2 7 14 2 31 37

4 1.5Q 11 31 48 62 76 82
.5 1.25D + 1.5L 184 191 191 192 192 103

6 1.25D + 1.5“; 106 103 110 117 126 133

7 1.25D + 1.5Q 116 127 143 158 . 171 177

8 1.25D + 1.05L + 1.05W 161 168 173 178 184 189

9 1.25D + 1.05L+ 1.05Q 168 184 196 207 216 221

1 0.85D + L.5W 73 72 79 87 96 102
11 0.85D ~ 1.5W 69 58 51 43 34 28
12 0.85D + 1.5Q . 82 96 112 127 141 147
13 0.85D — 1.5Q 60 34 17 2 11 17

— '
[
; r -
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Table A.11 Exterior Columns Bending Moments (kN-m } for Montreal K=1.3 Buildings

®

Storeys
1 2. 3 4 5 6 -

Load Combination top bot top bot top bot top bot top bot top bot
1 125D 145 81 95 53 95 53 93 53 92 52 T4 41
2 L5L 4 46 52 29 52 29 31 20 50 28 40 22
3 15W 19 4 13 5 20 13 28 .22 33 17 63 95
4 15Q 19 4 48 20 59 50 73 66 80 56 129 198
5 1.25D 4 L5L 150 127 147 82 147 82 144 81 142 80 114 63

6 1.25D + L5W 165 86 108 58 115 66 121 75 126 69 136 136 °
T 7 125D+ 1.5Q -165 868 143 83 154 103 166 118 172 108 203 238
8 1.25D + 1.05L+ 1.05sW 162 116 140 77 145 83 148 38 151 84 146 122
9 1.25D + 1.05L + 1.05Q 162 116 165 94 172 108 180 119 183 111 192 195
10 0.85D + 1.5W 118 %0 78 41 84 49 91 58 98 53 113 123
11 0.85D — 1.5W 80 51 52 31 45 23 38 14 29 18 2 68
12 0.85D + 1.5Q 118 60 118 66 124 86 137 102 142 92 179 226
13 0.85D - 1.5Q 8 51 17 7 6 13 10 30 17 21 78 171

f ) )
~ . /

Table A.12 Interior Columms Bending Moments (kN-m ) for Montreal K=1.8 Buildings

C ’

Storeys
1 2 3 4 5 8
Load Combination top -bot top bot top bot top bot top bot top bot
1 125D 63 35 48 27 48 27 4T 26 46 26 3'{ 20
'2 1.5L T 11 88 46 ° 25 46 25 44 25 44 25 35 19
3 15w 62 46 27 22 43 40 59 53 80 76 95 113 i
4" 1.5Q 62 46 97 85 129 124 154 146 184 181 194 —234 /
5 1.25D + L.5L _75 73 93 52 93 52 91 51 90 51 T2 39
6 1.25D + 1.5W 125 81 75 49 91 66 -105 79 126 16’2 132 133
-7 "1.25D + 1.5Q 125 81 145 112 177 151 201 172 230 207 232 255
8 1.25D + 1.05L + 1.06W 114 94 T 99 60 110 72, 119 81 133 97 128 113
9 1.25D + 1.05L + 1.05¢ 114 94 147 104 170 131 185 146 206 170 198 198
10 0.85D+ 1.5W~ 105 70 60 40 76 58 90 71 111 94 120 127
11 0.85D — 1L.5W 19 22 5 4 11' -22 27 35 48 58 T0 99
12  0.35D + 1.5Q 105 70 129- 103 161 142 1822 163 215 199 220 248
13 0.85D — 1.5Q 19 22- 65 67~ 96 106 122 128 152 163 169 220
|
. / 196
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Table\A}lj] " Exterior Columns Shear Forces (kN) for Mantreal K=1.3 Buildings

) i ' Storeys
1 s 2 3 4 5
Load Combina.tic;n top bot top bot top bot top bot. top bot top bot
1 125D 73 T3 48 48 48 48 48 48 47 47 27 27
2 1L -, - 1 41 36 26 26 26 26 26 26 2. 15. 15
3 15W 7 7 6 6 10 10 15 15 15 15° 35 35
4 1.5Q Y 7T 24 24 33 33 43 43 41 41 12 T2
5 1.25D + L5L T4 114 T4 T4- T4 T4 T4 T4 T3 T3 <42 42
6 125D+ L5W 81 81 54 54 58 58 63 63 62 62 62 62
7 ‘125D + 1.5Q .81 81 M 72 8 8 Bl 91 88 88 93 99
8 125D+ 1.05L+105W 79 107 70° 70 73 73 77 17T T& 76 62 62
9 125D+105L+105Q 79. 107 83 83 89 8 96, 96 94 94 88 88
10 0.85D + 1.5W 57. 57 38 38 43 43 48 48 47 47 53 53
11 085D —15W - 42 42 27 27 23 23 174 17 17 11 1T 17
12 085D+ 1.5Q 57. 57 57 57 68 66 76 .76 73 73 90 90
13  0.85D — 1.5Q 42 42 8 871 1 11 1179 9 54 54
. Table A.14 Interior Columns Shear Forces (kN) for Montreal K=1.3 Buildings
N\ : T . Storeys )
1 2 3 4 b
Load Combination top bot top bot top bot top bot top bot top bot
1 1.25D . 32 32 24 24 24 24 24 24 24 24 14 14
2 15L - 6 34 23 23 23 23 23 23 23 23 13 13
3 LW 35 35 16 16 26 26 36. 36 49 49 46 46
4 15 T, 35 35 58 58 80 8 95 95 115 115 95 95
5 1.25D+ 151 _38 66 4T 47 4T 4T 47 4T 46 46 28 26
6 1.25D + 15W 86 66 40 40 50 50 59 59 73 73 60 60
7 1.25D + 1.5Q 66 66- 82 82 104 104 119 119 139 139 109 109
8 125D+ 1.05L+1.05W 60 8 51 51 58 "58 65 65 74 T4 55 55
9 1.25D+1.05L+1.05Q 60 80 80 80 .96 968 106 106 120 120 89 89
10 0.85D + 1.5W .56 56 32 32 42 42 52 52 65 65 65 65
11 - 0.85D — 1.5W 13 13 1 1 10 10 19 19 33 33 37 37
12 085D+ 15Q - 56 56 T4 T4 96 96 111 111 131 131 104 104
13 0.85D — 1.5Q 13 13 41 41 63 63 T9 79 99 99 86 86
~ | ﬂ‘
X e
&
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Table A.15 Beam Bending Moment (kN-m } at Joint A(B) Line 2 for Montreal K=0.7 Building. Results

@‘ baged, on 0% Redistribution of Bendmg Moment due to dead and live loads <
Floors
No Load Combination Roof 6 5 —Q'i 3 2
1 125D 139 186 186 182 183 175
2 15L 78 100 - 100 08 98 94
» 3 15W 8 19 33 51 64 88
4 15Q 23 39, 58 76 86 102 ’
‘ 5 1.25D + 1 5L 217 286 286 280 281 269 L
6 1.25D + 1.5W 147 205 219 233 247 263
7 7 1.25D + 1 5Q 162 226, 244 258 269 277
8 125D+ 105L + 1 05W 199 269 279 286 206 © 302
9 1.25D + 1.05L +1 05Q 209 284 297 304 311 312
1 0.85D + 1 5W 102 146 160 175 188 207
11 © 0.85D — 1.5W 87 . 108 94 73 60 31
12 0.85D + 1.5Q 117 166 184 200 210 221
13 085D — 1.59 72 87 69 48 38 17
) Table A.16' Beam Bending Moment (kN-m ) at Joint (A)B Line 2 for Montreal K=0.7 Building. Results
\g based on 20% BRedistribution of Bendmg Moment due to dead and live loads
- G Floors
No Load Combination Roof 6 "5 4 3 2 .
D) 1, 125D 184 195 195 196 196 1968
2 1.5L 104 108 . 108 109 109 110
3 LSW 7 17 31 47 61 80
- 4. 1.5Q 19 37 54 71 82 94 0
5 1.25D + 1.5L 288 303 303 304 304 306
6 1.25D + 1.5W 191 213 226 243 257 276
I 7. 1.25D + 1.5Q 203 232 249 267 277 290
. 8 1.25D + 1.05L + 1.05W 261 283 292 ~305 314 329,
P 9 1.25D + 1.05L + 1.05Q 270 297 309 322 329 339
o 1 0.85D +°1.5W 132 150 164 180 194 213
11 0.85D — 1.5W 11q8 115 102 86 . "72 54 p)
12 0.85D + 1.5Q 144 170 . 187 204 215 227
13 0.85D — 1.5Q 106 96 79 62 51 40
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Table A.17 Beam Bending Moment (kN-m ) at Joint B(C) Line 2 for Montreal K=0.7 Building. Results
based on 0% Redistribution of Bending Moment dué to dead and live loads

Floors. -
No. Load Combination Roof 6 5 4 3 2
1 1.25D 149 131 131 133 132 136
2 1.5L 104 119 119 120 120 122
3 15W 6 — 22 42 65 88 11
4 1.5Q 19 49 75 99 118 132
5 1.25D + 1.5L . 252 249 249 252 252 257
8 1.25D + 1.5W 155 152 173 198 221 > M7
° 7 1.25D + 1.5Q. 168 180 205 232 250 208
8 1.25D + 1.05L + 1.05W 225 220 243 262 278 200
9 1.25D + 1.05L + 1.05Q 234 248 268 286 209 313
1 0.85D + 1.5W 107 111 131 155 178 204
11 0.85D — 1.5W 95 68 47 25 2 19
12 0.85D + 1.5Q 120 138 164 189 208 224
.13 0.85D — 1.5Q 82 40 14 9 28 10

" Table A.18 Be

hear Force (kN) at Joint A(B) Line 2 for Montreal K=0.7 Building.

on 0% Redistributidn of Bending Moment due to dead and live loads

Results bhased

~ Floors
No Load Combination Roof l 8 5 4 3 2 )
1 1.25D 109 124 124 124 124 123
2 1.5L o 59 65 85 85 65 65
3 L5W 2 4 8 1 15 20
4 1.5Q 5 9 13 17 20 23
5 1.25D + 155 167 190 190 189 189 188
6 1.25D + 1.5W 111 129 132 135 139 143
7 1.25D + 1.5Q 114 133 137 141 144 146
8 1.25D + 1.05L + 1.05W 151 173 175 177 180 182
9 1.25D + 1.05Lg+ 1.05Q 153 176 179 181 183 184
o 17 - 0.85D+L5W 76 89, 92 96 % 103
11 0.85D — 1.5W 72 80 77 73 70 64
12 "% 0.85D + 1.5Q 79 94 98 101 104 107
13 ¥ 085D~ 15Q 69 76 71 67 65 61
199 ’
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Table A.19 Beam Shear Porce (kN) at Joint (A)B Line 2 for Montreal K=0.7 Building. Besults based

on 20% Redistribution of Bending Moment due to dead and live loads

° Floors
No Load Combination Roof 6 5 4 3. p)
1 1.25D 121 128 128 128 128 129
2 ) 1.5L 64 67 67 67 67 68
3 1.5W 2 4 - 8 11 15 20
4 1.5Q 5 9 13 17 20 23
5 1.25D + 1.5L 185 195 195 196 196 197 -
8 1.25D + 1.5W > 122 132 135 140 143 149
7 1.25D + 1.5Q 126 137 141 146 148 152
8 1.25D + 1.05L + 1.05W 167 178 180 183 186 191
9 1.25D + 1.05L + 1.05Q 169 181 184 188 189 193
1 0.85D + 1.5W ' 84 91 o4 99 102 108,
11 0.85D — 1.5W 80 83 79 76 73 68
12 0.85D + 1.5Q 87 96 100 105 107 111
13 0.85D — 1.5Q 77 78 T4 70 68 65

Table A.20 Beam Shear Force (kN) at Joint B(C) Line 2 for Montreal K=0.7 Building.

-~

on 0% Redistribution of Bending Moment due to dead and live loads

Results based

A [. 4
Floors
No Load Combination éRoof 6 5 4 3 2
1 4 1.25D 104 95 95 95 95 95
2 , 1.5L 78 94 94 94 94 95
3 1.5W ‘ 2 8 15 24 . 32 41
4 1.5Q 7 18 27 36 43 48
5 125D+ 1.5L_ 182 189" 189 190 190 191
6 1.25D + 1.5W 107 103 111 119 128 136
7 1.25D + 1.5Q 111 113 123 131 138 143 °
8 1.25D + 1.05L + 1.05W 160 167 172 178 184 190
9 1.25D + 1.05L + 1.05Q 164 174 180 187 192 196
1 0.85D + 1.5W 73 73 80 ~ 97 105
1 - 0.85D — 1L.5W 69 57 50 41 ﬂ 33
12 0.85D + 1.5Q 78 83 92 161 108 113
13 0.85D — 1.5Q 64 - 38 29 22 17

47
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. Table A.21 Exterior Column Bending Moment (kN-m ) for Montreal K=0.7 Building

I % Storeys

1 2 3 4 5 (U
Load Combination top bot top bot top bot top bot top bot top bat
" 1 125D . - J43 80 94 52 94 52 91 52 91 '51 72 40
2 15L 4 4 50 28 50 28 49 28 49 27 39 21
\\) i 3 15W , 9 2 12 5 18 1225 20 31 19 51 77
4 1.5Q 9 2, 24 15 29 25 38 32 40 32 54 §7
5 125D + L5L ) 146 124 144 80 144 80 140 79 139 79 111 6l
- 6 1.25D + 1.5W 152 82 105 57 111 65 117 72 121 717 123 117
7 125D+ 1.5Q - 152 82 117 67 122 77 127 84 130 83 120 127
8 125D + 1.05L + 1.05W “152 112 137 75 141 80 143 85 146 84 135 109
9 125D+ 1.05L + 1.056Q 152 112 145 82 149 89 151 94 153 93 139 118
10 0.85D + 1L5W 106 57 ‘75 41 81 48 87 55 92 54 100 104
N 11 0.85D — 1.5W . 88 52 52 31 46 23 37 15 31 16 1 50
12 0.85D + 1.5Q X 106 5\7 87 50 93 60 98 67 101 67 106 114
13 0.85D — 1.5Q . ''88 52 40 21 '35 11 2 3 22 3 T 60

—

" hfilTable A.22 Interior Column Bending Moment (kN-m ) for Montreal K=0.7°Building

e
- . Stbreys {
T3 ) 3 7 5 5
Load Combination top bot top bot top bot top bot top bot top bot
1 125D 76 42 54 30 54..30 53 30 53 30 43 24
2 L5L 13 46 51 29 51 29 50 28 50 28 40 22
3 15W . 36 23 30 21 46 40 62 54 82 74 102 132
4 15Q 36 23 56 45 73 68 87 80 101 96 111 147
5 1.25D% 1.5L " .89 88 105 59 105 o9 103 58 103 58 83 46
6 125D + L5W 112 66 84 51 99 70 115 84 134 103 145 166
7 1.25D + 1.5Q 112 66 110 75 126 08 140 110 153 126 154 171
8 1.25D + L.O05L + 1.05W 110 91. 111 65 122 78 132 87 145 101 142 131
9 125D + 1.04L + 1.05Q 110 91 129 =82 141 98 149 108 158 117 149 142
l 10 0.85D + 1.5 88 52 66 42 82 60 98 74 117 94 131 148
11  0.85D — 1.5W 16 6 7 1 9 19 26 33 48 53 73 110
12 0.85D + 1.5Q 88 52 92 66 109 88 123 101.136 116 141 163
13 0.85D — 1.5Q 16 6 9 ‘25 36 47 51 60 65 76 82 131
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Table A.23 Exterior Column Shear Force A’V) for Montreal X=0.7 Building
&

Storeys

1 2 3 4 5 6
Load Combymt.ion top bot top bot top bot -top Dot top bot top bot
sl 1.25D7 72 T2 4T 4T 47 47 47 47 47 47 26 26
‘ 2 1.5L 1 40 25 25 25 25 25 25 25 25 14 14
. 3 15W 4 4 5 5 9 9 14 14 15 15 28 28
4 15Q 4 4 12 12 17 17 21 21 22 22 32 32
f 65 1.25D + 1.5L 72 112 72 72 72 72‘ 72 72 71 71 41 41
6 125D +15W 75 75 52 52 56 56 61 61 62 62 55 55
7 1.25D + 1.5Q -75 75 59 59 64 64 68 68 68 68 58 58
8 1.25D + 1.05L + 1.05W T 75 102 68 68 T1 71 T4 74 75 75 56 56
9 125D+ 105L+105Q 76 102 73 73 76 76 79 79 719 179 59 59

10 0.85D + L.5W 52. 52 37 37 41 41 46 46 47 47 46 46
11 0.85D — 1.5W 45" 45 27 27 23 23 18 18 17 17 10 10
12 0.85D + 1.5Q © 52 52 —44 44 49 49 53 53 53 53 50 50
1£ 0.85D — 1.5Q A5 45 20 20 16 16 11 11 10 10 14 14
Table A.24 Interior Column Shear Force (kN) for Montreal K=0.7 Building
¢ Storeys

1 2 3 1 5 6
Load Combination top bot top bot top bot top bot top bot top bot
1 1.25D 38 38 27 27 27 2T 27T 2T 2T 27 16 16
2 1.5L 6 41 26 26 26 26 26 26 26 26 15 15
3 15W i 19 19 18 16 27 27 37 37 49 49 53 53
4 15Q ’ 19 19 32 32 44 44 53 53 62 62 58 58
5 1.25D + 1.5L _44 79 B3 53 53 53 53 53 53 53 30 30
6 125D + 1L5W 57 57 43 43 54 54 64 64 76 76 68 68
7 125D + 1.5Q 57 57 59 59 71 71 81- 8 89 89 74 T4
8 125D+ 1.05L+ 1.05W 56 80 57 57 64 64 71 71 79 T9 63 63
9 125D+ 105L+1.05Q 56 80 63 68 76 76 83 83 89 89 . 67 67
10 0.85D + 1.5W , 45 45 35 35- 45 45 56 56 68 68 63 63
11 085D — 1.5W 7 7 2 2 9 9 18 18 31 31 42 42
12 0.85D + 1.5Q 45 45 51 51 63 .63 72 T2 81 81 69 69
13 0.85D — 1.5Q -7 7 14 14 36 26 35 35 44 44 48 48

\ ° - i .
\ .
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Table A.25 Beam Bending Moment (kN'm ) at Joint A(B) Line 2 for Vancouver K=1.3 Buildings.

l Results based on 20% Redistribution of Bending Moment due to dead and live loads
l Floors \
, No Load Combination Roof 6 5 4 3 2
1 1.25D 129 163 163 160 160 156
2 1.5L 72 87 87 86 86 84
3 1.5W 12 28 50 77 98 133
4 1.5Q 87 149 218 291 . 328 387
5 1.25D + 1.5L 200 250 250 246 247 240
6 1.25D + 1.5W 141 191 213 238 259 289
7 1.25D + 1.5Q 216 312 381 451 489 543
8 1.25D + 1.05L + 1.05W 187 243 259 275 289 308
9 1.25D + 1.05L + 1.05Q 240 328 . 377 424 451 486
1 0.85D + 1.5W 100 139 161 186 207 239
) v 11 0.85D — 1.5W 75 82 61 32 11 27
12 0.85D + 1.5Q 175 260 329 400 438 493
13 v 0.85D — 1.5Q 1 39 108 182 219 281

¢ .3

" Table A.26 Beam Bending Moment (kN-m ) at Joint (A)B Line 2 for Vancouver K=1.3 Buildings.
- Results based on 20% Redistribution of Bending Moment due to dead and live loads

A

. Floors
? No Load Combination Roof 6 5 4 3 2
1 1.25D 176 189 189 189 189 189
’ 2 1.5L\ 101 105 105 105 105 107
3 L5W 1 26 46 70 91 118
4 1.5Q 73 139 201 265 305 341
5 1.25D +1.5L 277 294 294 294 294 296
6 1.25D + 1.5W 187 215 235 259 280 305
7 1.25D + 1.5Q 260 388 390 454 494 530 O
' . 8 1.25D + 1.0sL + LOSW 255 280 204 312 327 345
i 9 1.25D + 1051 + 1.05Q 208 359 403 448 476 502
. 1 0.85D + 1.5W 131 155 174 199 220 244
11 0.85D — 1.5W 109 103 83 59 37 13
12 0.85D + 1.5Q 193 267 - %329 304 433 4690
13 0.85D — 1.5Q 47 10 72 137 176 212
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Table A.27 Beam Bending Moment (kN-m ) at Joint (B)C Line 2 for Vancouver K=1.3 Buildings.
Benults based on 20% Redistribution of Bending Moment due to dead and live loads

Floors
No Load Combination Roof s & 5 4 3 2
1 1.25D 117 104 104 105 105 107
o 2 1.5L 80 94 94 95 95 96
3 L.5W 10 32 61 94 129 153
4 1.5Q 71 179 269 356 428 453
5 1.25D + 1.5L 197 198 198 200 200 204
- * 6 1.25D + 1.5W 127 136 165 199 234 260
7 1.25D + 1.5Q. 188 233 372 461 533 560
- 8 1.25D + 1.050 + 1.05W 180 192 212 237 262 282
9 1.25D + 1.05L + 1.05Q 223 295 358 421 471 492
1 0.85D + 1.5W 89 102 132 165 200 226
' 11 0.85D — 1.5W 70 39 10 22 57 80
12 0.85D + 1.5Q 150 250 339 428 499 526
.13 0.85D — 1.5Q 9 109 198 285 358 380
-
o {
. Table A.28 Beam Shear Porce (i:N at Joint A(B) Line 2 for Vancouver K=1.3 Buildings. Results
( baged on 20% Redistribution of Bending Moment due to dead and live loads
Flraors
No Load Combination  ° Roof 8 ¢« B 4 3 2
1 1.25D 107 122 122 121 121 121
2 1.5L 58 64 64 64 64 64
3 1L.5W 3 6 11 17 , 22 29
4 1.5Q 19 34 49 65 74 - 85
5 1.25D + 1.5L 166 186 186 186 186 185~
8 1.25D + 1LEW 110 128 133 139 144 150
7. 1.25D + 1.5Q 126 156 171 187 196 206
8 1.25D + 1.05L + 1.05W 150 171 175 178 182 186 N
9 1.25D + 1.05L + 1.05Q 161 190 201 212 218 225
° ® 1 0.85D + 1.5W 76 89 94 100 -105 1118
11 0.85D — 1.5W 70 .76 72 65 60 53
12 0.85D-+ 1.5Q 92 117 132 148 157 168
13 0.85D — 1.5Q 54 49 34 17 8 3
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Table A.29 Beam Shear Force (kN) at Joint (A)B Line 2 for, Vancouver K=1.3 Buildings. Results

1 based on 20% Redistribution of Bending Moment due to dead and live loads
‘ ) Floors
No Load Combination - Roof 6 % 4 3 2 -
1 ~1.25D 122 130 130 181 131 131
2 1.5L 66 69 69 69 69 70
3 1.5W : . 3 6 11 17 22 29
4 .1.5Q . 19 34 49 85 . T4 85
5 " 1.25D +1.5L 188 199 199 200 199 201
6 1.25D + 1.5W 125 137 142 148 153 160
7 1.25D + 1.5Q . 141- 164 179 196 205 217
, 8 1.25D + 1.05L + 1.05W 170 183 186 191 194 ~ 200
9 1.25D + 1.05L + 1.05Q 181 202 213 225 7231 240
1 0.85D + 1.5W 86 95 100 106 111 118
! - 11 0.85D — 1L.5W . 80 82 (i 72 87 60
- 12 0.85D + 1.5Q 102 122 138 154 163 175
.13 0.85D — 1.5Q 64 55 39 24 15 4
° [~}

€9

" Table A.30 Beam Shear Porce (kN) at Joint B(C) Line 2 for Vancouver X=1.3 Buildings. Results
based on 20% Redistribution of Bending Moment due to dead and live loads .
o Floors

No. Load Combination Roof 8 5 .4 3 2

* 1 1.25D 104 95 95 95 95 95

2 1.5L ik 04 94 94 94 05

3 1.5W 3 12 22 34 47 56

4 1.5Q - 26 85 08 130 156 165

5 1.25D + 1.5L 181 189 189 190 190 190

6 1.25D + 1.5W 108 107 118 129 142 151

7 1.25D + 1.5Q %130 161 193 225 251 260

’8 1.25D + 1.05L + 1.05W 161 169 176 185 194 201

, 9 1.25D + 1.05L + 1.05Q 176 207 229 252 270 277
1 0.85D + 1.5W ' 74 76 87 99 112 120

‘ 1  0.85D — 1.5W © 68 53 . 43 31 . 18 9
12 0.85D + 1.5Q ' 97 130 163 194 220 230
13 0.85D — 1.5Q 45 0 33 65 91 ~ 100

@7 a
r.‘
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\fable A.31 Exterior Column Bending Moment (kN-m) for Vancouver K=1.3 Buildings

Storeys
1 2 3 4 5 5]
Load Combination top bot top bot top bot top bot top bot top bot
1 125D . 163 91 101 57 101 57 100 56 99 56 80 44
2 1.5L 7 50 54 30 54 30 53 30 353 30 43 24
.3 1L5W .38 2 21 5 .29 16 41 20 49 21 82 146
4 1.5Q ¢ 38 2 101 49 116 89 143 123 153 103 -225 411
5 1.25D + 1.5L 169 141 156 87 156 87 153 86 152 86 123 67 _
6 1.25D + 1.5W 201 93 122 62 131 ¢¥¢3 141 85 148 77 162 180
7 1.25D + 1.5Q 201 93 202 106 217 145 243 179 252 159 305 454
8 1.25D+1.05L+1.05W 1904 128 154 81 160 83 166 98 170 92 167 163,
9 1.25D + 1.05L + 1.05Q 194 128: 210 112 220 140 237 163 243 149 267 348
10 0.85D + 1.5W 149 64 90 43 98 54 109 67 116 59 138 176
11 0.85D — 1.5W 727 60 48 34 40 23 26 9 18 17 28 116
12 0.85D + 1.5Q 149 64 170 88 185 127 211 161 220 141 279 440
13 0.85D — L.5Q 72 60 32 11 47 50 76 84 86 66 170 381

Table A.32 Interior Column Bending Moment (kNIm ) for Vancouver K=1.8 Buildings

R

- Storeys
R 1. 2 3 4 5 6
Load Combination top bot top bot top bot top- bot top bot top bot
1 1.25D 69 39 51 28 51 28 50 28 49 %;8 40 22
2 L5L 19 43 50 28 50 2 8 27 48 7 38 21
3 1.5W 135 89 43 31 67 58 9 78 121 113 133 174
4 1.5Q 135 89 202 165 265 248 3 200 371 365 364 487
5 1.25D + 1.5L 88 82 100 56 100 56 8 55 97 55 78 43
6 1.25D + 1.5W 204 127 94 59 117 87 140 106 171 141 173 196
7 1.25D + 1.5Q 204 127 253 193 315 277 365 318 421 392 404 509
8 1.25D 4+ 1.05L + 1.05W 177 131 116 69 132 88 147 102 168 126 160 159
9 125D+ 1.05L + 1.05Q 177 131 227 163 271 222 '304 250 343 302 322 378
10 0.85D,+ 1.5W 182 115 78 50 101 78 124 097 155 132 160 189 -
11 0.85D — L.5W 88 62 9 12 32 39 57 59 88 94 106 159
12 0.85D + 1.5Q 182 115 236 184 299 268 349 309 405 384 391 502
13 0.85D ~ 1.5Q‘ 88 62 168 146 230 229 281 271 338 346 337 472
]
e
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Table A.38 Exterior Column Shear Force (kN) for Vancouver K=1.3 Buildings

3 _ ”

*Storeys —]
1 2 3 1 6 ‘
\ Load Combination : top bot top bot top bot top bot top bot top bot .
. 1 1.25D 82 82 51 51 51 51 51 51 51 51 20 29
2 L5L 0 45 2T 27 27 21 27 27T 27 2T 16 16 *
3 1.5W 11 11 8 8 14 14 22 22 21 21 51 51 '
’ 4 15Q . 11 11 47 47 ,63 63 83 83 78 78 142 142
5\ 1.25D + 1.5L 82 127 78 78 78 78 78 78 78 18 45 45
. 08 125D+ 1.5W 93 93 59 59 65 65 73 73 72 72 80 80
’ 7 125D + 1.5Q - 93 93 98 93 114 114 134 134 129 129 172 172
8 125D+1.05L+1.05W 90 121 76 76 80 80 86 86 84 84 76 76 .
9 125D+ 105L+1.05Q 90 121 103 103 114 114 128 128 124 124 0 140
10 0.85D + 1.5W 67 67 43 43 49 49 57 57 56 56 11 T
" 11 0.85D— 1L5W 44 44 27 27- 21 21 13 13 13 13 31 31
’ 12 0.85D + 1.5Q 67 67 82 82 98 98 118 118 113 L8 162 162
- 13 0.85D — 1.5Q 44 44 13 13 29 29 48 48 44 44 123 123
\ o
- 3
% Table A.34 Interior Column Shear Force (kN) for Vancouver K=1.3 Buildings
Storeys
) : 1 2 3 .4 6
Load Combination top bot top bot top bot top—bot top bot top bot
1 125D %F 35 35 25 25 25 25 28 286 25 25 15 15
2 15L 9 39 25 25 25 25 25 25 25 25 14 14
3 15W 72 72 24 24 40 40 54 54 T4 74 69 @9 o
4 15Q 72 72 117 117 187 162- 193 193 234 234 192 192
5 125D + 1.5L _44 T4 50 50 50 50 50 50 650 50 20 29
6 125D + 1.5W 106 1086 49 49 65 65 79 79 100 100 84 84
7 125D + 1.5Q 106 106 142 142 188 188 219 219, 259 250 206 208
8 1.25D + LOSL+1.05W 91 115597 59 71 71 80 80 95 95 73 73
9 125D+ 1.05L +1.05Q 91 112 125 125 156 158 178 178 206 208 159 159
10 0.85D + 1.5W 95 95 41 41 57 57 71 71 92 92 79 79
! 11 0.85D — 1L.5W 48 48 6 6 22 22 36 36 57 57 59 59
12 0.85D 4+ 1.5Q 95 95 134 134 180 180 211 211 251 251 202 202 °
13 0.85D — 1.5Q 48 48 99 99 145 145 176 176 217 217 182 182
3
‘ . - v
. .
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Table A.35 Beam Bending Moment (kN-m ) at Joint A(B) Line 2 for Vancouver K=0.7 Building.

c Results based on 0% Redistribution of Bending Moment due to dead and live loads
. Floors

No Load Combination Roof 8 5 4 3 2

1 o 1.25D 139 186 186 182 183 175
. 2 1.5L 78 100 100 98 98 94

3 15W 11 28 49 75 96 131
4 1.5Q ) 45 79 115 152 172 205
5 1.25D + 1.5L \ 217 286 286 280 281 269
6 1.25D + 1.5W 150 214 235. 257 278 306 )
7 1.25D + 1.5Q. 184 265 302 334 . 355 379
8 1.25D + 1.05L + 1.05W 201 276 291 303 318 333
9 1.25D + 1.05L + 1.05Q 225 311 337 357 372 384

"1 0.85D + 1.5W 108 155 176 .199 220 250

11 0.85D — 1.5W 83 99 78 49 29 12

12 0.85D + 1.5Q 140 206 242 276 296 323 -t

13 0.85D — 1.5Q 49 48 12 28 48 36

e}

I

~ Table A.36 Beam Bending Moment {(kN-m ) at Joint (A)B Line 2 for Vancouver K=0.7 Building.

( Results based on 20% Redistribution of Bending Moment due to dead and live loads
) , Floors -
' No Load Combination Roof 6 r 5 4 3 2
1.25D 184 195 195 196 196 196
- 2 1.5L 104 108 108 109 109 110 B
3 1.5W 10 26 46 70 91 119y
4 1.5Q 39 74 108 143 164 188
“ 5 1.25D + 1.5L 288 303 303 304 304 306
6 1.25D + L.5W 194 221 241 266 286 315
ki 1.25D + 1.5Q 222 270 _ 304 338 359 384
o - 8 1.25D + 1.05L + 1.05W 264 289 303 321 335 357
9 1.25D + 1.05L + 1.05Q *283 323 347 371 386 405 )
E 1 0.85D + 1.5W 135 159 179~ 203 224 252 B
| 11 0.85D — 1.5V§’ 115 107 87 -- 6? 4? 15 '
" . 12 0.85D + 1.5Q 164 207 241 276 297 321
13 0.85D — 1.5Q 86 58 24 10 31 54
- ! a
»
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Table A.37 Beam Bending Moment gN-m } at Joint

SB)C Line 2 for Vancouver K=0.7 Building.

Results based on 0% Redistribution of Bending Moment due to dead and live loads
Floors

No Load Combin;.tion Roof 6 "5 'y 3 2
1 1.25D 149 , 131 131 138 132 136
2 1.5L 104 119 119 120 120 122
3 1.5W 9 32 62 97 132 166
4 1.5Q 38 98 149 198 236 204
5 1.25D + 1.5L 252 249 249 252 252, 257
6 1.25D + 1.5W 158° 183 193 229 264 301
7 1.25D + 1.5Q 187 229 280 331 368 100
8 1.25D + 1.05L + 1.05W 2928 236 258 284 308 337
9 1.25D + 1.05L + 1.05Q 248 283 318 355 381 108
T 0.85D + 1.5W 110 121 & 151 187 222 258

11 0.85D — 1.5W 92 57 27 6 41 73

12 0.85D + 1.5Q 139 187 238 289 326 350

13 0.85D — 1.5Q 63 9 60 108 146 172

oment due to dead and live loads

\

»

" Table A.38 Beam Shear Force (kN) at Jt{\ t A(B) Line 2 for Vancouver K=0.7 Bunlding Results based
on 0% Redistribution of Bending

L1

l Floors
No Load Combination Roof 6 6 4 3 2
1 1.25D 109 124 124 124 124 123
2 1.5L 59 65 65 65 , 85 ( 65
. \
3 1.5W 3 6 11 17 22 29\
4 1.5Q 10 18 26 35 39 46
5 1.25D + 1.5L 167 190 190 189 189 188
6 1.25D + 1.5W 111 131 135 141 146~ 182
7 1.25D + 1.5Q 119 142 151 158 163 189
8 1.25D + 1.05L + 1.05W 152 174 178 181 . 185 189
9 1.25D + 1.05L + 1.05Q 157 183 ‘188 194  "197 200
1 0.85D + 1.5W 77 91 96 101 106 113
11 0.85D — 1.5W 72 78 73 67 .62 54
12 0.85D + 1.5Q 84 103 111 119 124 130
13 0.85D — 1.5Q 64 87 58 50 48 38
:
i
!
J—?‘?gm .
B :\.
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Table A.39 Beam Shear Force (kN) at Joint (A)B Line 2 for Vancouver X=0.7 Buﬂdmg Results based

‘ on 20% Redxstnbutxon of Bending Moment due to dead and Live loads
' . Floors
No Load Combination | Roof 6 5 4 3 2
1 1.25D . 121 128 128 128 128 129
2 1.5L ¢ 64 67 N, 67 67 68
3 1.5W - 3 8 11 17 22 29
4 1.5Q 10 18 26 35 39 46
5 1.25D + 1.5L \&85 195 195 196 196 197 -
6 1.25D+ 1.5W ] 123 134 139 145 150 159
7 1.25D + 1.5Q 131 146 154 163 168 175
8. 1.25D + 1'05L + 1.05W 167 179 182 187 191 197
s 9 1.25D + 1.05L 4 1.05Q 172 187 193 200 ° 203 209
1 0.85D + L.5W 85 93 - 98 104 109 117
. 11 0.85D — L5W . 80 81 76 70 65 59 -
12 0.85D + 1.5Q 92 105 113 122 127 134
: 13 0.85D — 1.5Q .2 69 61 53 48 42
Table A.{0 Beam Shear Force {kN) at Joint B(C) Line 2 for Vancouver K=0. 1 Building. Results based
( on 20% Bedistribution of Bending M‘gment due to dead and live loads o
] Floors
No Load Combination Roof 8 5 4 3 2
1 1.25D 104 95 95 95 95 = 95
\ 2 _L5L 78 94 o4 94 94 95
3 1.5W ' 3 12 23 35 48 60
- 4 1.5Q . 4 36 54 72 86 96
5 1.25D + L5L 182 189 189 190+ 190 191
6 1.25D + 1L5W 108 107 118 131 143 156
7 1.25D + 1.5Q - 118 131 150 168 181 191
8 1.25D + 1.05L + 1.05W 161 169 177 186 195 204
9 _1.25D + 1.05L + 1.05Q 169 188 199 212, 222 229
1 0.85D + 1.5W T4 77 - 8. 100 113 125
11 0.85D — 1.5W 68 53 42 30 17 5
- 12 0.85D + 1.5Q 85 101 119 137 151 161 *
13 0.85D — 1.5Q 57 29 11 7 21 31
: ‘ . \
@
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Table A.41 Exterior Column Bending Moment {kN-m ) for Vancouver K=0.7 Building

x_ ~ Storeys ’

( 1 2 3 4 5 8
- Load Combination top, bot top bot top bot top 'bot top bot top bot .
1 125D - 143 80 94 52 94 52 91 52 9Ol 51 T2 40
- 2 15L 6 44 50 28 50 28 49 28 49 27 39 21
3 L5W 19 5 17 -7 26 18 37 30 46 204 75 115
- 4 15Q 1 19 5 47 30 58 49 T2 65 80 63 113 174
5 1.25D + 1.5L 148 124 144 80 144 80 140 79 130 79 111 61
6 1.25D% 1.5W 161 84 111, 60 120 71 120 81 136 80 148 155
7 125D + 1.5Q _161 84 141 82 151 102.163 116 170 1Y 185 214
' 8 1.25D+1.05LQ1.05W'1_¢30 114 141\ 77 147 85.152 92 157 9O0 153 135 .
J 9 125D+ 1.05L +1.05Q 160 114 162 93 160 108 176 116 180 - 115 179 177
10 0.85D,+ L5W 116" 59 81 43 00 54 100 65 107 64 125 142
© 11  0.85D — 15W 79- 50 47 28 37 17 25 6 16 6 26 88
= 12 0.85D + 1.5Q 116 59 111 65 121 85 134 100 141 98 162 20l
13 0.85D — 1.5Q 79 50 17 6 6 14 10 30 18 20 64 147
' b -
] -
- ) Table A.42 Interior Column Bending Moment (kNm ) for Vancouver K=0.7 Building .
<5 Storeys
* 1 2 3 4 5° , 8
Load Combination & top bot top bot top bot top bot top bot top bot
1 125D 76 42 54 30 54 30 53 30 53 30 43 24
> 2 15L 19 46 51 29 51 29 50 28 50 28 40 22
‘ 3_15W , 72 46 44 32 68 59 92 80 122 110 152 196
4 15Q 72 46 112 91 145 138 173 160 '201 192 223 205
5 1.25D + L.5L 95 88 105 59 105 59 103 58 103 58 83 46 -
6 1.25D + 1.5W 148 89 98 62 122 89 146 110 174 139 195 220 .
7 125D + 1.5Q , 148 80 166 121 199 166 227 190 254 222 266 318

8 125D+ LOSL+ 1.05W 140 107 121 72 137°%01 153 106 173 126 -177 176
"9 125D+ 1.05L+ 1.05Q 140 107 168 114 191 145 210 162 228 184 227 245

10 0.85D + 1.5W 124 75 81 52 104 79 129 _100 157 _130 181 212
11  0.85D — 1.5W 21 18 8 11 31 38 56 59 86 89 123 .80 .
‘ 12 0.85D + 1.5Q 124 75 148 111 182 156 210 181 237 212 252 311 <
13  0.85D — 1.5Q 21 18 75 70 108 115 137 14‘0: 165 172 104 279
211
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Table A.43 Exterior Columm Shear Porce (kN) for Vancouver K=0.7 Building

) [}
| ‘ . r
| . Storeys : .

1 2 3 : 4 5 ‘@ 6
: ) Load Combination * .top bot top bot top bot top bot top bot top bot
1 1.25D 72 72 47, 4T 4T 47 4T 47 47 47 26 28
2 L15L f 1~ 40 25 25 25 25 25 25 25 25 14 14
- 3 13W ’ 7 7 8 8 “ 14 14 21 21 22 22 -42 - 52
4 1.5Q ” 7 7 24 24 33 33 42 42 44 4 63 63
’ . 5 125D + 1L.5L 73 112 72 72 72 72 72 72 .71 71 41 41
- 6 125D + 1.5W 79 79 %55 55 61 81 68 68 69 69 69 69
"7 125D + 1.5Q .79 79 T1 T1 80 80 89 89 90 90 90 N 90
\ 8 125D+ 1.05L+105W 78 105 7¢ 70 74 174 79 79 80 80 -66 60
9 125D+ 1.05L+1.05Q 78 105 81 81 88 88 94 94 94 94 81 81
10 0.85D + 1“.5W 56 v 56 40 40 46 46 53 53 54 54 60 60
' ! 11 0.85D ~— 1.5W 42° 42 24 24 18 18 11 11 9 9 24 24
: 12 0.85D + 1.5Q 56 56 56 56 65 65 T4 T4 75 75 81 81
. 013 0.85D — 1.5Q 42 42 8 8 1 1 11 11 12 12 45 45
B ,
{
‘ ‘ Table A.d4 Interior Column Shear Force (kN) for Vancouver K=0.7 Bul,ldmg
, Storeys
. . 1 2 3 4 5 6
Load Combination top bot top bot top bot top bot top bot top bot
. 1 125D 38 38" 27 27 27 " 21 27 27 27T 27 16 16
2 15L 3 9 41 26 26 26 26 26 26 26 26 15 . 18
3 1L5W 38 38 24 24 40 40 55 55 73 T3 719 79
4 1.5Q 38 38 64 ‘64 89 89 107 107 125 125 117 117
5 1.25D + 1.5L 147 79 53 53 53 53 53 53 53 53 30 30
¢ 6 1.25D + 1.5W ' 76 76 51 51 67 67 82 82 100 100 94 94
7 1.25D + 1.5Q 76 76~ 91 91 116 116 134 134 152 152 132 132
. '8 1.25D+1.05L+1.05W 71 "94 62 62 73 73 84 84 96 96 81 81
9 125D+ 1.05L+1.05Q 71 94 90 90 107 107 120 120 132 132 107 107
10 0.85D + 1.5W‘ 64 64 43 43 58 58 73 73 - 92 92 89 89
_ 11 085D - 1.5W 12 12 6 6 22 22 36 36 55 ’55 68 68
12 035D + 1.5Q 64 64 83 83 107 107 125 125 143 143 127 127
13 = 0.85D — 1.5Q 12 12 46 46 70 70 88 88 106 106" 106 106
. ¥ " ) i
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Table A.45 Lateral deﬂecti;m en¥elope under specified
earthquake and wind load , mm, Montreal Buildings

Floor " K=07 K=13
Roof~ 12.0 23.0
6 L 110 “21.0
5 10.0 19 0 B
4 80 150
3 6.0 11.0
2 4.0 80
1 - - i

-

Table A.46 Lateral deflection envelope under specified
earthquake and wind load , mm, Vancouver, Buildings

Floor K=0.7 K=1.3 ,
Roof 250 43.0
6 23.0 40.9
pe 5 20.0 350
4 16.0 29.0 ’
3 120 21.0
2 7.0 12.0
1, - -
A
.
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